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PREFACE 

The School of Civil Engineering of Suranaree University of Technology extends a very warm welcome to all 

participants of the International Conference on Advances in Civil Engineering for Sustainable Development 

(ACESD 2014). The conference is being held at Suranaree University of Technology, Nakhon Ratchasima, 

Thailand, during 27-29 August 2014 to commemorate the 20th anniversary of its foundation in 2014. ACESD 

2014 is an international interdisciplinary conference covering practice, research and development in field of 

civil and infrastructure engineering.  

The conference aims at creating a forum for scholars, engineers, and researchers from around the world to 

exchange experiences and new ideas face to face, to establish business or research relations and to find global 

partner for future collaboration. The conference is for scholars and professionals of the fields of Soil behavior 

and Foundation Engineering, Pavement Technology, Ground Improvement Techniques, Rock Mechanics, 

Construction Materials, Numerical Method for Civil Engineering Applications, Water Supply and Water 

Resource Management, and Sustainable Technology. All the conference papers were accepted after a double 

blinded peer review process. In addition to conference papers, there are 8 keynote lectures and 12 invited 

lectures from well-known and distinguished researchers, which are included in the first volume of the 

proceedings. This conference also provides a special session on “Ground Improvement Techniques : Research 

and Development” which is sponsored by the Thailand Research Fund under TRF Senior Research Scholar 

program Grant No. RTA5680002. This session includes recent research works by Prof. Suksun Horpibulsuk 

(a TRF Senior Scholar in 2013)’s research team, conducted during August 2013 to August 2014. 

The conference is supported by a large number of individuals and organizations without which this conference 

would not have been possible. Many SUT administrators, faculties, staff and students play an important role 

in the success of the conference, so we would like to take this opportunity to express our sincere gratitude and 

highest respect to them all. We are grateful to the very generous support of our esteemed sponsors; namely, 

the Thailand Research Fund, Metropolitan Waterworks Authority of Thailand, SEAFCO Public company 

Limited, Electricity Generating Authority of Thailand, TPI Polene Public Company Limited, The Concrete 

Products and Aggregate Company Limited, Pruksa Real Estate Public Company Limited, SYNTEC 

Construction Public Company Limited, TENCATE GEOSYNTHETICS (Thailand) Company Limited, 

CeTeau (Thailand) Company Limited, VIGOR MERGER Company Limited, Soil Testing Siam Company 

Limited and WE CUBE 888 Company Limited. 

We do hope all participants will have a technically rewarding experience, and use this opportunity to meet old 

friends and make many new friends and do not miss the opportunity to explore Nakhon Ratchasima, and other 

cities in Thailand. We wish all participants enjoy truly ASESD 2014 for its high quality of papers, excellent 

conference venue and local arrangements, as well as the vibrant Thai cuisine, scenery, culture and history.  

Prof. Suksun Horpibulsuk 

Chairman of organizing committee 

August 2014 
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1 INTRODUCTION 

Vertical cut-off wall is an effective technique for 
mitigating transport of contaminants (D’Appolonia 
1980; Al Tabbaa et al. 2009; Hong et al. 2011).Soil-
bentonite backfills are widely used in constructing 
cut-off walls to impede groundwater flow and advec-
tive contaminant transport because of its remarkable 
low permeability and cost-effectiveness. However, 
literature studies have shown that when exposed to 
contaminants including heavy metal and organic 
contaminants, soil-bentonite mixture tends to form a 
flocculated structure, leading to an increase in per-
meability while decrease in performance of mitigat-
ing contaminants, thus destroying its effectiveness as 
barriers for contaminants (Shackelford et al. 2000; 
Jo et al. 2005; Katsumi et al. 2008). The contraction 
of double layer, which result from cation exchanges 
between polyvalent cations in contaminants and 
monovalent cations on clay particles surface, was re-
sponsible for structure changes of bentonite parti-
cles. Increasing bentonite content may decrease the 
permeability of soil-bentonite mixture. Due to its 
high liquid limit and swelling property, however, 
higher bentonite content would easily result in diffi-
culty in obtaining a homogeneous mixture of in-situ 
soil and bentonite. 

One method of clay structure alteration is the use 
of additives. Phosphate dispersants can be added to 
the soil-bentonite mixture to maintain a dispersed 
structure and homogeneous. Phosphate interacts with 
the clay particle surface mineral alters the surface 
properties of the particle, and hence forces between 
the particles (Lagaly 1989).  

Clay particles present a different charge density 
between the basal surfaces (generally negatively 
charged) and the edges of the particles (positively 
charged below the isoelectric point, which is usually 
detected around the neutral pH region); hence, face-
to-edge electrostatic interactions take place, which, 
combined with the attractive van der Waals forces, 
produce particle aggregation and, consequently, flocs 
formation; in this condition, the particles are assem-
bled in a so-called ‘card house’ structure (Van Ol-
phen 1997). The addition of dispersants to clay sus-
pensions affects the particle surface charge by 
favoring repulsion among the particles until the satu-
ration adsorption limit of the dispersing agent is at-
tained. This occurs in correspondence to a critical 
dispersant concentration. As a result, electrostatic 
stabilization takes place. Moreover, the employment 
of phosphate dispersants induces a mechanism of 
particle stabilization, which results from steric inter-

Effects of Phosphate Dispersants on the Sedimentation and Viscosity 
Behaviors of Soil-Bentonite Backfills 

Y. L. Yang, Y. J. Du, R. D. Fan & Z. B. Chen 
Southeast University, Nanjing, China

ABSTRACT: Soil-bentonite vertical cutoff wall is widely used to control the transport of contaminants. When 
exposed to heavy metals, soil-bentonite mixtures tend to form flocculated structures, which would considera-
bly increase its permeability and weaken its performance. Phosphate dispersants can be used to alter the floc-
culated structure and subsequently enhance the containment performance of the soil-bentonite verticall cutoff 
walls. The purpose of this study is to investigate the effects of addition of phosphate dispersants on the struc-
ture of soil-bentonite backfill with various bentonite contents, over a wide range of phosphate content. The 
designed bentonite contents are 0, 5, and 10%, and the contents of the phosphate dispersants are 0, 0.01, 0.05, 
0.1, 0.5, 1, 1.5, and 2%, respectively. Both are based on the dry-weight of the soil-bentonite mixture. The sed-
imentation tests and viscosity measurements are conducted to determine the change in the structure of back-
fill-dispersant mixture with respect to the dispersant contents. The results show that settlement volume and 
apparent viscosity of the soil-bentonite mixture decrease with an increase in the dispersant contents. The ob-
servation is attributed to the elevated repulsive force between clay particles. The results demonstrate that the 
optimum range of dispersant content can be preliminarily estimated from a combined measurement of settle-
ment volume and viscosity. 
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actions combined with electrostatic repulsions (Nap-
per 1983). 

Sedimentation test was widely used for observing 
the soil fabric of clay minerals in aqueous environ-
ment. Mechanisms controlling the changes in the 
engineering behavior thereby can be explained based 
on the observed soil fabric. Sedimentation test pro-
vides a simple method to obtain a reasonable predic-
tion of soil fabric (Wang and Siu 2006a,b). 

Viscosity refers to extent of shear deformation re-
sistance ability produced by non-Newtonian flow 
under flow state, stands for mobility of bentonite 
slurry, and is useful in preliminary evaluating disper-
sion degree of soil-bentonite mixture and determin-
ing an optimum content of dispersants. A higher ap-
parent viscosity of mixture indicating stronger 
resistance ability to shear deformation and worse 
dispersibility, on the contrary, the better dispersibil-
ity. The addition of dispersant modifies dispersibility 
of kaolin suspension and may increase soil loading 
of the suspension (Papo et al. 2002). 

The present work is aimed at backfills of vertical 
cutoff wall composed of kaolin-bentonite mixtures 
amended with phosphate dispersants, investigating 
the effects of addition of dispersants on mixtures’ 
characteristics, such as sedimentation and apparent 
viscosity. The purpose of this fundamental study is 
to study changes of clay particles structure in phos-
phate amended kaolin-bentonite systems by investi-
gating the impact of type and content of phosphate 
dispersant on the behavior of kaolin-bentonite mix-
ture. 

2 MATERIALS 

The model backfill mixture used in this study was 
composed of powdered kaolin and a powdered ben-
tonite, and their characteristics are reported in Table 
1. Both of them are commercially available. The
commercial kaolin was chose to represent an in situ 
soil for the reson that permeability of the contami-
nated sand-bentonite backfills may considerably in-
creases and fail to meet the typical regulatory limit 
of 10-9 m/s, which was resulted form contamination 
of the in situ soil (typically a sandy soils) by heavy 
mental or organic contaminants. Under this circum-
stance, kaolin can be an alternative to the contami-
nated sandy soil for its relatively low hydraulic con-
ductivity. The designed bentonite contents were 0, 5, 
and 10% (in the following B0, B5, and B10, respec-
tively), which based on the dry-weight of kaolin-
bentonite powder.  

Three commercially available condensed phos-
phate salts were chosed as potential dispersants for 
kaolin-bentonite backfills on account of their satis-
factory dispersing capacity: a sodium hexameta-
phosphate ((NaPO3)6, in the follwing: SHMP), a so-
dium tripolyphosphate (Na5P3O10, in the follwing: 
STPP), and a sodium pyrophosphate decahydrate 

(Na4P2O7·10H2O, in the following: TSPP). The de-
signed dispersant contents were 0, 0.01, 0.05, 0.1, 
0.5, 1, 1.5, and 2%, which based on the dry-weight 
of kaolin-bentonite powder. 

Table 1.  Properties of Soils Used in the Test. 
Properties Kaolin Bentonite 

Water Content, w0 (%) 2.2 13.4 

Plastic Limit, wP (%) 21.2 95.4 

Liquid Limit, wL (%) 32.3 320.7 

Soil pH 8.7 10 

Fine Content, (<0.002 mm) (%) 34.2 29.9 

Specific Density, Gs 2.70 2.67 

Specific Surface Area, Ass (m
2/g) 45.7 734 

Cation Exchange Capacity, CEC 
(cmol/kg) 15.8 32.8 

3 EXPERIMENTAL METHODS 

3.1 Sedimentation tests 

The relative state of dispersion and particle associa-
tion types of low solids content suspension can be 
inferred from observing settling behavior and rela-
tive final sediment volume. Kaolin-bentonite mix-
ture with bentonite content of B5 was used for sedi-
mentation test. Sedimentation suspensions were 
prepared with a solid-liquid ratio of 1:10, which was 
obtained by mixing 10g kaolin-bentonite powder and 
100mL distilled water with various contents of 
phosphate dispersant in plastic bottle. The bottle was 
shook on the overhead shaker (Reax 20/8, Heidolph) 
for 24h, and then the suspensions were transferred 
into 100mL graduated glass cylinder. Sealed the 
graduated glass cylinder, and the uniform soil-water 
suspensions were allowed to settle. The settling be-
havior, dispersion height, and sediment height were 
monitored with time. The sediment height was rec-
orded for at least 80 days starting at t = 0.5 day: time 
intervals are 0.5, 1, 2, 3, 4, 5, 6, 7, 8, 9, 10, 20, 30, 
40, 50, 60, 70, 80 d. Headings 

3.2 Viscosity measurement 

Kaolin-bentonite mixture with bentonite content of 
B0, B5 and B10 were used for viscosity measure-
ment. Because slump of vertical cutoff wall backfill 
was required within the range of 125±12.5 mm, wa-
ter content of viscosity measurement samples of the 
kaolin-bentonite mixture used in this study was that 
corresponding to slump of 125 mm (34.56, 48.55, 
61.50% for B0, B5, B10, respectively), as shown in 
Figure 1. The powdered kaolin and bentonite were 
mixed with a certain amount of dispersant and dis-
tilled water. According to Specification for Drilling 
Fluids Materials (API 2010), mixture of kaolin-
bentonite or/and dispersant was blended 20 min in a 
cement paste mixer, followed by 16 h ageing in a 
sealed container at room temperature (20 °C ). After 
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ageing, the mixture was poured into the mixer con-
tainer, stiring for another 5 min, and then put into the 
beaker that place under the rotor of viscometer. 

Measurement of the apparent viscosity of kaolin-
bentonite mixture was carried out by NDJ-5S rotary 
viscometer at rotor speed of 12 rpm and temperature 
of 20 °C. Apparent viscosity values were reported at 
two minutes after starting the rotor. 
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Figure 1. Water content of kaolin-bentonite mixtures with ben-
tonite content of B0, B5 and B10 corresponding to slump of 
125 mm. 

4 RESULTS 

4.1 Settling behavior 

Based on observed settling characteristics, all tested 
dispersions were characterized as accumulation-
sedimentation. From the bottom to the top of the test 
cylinder was successively: (1) the accumulated sed-
iment; (2) the remaining diffuse suspension of parti-
cles; (3) the clear supernatant liquid. There is a well-
defined interface that separates the accumulated sed-
iment and the remaining suspension. The interface 
kept moving up with time from the beginning to the 
end of the experiment. That is to say, the accumulat-
ed sediment volume increased with time. In contrast, 
the transition zone between the remaining suspen-
sion and the supernatant liquid is not so sharp. The 
volume of remaining diffuse suspension decreased 
with time, and the decrease is slow, except for 
SHMP content of 1.0% and 2.0%. 

Settling behavior for dispersion-sediment inter-
face is plotted in Figure 2 and Figure 3. The sedi-
ment volume increase rapidly at the first several 
hours and then increase slowly untill the end of the 
experiment. This bottom sediment was formed by 
the fastest-settling clay particles, the largest and 
heaviest clay particles, and it increased slowly by 
slow-settling of new particles from the remaining 
suspension that comprised of smaller clay particles. 

Compared with unamended-suspension, phos-
phate-amended suspensions have smaller settlement 
volume for all of SHMP, STPP and TSPP. Figure2 
and Figure3 shows that as phosphate content in-
crease, suspension settlement volume decreases to a 

minimum and then increases slightly. Minimum set-
tling volumes were occured at phosphate content of 
0.1%, 0.5% and 1.0% for SHMP, STPP and TSPP, 
respectively. In general, suspensions with SHMP 
corresponded to the smallest settlement volume, and 
those with STPP corresponded to the largest. Set-
tling rate of phosphate-amended suspension was 
smaller than unamended one, because the slope of 
the settlement volume-time curve was no as steep as 
the unamended one. 
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Figure 2. Relationship between time and sedimentation volume 
for kaolin-bentonite dispersions amended by: (a) SHMP, (b) 
STPP and (c) TSPP. 

:173:



0.0 0.5 1.0 1.5 2.0
8

9

10

11

12

13

14

15

16

F
in

al
 s

et
tle

m
en

t v
ol

um
e 

(m
L)

Dispersant content (%)

 SHMP
 STPP
 TSPP

Figure 3. Relationship between dispersant content and final 
sediment volume at time = 80 days. 

4.2 Viscosity 

All measured values of apparent viscosity are plotted 
as function of dispersant contents in Figure 4. The 
test result indicate that curve trends of apparent vis-
cosity and dispersant content for different bentonite 
contents are primary the same, regardless of the dis-
persant type. A gradual decay in apparent viscosity 
can be noticed by adding increasing amounts of dis-
persants to the kaolin-bentonite mixtures, and then it 
tends to remain stable. 

Defining the inflection point where apparent vis-
cosity began to appear a stable trend as the optimum 
content of the dispersants. Optimum contents of 
SHMP for B0, B5 and B10 were 0.05%, 0.1% and 
0.5%, respectively; that of both STPP and TSPP for 
B0, B5 and B10 were 0.05%, 0.5% and 0.5%. Kao-
lin-bentonite mixtures show relatively low values of 
apparent viscosity while dispersant content fell into 
0.5-2.0%. SHMP seems the best dispersant because 
its optimum content is smaller than the other two at 
B5.  

Higher bentonite content of the mixture was ac-
companied by higher apparent viscosity value before 
optimum content was reach for any of the disper-
sants. Once up to optimum dosages of dispersants, 
negligible differences occurred between the apparent 
viscosity values for mixtures with different bentonite 
contents. And then this negligible trend last for a 
wide range of dispersant content (at least 0.5-2.0%). 
In addition, for case of B5 the lowest viscosity corre-
sponding to 0.5%, 0.5% and 1.0% for SHMP, STPP 
and TSPP, respectively, which consistent with the 
sedimentation test results. 

5 DISCUSSION 

Settlement volume and apparent viscosity of the kao-
lin-bentonite dispersion or slurry were reduced sig-
nificantly by addition of phosphate dispersant. In 
general, there is a good corresponding relation be-

tween three groups of experiments in this study, that 
with increase of phosphate dispersant content, a 
gradual decay in both parameter values can be no-
ticed initially, and then a stable trend or slight re-
bound occurred after the minimum value was 
reached.  
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Figure 4. Relationship between dispersant content and apparent 
viscosity for mixtures amended with: (a) SHMP, (b) STPP and 
(c) TSPP. 

There are several interactions between phosphate 
dispersant and soil particle. First of all, dispersants 
provide sodium ions to the mixture system, and pol-
yvalent cations (i.e., Ca2+, Mg2+, ect.) in the counter-
ion layer of the clay particles are exchanged by sodi-
um ions, leading to thickening of the diffuse double-
layer (Sridharan et al. 1986; Sridharan et al. 1987). 
The degree of exchange is enhanced by formation of 
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sparingly soluble calcium salts or by soluble calcium 
complexes. Secondly, an anion exchange with mul-
tivalent anions can increase the number of negative 
edge charges, which causes an increase in negative 
surface charge density and repulsion between clay 
particles. Finally, high concentrations of phosphate 
strong complexation with exposed positive sites in 
edge of the clay particles, imparting a considerable 
amount of steric stabilization to the system and im-
peding direct contacts between the particles (Lagaly 
1989; Mitchell and Soga 2005; Ma 2012). 

Phosphate dispersants increase repulsive potential 
between edges and edges or faces of the clay parti-
cles, which breaks up the card-house structure, main-
taining system’s dispersibility, and preventing parti-
cles from direct contact, results in a decrease in 
settlement volume and apparent viscosity. The rea-
son which explains the settlement volume and ap-
parent viscosity increased slightly after reach mini-
mum value is the destabilization due to suspension 
coagulation for high dispersant concentrations. Once 
the interaction equilibrium is reached, a further addi-
tion of dispersant led to excess concentration in the 
solution, which is not interact with the suspended 
particles and causes destabilization, flocculation and 
the three parameter values increase (Papo et al. 
2002). This rebound was extremely significant for 
B0, that indicated exchange and complexing capabil-
ity between phosphate dispersant and kaolin particle 
surface minerals was weaker than that of bentonite. 

In kaolin-bentonite slurries, dispersed clay parti-
cles promote higher viscosity than that of the pure 
fluid phase because clay particles induce fluctuations 
in the stream lines even under laminar conditions. 
The concentration of the dispersed solids, the size 
and shape of the dispersed particles, and the interac-
tion forces between the particles influence the vis-
cosity properties of dispersed systems (Hunter 
1993). In other words, viscosity measurements for 
particulate systems give an indication of stability or 
flocculation of the dispersion. Flocculated kaolin 
particle dispersions have a much higher viscosity 
than that of well-dispersed kaolinite particle disper-
sions due to the greater energy required to overcome 
the shear deformation resistance (Kim and Palomino 
2009). Effect of bentonite content to mixture’s dis-
persibility is considered non-significant because no 
remarkable increment of apparent viscosity was ob-
served when increasing bentonite content. It is feasi-
ble that adding dispersant to increase bentonite con-
tent of the mixture for the purpose of maintaining a 
dispersed structure, relatively homogeneous of the 
backfill material.  

The change trend of apparent viscosity in this 
study is consistent with the literature (Papo et al. 
2002; Penner and Lagaly 2001; Yoon and El Mohtar 
2012). Papo (2002) studied the effects of SHMP and 
STPP on rheological characterization for kaolin sus-
pensions, and observed that apparent viscosity of the 

suspension, with increase dispersant content, 
dropped rapidly to its minimum value and then in-
creased slightly in the test dispersants concentration 
ranges (Papo et al. 2002).Yoon (2012) studied the 
effect of TSPP on time dependent rheological behav-
ior for bentonite suspensions, and founded that 
TSPP can reduce viscosity of bentonite suspensions 
effectively (Yoon and El Mohtar 2012).  

A reduction in edge-to-face flocculated fabric and 
increase in face-to-face aggregated or a dispersed 
fabric may leads to a decrease in hydraulic conduc-
tivity of the kaolin-bentonite backfill. This is due to 
the edge-to-face associations can produces card-
house structures that are quite voluminous (Mitchell 
and Soga 2005). The face-to-face associations or a 
dispersed fabric, by contrast, produce a narrower and 
more tortuous channel for pore liquid to flow 
through.  

Additional research is required to evaluate the in-
fluence of phosphate dispersants on hydraulic con-
ductivity of kaolin-bentonite backfill. In addition, 
scanning electron microscopy study should be in-
volved in to determine structural morphology of 
phosphate-amended kaolin-bentonite mixture. 

6 SUMMARY AND CONCLUSIONS  

Based on the results of this study, the following con-
clusions have been derived: 

1. Sedimentation volume and apparent viscosity
of the kaolin-bentonite dispersion or slurry were re-
duced significantly by addition of phosphate disper-
sant, which is due to phosphate dispersants enhanc-
ing repulsive force of the clay particles, breaking up 
the card-house structure, maintaining dispersibility 
of the clay-water system, and prevent particles from 
direct contact. 

2. Dispersants can be added to improve bentonite
content of kaolin-bentonite mixture for the purpose 
to obtaining a homogeneous mixture of in-situ soil 
and bentonite and maintain its dispersibility. Opti-
mum contents of dispersants used in this study 
ranged from 0.1% to 1.0%. 

3. In general, the dispersant content at lowest set-
tlement volume shows a fairly good correlation to 
the optimum content of the viscosity test, implying 
that increase of repulsive force between clay parti-
cles contributed to forming dispersed structure. 

4. An increase in face-to-face aggregation or a
dispersed fabric of the kaolin-bentonite system may 
lead to a decrease in hydraulic conductivity of the 
kaolin-bentonite backfill. 
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1 INTRODUCTION 

Granular materials are increasingly being used for 
pavement applications. Subsequently, large amount 
of natural resources are being consumed everyday 
by human’s activities. Meanwhile, large amount of 
waste material is generated and disposed back to the 
environment. The construction sectors generate large 
amount of Recycled Concrete Aggregate (RCA) 
from demolition of buildings and reconstruction of 
concrete pavements (Puppala et al. 2012; Saride et 
al. 2010 and Rodgers et al. 2009). RCA is increasing 
globally due to rapid increase in construction and 
demolition activities in construction sector.  

To reduce the usage of natural resource and to re-
duce the waste disposed to the environment, recy-
cled materials are being increasingly used by the in-
frastructure sector. There has been an extensively 
interest in the usage of RCA in both pavement base 
and subbase applications (Arulrajah et al., 2013). 
Several researchers have reported on the usage of 
RCA for pavement applications (Poon and Chan, 
2006, Azam and Cameron, 2012, Gabr and Camer-
on, 2012; Arulrajahet al., 2012). The reuse of RCA 
will reduce the demand of natural materials, and will 
reduce waste, which is generally destined to landfill 
(Ali et al. 2011a; Tam and Tam 2006). The usage of 
recycled material will significantly reduce carbon 

footprints and to sustain environment (Disfani et al. 
2012; Tam 2009). Arulrajah et al. (2013) have re-
ported that RCA exhibits low water absorption and 
Los Angeles abrasion and high CBR values that 
meet the requirement for pavement subbase layer; 
however, the physical and geotechnical properties of 
RCA are unsuitable for base layer. 

In order to meet the requirement for base materi-
als, RCA might be blended with high quality materi-
als. Crushed rock (CR) could be considered as a 
high quality material. The engineering properties of 
pavement materials are generally controlled by gra-
dation and strength of particles; therefore the blends 
in this study were prepared from the same gradation 
of RCA and CR, which has not been previously in-
vestigated. The assessment of geotechnical proper-
ties of blends at different proportions is important 
for pavement design and for selection of pavement 
materials, which is the focus of this paper. The as-
sessment is performed using engineering properties 
of RCA and CR as references. The outcome of this 
research is useful as fundamental for further study 
on suitable green pavement materials. 
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2 MATERIALS AND METHODS 

2.1 Materials 

RCA was collected from Bureau of Rural Roads 5, 
Department of Rural Roads, Nakhon Ratchasima, 
Thailand. The mean 28 day-cube strength of the 
original concrete was 28.5 MPa with standard devia-
tion of 11.9 MPa. RCA was passed through various 
sieves and stored for adjustment of the RCA grada-
tion to meet the specification by Department of 
Highways and Department of Rural Road. Crush 
Rock (CR) was collected from a quarry from Chok-
chai District, Nakhon Ratchasima, Thailand. It was 
sourced from a basalt rock with a maximum particle 
size of 19 mm. Both CR and RCA samples were ov-
en-dried for 24 hr at 60°C. It is found that the grain 
size distribution curve of CR is consistent with the 
requirement of Department of Highways. The grada-
tion of RCA was adjusted to be the same as that of 
CR. The RCA was blended with CR at replacement 
ratios of 100%, 70%, 50% and 30%.   

2.2 Test method 

Physical tests were undertaken on RCA, CR and 
RCA-CR blends. Physical and geotechnical tests in-
cluded particle size distribution, water absorption, 
specific gravity, modified Proctor compaction test 
and Los Angeles (LA) abrasion. The particle size 
distribution of the samples, which is the principal 
parameter controlling strength of material, was con-
ducted according to ASTM D422- 63(2007). It was 
found that the maximum size of aggregates was 19 
mm. Modified Proctor compaction tests were con-
ducted according to ASTM D1557 (2009) to deter-
mine the maximum dry density and optimum water 
content. The 6 inch or 152.4 mm cylindrical mold 
was used for this modified compaction. A California 
Bearing Ratio (CBR) test is one of the input parame-
ters for designing geometry of earth structure such 
as road, dam and so on. According to ASTM D1883 
(2007), the specimens were compacted with modi-
fied Proctor compaction energy at the optimum wa-
ter content (OWC) and submerged under water for 4 
days to simulate a worst case scenario. 

Table 1. Result of basic properties. 

Engineering Properties 
RCA Replacement Requirement for 

Pavement Base 
Materials 0% 30% 50% 70% 100% 

Gravel Content Before Compaction (%) 64.6 64.6 64.6 64.6 64.6 40-75 

Sand Content Before Compaction (%) 35.4 35.4 35.4 35.4 35.4 23-40 

Fines Content Before Compaction (%) 0 0 0 0 0 2-20 

d10 Before Compaction (mm) 0.6 0.6 0.6 0.6 0.6 0- 0.83 

d30 Before Compaction (mm) 3.2 3.2 3.2 3.2 3.2 4.3-9.6 

d50 Before Compaction (mm) 10 10 10 10 10 2.8-17 

d60 Before Compaction (mm) 10.5 10.5 10.5 10.5 10.5 5-20 

Cu Before Compaction 18.1 18.1 18.1 18.1 18.1 - 

Cc Before Compaction 1.7 1.7 1.7 1.7 1.7 - 

USCS Classification Before Compaction GW GW GW GW GW - 

Percent change of particle size (%c) 3 13.3 24 31.2 41 - 

Specific gravity of coarse fraction 2.81 2.79 2.78 2.77 2.75 - 

Water absorption coarse fraction (%) 2.44 3.23 3.76 3.83 4.22 - 

Los Angeles Abrasion (max) 17.02 21.18 27.94 33.21 39.24 < 40 

Modified Compaction: Max dry density (kN/m3) 20.9 20.2 19.6 18.1 17.6 >17.5 

Modified Compaction: Optimum moisture content (%) 8.6 9.4 9.9 12.2 14.1 6-14 

CBR (%) 128 96 68 45 36 >80 
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3 TEST RESULTS 

Particle density and water absorption tests were car-
ried out according to ASTM C127-88 (2001). Los 
Angele abrasion test was conducted according to 
ASTM C131 (2006) to determine the resistance of 
aggregate by abrasion and impact forces. 

Table 1 shows the physical and geotechnical 
properties of each blend. The gradation data (Table 
1) and grain size distribution (Figure 1) show that
the RCA and CR are between the upper and lower 
boundary specified by Department of Highways, 
Thailand (DH-S 201/2544). It is noted that the gra-
dation of CR and RCA are suitable as pavement 
base.  RCA and CR have coefficient of uniformity 
(Cu) and coefficient of curvature (Cc) of 18.1 and 1.7 
respectively. The median diameter (d50) of both ma-
terials is 10 mm. RCA and CR are classified as well 
graded gravel (GW) according to Unified Soil Clas-
sification System (USCS).  
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Figure 1. Particle size distribution of CR, RCA and RCA-CR 
blends.  

Specific gravity of blends decreases as the re-
placement ratio increases due to the low specific 
gravity of mortar attached on RCA particles. The 
compaction curves for each blend are different even 
though they have same gradation (Figure 2). The 
Optimum Water Content (OWC) increases while 
maximum dry density (γd,max) of the blends decreases 
with increasing replacement ratio. This might be be-
cause the mortar on the RCA particles has lower 
lower specific gravity. The OWC and γd, max values 
are within the typical range requirement for road 
base/subbase materials (γd, max  > 17.5 kN/m3 and 6% 
< OWC < 14%) (Rahman et al., 2013). In Figure 2, 
the predictive equation between γd,max and OWC 
proposed by Chinkulkijniwat et al. (2010) is plotted 
and compared with the test data of different blends. 
The equation can fit the test (γd,max and OWC) data 
well. The slight difference is possibly due to the 

lower specific gravity of the RCA particles. The 
Chinkulkijniwat et al.’s equation was developed 
based on the natural soils whose specific gravity 
values are approximately 2.7. As such, the predicted 
γd,max values are higher the measured ones for high 
OWC (higher RCA content) values. 
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Figure 2. Compaction curve. 

The test data on water absorption (Table 1) show 
that the water absorption of the blends increases as 
RCA content increases. This is because the mortar 
attached on the RCA particles possesses a lot of 
voids (Schutter and Audenaert 2004). In other 
words, the water holding capacity of RCA is higher 
than CR. The water holding capacity generally con-
trols OWC of compacted materials. The higher the 
water holding capacity, the greater the OWC. As 
such, the OWC increases with increasing replace-
ment ratio (refer to Figure 2). The water absorption 
increases linearly from 2.4% to 4.2% for RCA con-
tent from 100% to 0%.     

LA abrasion is one of the most significant param-
eters for pavement design. The lower the LA abra-
sion, the longer the service life. LA abrasion of 
smaller than 60% and 35% are required for subbase 
footpath and base materials, respectively (Arulrajah 
et al., 2013 and 2014). Table 1 shows that the LA 
abrasion value increases linearly with the RCA con-
tent due to weakness of mortar attached on the RCA 
particles. The LA abrasion value varies from 17% to 
39% for RCA contents ranging from 0% to 100%. 
The results show that the abrasion for the blends 
meets the requirement for subbase, footpath and 
base materials.  

In a geometry design, CBR value is the key pa-
rameter for defining the thickness of pavement struc-
ture materials. The replacement ratio significantly 
affects CBR value. The result shows that CBR de-
creases with increasing replacement ratio. The CBR 
varies from 36% to 128% for RCA contents ranging 
from 0% to 100%. Horpibulsuk et al. (2013) have 
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established a linear relationship between maximum 
dry density and CBR value. It is found from this 
study that the maximum dry density (γd,max) of the 
blends decreases with an increase of replacement 
content. Therefore, the CBR of blends is possibly 
controlled by replacement content. Similarly, differ-
ent country has different specification. According to 
ODA (1993), mentioned that the minimum value of 
CBR for base material is 80%. Therefore, The CBR 
values for crushed rock and the blends with re-
placement ratios less than 30% are higher than 80%, 
which meets the requirement for base materials.  

4 ANALYSIS 

Based on the analysis of the physical and geotech-
nical properties of the blends, it is found that as the 
replacement ratio increases, water absorption and 
LA abrasion linearly increase while CBR decreases 
exponentially. The predictive equations for water 
absorption, LA abrasion and CBR are thus proposed 
in linear and exponential functions of replacement 
ratio, respectively for the blends with the same parti-
cle sizes. To verify the proposed equations, the 
available test data on RCA-Crushed Brick (CB) and 
CR-CB blends from Arulrajah et al. (2012) are taken 
and predicted even though their materials were 
blended with different grain size distributions.  
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Figure 3. Relationship between water absorption and replace-
ment content. 

Figure 3 shows the relationship between water 
absorption and replacement ratio of RCA-CB blends 
and CR-CB blends (Arulrajah et al., 2012) and pre-
sent work (CR-RCA blends). The relationship be-
tween water absorption and replacement ratio for 
CR-RCA blends can be presented as follows: 

x
bra +=

x
WA (1) 

where xWA  is the water absorption at different re-

placement ratios, a and b are constants and xr  is the 

replacement ratio. Constants a and b are approxi-
mated from the two physical conditions: WAx = WA 
at 0% replacement (WA0) when rx = 0% and WAx = 
WA at 100% replacement (WA100) when rx = 100%. 
As such, a and b are determined from: 

0
WA=a

 (2)
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Figure 4. Relationship between LA abrasion and replacement 
content. 

Similarly, the relationship between LA abrasion 
and replacement ratio is presented as below: 

x
drc +=

x
LA (4) 

where xLA  is LA abrasion at different replacement 

ratios, c and d are constants and determined from  

0
LAc =

(5) 













 −
−=

100

LALA
1000d (6) 

where 0LA and 100LA  are LA abrasion at 0 and 100% 

replacement ratios, respectively. 
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Figure 5. Relationship between CBR and replacement content. 

The relationship between CBR and replacement 
ratio in an exponential function is presented: 

[ ])exp(
x

CBR
x

fre −= (7) 

where xCBR  is water absorption at any replace-
ment content. Constants e and f are determined using 
the following equations: 

Table 2. result of comparison between measured and predicted values. 
Replacement Properties 

Materials ratio WA (%) LA (%) CBR (%) 
(%) M P % error M P % error M P % error 

RCA-CB 

0 4.66 4.66 0 28 28 0 160 160 0 
15 NA NA NA 31 29 6 NA NA NA 
20 5.33 4.96 7 30 30 1 NA NA NA 
25 5.32 5.03 5 30 30 0 141 150 6 
40 NA NA NA 32 31 3 134 144 7 
50 5.36 5.41 1 33 32 3 131 140 7 
100 6.15 6.15 0 36 36 0 123 123 0 

CR-CB 

0 3.32 3.32 0 21 21 0 204 204 0 
10 3.24 3.6 11 22 23 2 NA NA NA 
15 NA NA NA 21 23 11 173 189 9 
20 NA NA NA NA NA NA 168 184 10 
25 3.59 4.03 12 23 25 8 NA NA NA 
30 3.75 4.17 11 27 26 6 166 175 6 
40 NA NA NA NA NA NA 153 167 9 
50 4.15 4.74 14 29 29 2 127 158 25 
100 6.15 6.15 0 36 36 0 123 123 0 

CR-RCA 

0 2.44 2.44 0 17 17 0 128 128 0 
30 3.23 2.97 8 21 24 12 96 87 9 
50 3.76 3.33 11 28 28 1 68 68 0 
70 3.83 3.69 4 33 33 2 45 53 18 
100 4.22 4.22 0 39 39 0 36 36 0 

Mean absolute percentage error 5.3 3.0 6.6 

Noted: M = measured and P = predicted  

0
CBR=e

(8) 

100
0

CBR
100

CBR
ln 














−=f (9) 

where CBR0 and CBR100 are CBR at 0 and 100% re-
placement ratios, respectively. 

Based on the proposed equations, a and b are 2.4 
and, 0.018, 4.7 and 0.015, 3.3 and 0.028 for CR-
RCA, RCA-CB and CR-CB blends, respectively; c 
and d are 17, 0.22, 28 and 0.08, 21 and 0.15 for CR-
RCA, RCA-CB and CR-CB blends, respectively and 

e and f are 127.8, -0.013, 203.8 and -0.005, 160.0 
and -0.003 for CR-RCA, RCA-CB and CR-CB 
blends, respectively. Using the constants a to f, Ta-
ble 2 shows the prediction of water absorption, LA 
abrasion and CBR for RCA-CB and CR-CB blends 
and compared with measured ones. The predicted 
and measured data are in a good agreement, rein-
forcing the applicability of the proposed equations. 
The prediction error is possibly due to the equations 
being developed from the blends with the same gra-
dation. However, the error is acceptable for engi-
neering practice with mean absolute percent error of 
less than 5.3%, 3.0% and 6.6% for WA, LA abrasion 
and CBR, respectively.The mean absolute percent 
error is 
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 (10)  

where pA and mA  are predicted and measured val-

ues, respectively and n is the number of data. 

5 CONCLUSIONS 

The physical and geotechnical properties including 
that for gradation, specific gravity, compaction, wa-
ter absorption, LA abrasion and CBR of Crushed 
Rock and Recycled Concrete Aggregate (CR-RCA) 
blends are investigated and analyzed in this paper. 
The gradation of the blends is in accordance with the 
requirement for base/subbase materials. All physical 
and geotechnical properties are found to be depend-
ent on replacement ratio. Specific gravity of blends 
decrease as the RCA content increases due to the 
low specific gravity of mortar attached on the RCA 
particles. The Optimum Water Content (OWC) in-
creases while maximum dry density of the blends 
decreases with increasing RCA content. This might 
be because the mortar on the RCA particle has lower 
specific gravity and higher water absorption. The in-
crease in OWC is associated with the increase in wa-
ter absorption. The LA abrasion value increases lin-
early with the RCA content due to weakness of 
mortar attached on the RCA particles. Based on the 
analysis of the physical and geotechnical properties 
of the CR-RCA blends, the predictive equations for 
water absorption, LA abrasion and CBR are pro-
posed in terms of replacement ratio in linear and ex-
ponential functions, respectively. The available test 
data of RCA-CB and CR-RCA blends were taken to 
validate the proposed equations. The predicted and 
measured data are in good agreement with low mean 
absolute percent error. The prediction error is possi-
bly because the equations were proposed based on 
the CR-RCA blends with the same gradation of CR 
and RCA. These proposed equations are considered 
as useful for geotechnical and pavement practition-
ers for pavement design and selection of pavement 
materials. 
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1 INTRODUCTION 

The California bearing ratio (CBR) is a test to evalu-
ate the mechanical strength of road subgrades and 
basecourses. It was developed by the California De-
partment of Transportation before World War II. 
The test is performed by measuring the pressure re-
quired to penetrate a soil sample with a plunger of 
standard area. The measured pressure is then divided 
by the pressure required to achieve an equal penetra-
tion on a standard crushed rock material. The CBR 
test is described in ASTM Standards D1883-05 (for 
laboratory-prepared samples) and D4429 (for soils 
in place in field), and AASHTO T193. The CBR rat-
ing was developed for measuring the load-bearing 
capacity of soils used for building roads. 

The Dynamic Cone Penetrometer (DCP, 
TM6951-3(2003)) is an instrument designed for the 
rapid in-situ measurement of the structural proper-
ties of existing road pavements constructed of un-
bound materials.  

The CBR value is used for road pavements con-
structed design. But compaction work control of 
road subgrades are checked with field dry density. 
Because CBR tests is time consuming and labor ex-
pense. As such, a Portable Cone Penetrometer (PCP) 
was developed to assist compaction work control. 
The instrument provides a very simple method of 
obtaining CBR values which would not require the 
digging of test pits. It means that the PCP is quick 
and easy to use, portable and suitable for use in loca-

tions where access may be difficult. Relationship be-
tween CBR values and read values from the device 
is important component in developing the PCP de-
vice. The paper considers several subgrade soils at 
sieve distribution particle material were decided 
based on Department of Highways, Thailand’s stand-
ard. A series of PCP tests were conducted with a 6 
inches diameter compaction mold. Based on analysis 
of this testing, the relationships between the PCP re-
sults and the subgrade parameters such as unsoaked 
CBR and dry density are obtained. 

2 MATERIALS AND EXPERIMENTS 

A cohesionless soil was examined in this study. It 
was taken from an existing borrow pit (which has 
been used for road subgrades) located just about 5 
km apart from Suranaree University of Technology, 
Nakhon-Ratchasima, Thailand. Based on the unified 
soil classification system (USCS) by ASTM D2487-
69, this cohesionless soil can be classified as a silty 
sand (SM). Other physical properties of the studied 
soil are expressed in Table1. 

Prior to the test, the studied soil was air dried for 
a week. The particle size distribution was conducted 
by sieve analysis according to ASTM D422-63 
(2007). A series of standard compaction test has 
been performed based on ASTMD 698–70 to deter-
mine the maximum dry unit weight (γd,max) and op-
timum water content (OWC).  The specimens those 
compacted in the 6 inches diameter with 4.584 inch-
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es height mold were compacted with a standard 
rammer of 5.5 lb weight having drop height of 12 
inches. Number of drop was 25 blows for each layer 
and the specimens were compacted in three layers. 

Table 1. Physical Properties of studies soils. 
___________________________________________________________________________________________________________ 

 Soil Properties  Samples 
 __________________________________________________________________________________________  

 Silty sand  Fine materials 
_________________________________________________________________________________________________________________________________________________________________

Physical Properties: 
 Specific Gravity 2.71 2.57 
 Liquid Limit,% NP 55.1 
 Plastic Limit,% NP 38.7 
USCS. SM CH 
________________________________________________________________________________________________________________________________________________________________ 

Fine content of 15%, 30%, 45% and 60% by 
weight were added into the studied soil. Proporties 
of fine content are given in Table 1. Based on the 
unified soil classification where system (USCS), this 
clay soil can be classified as a high liquid limit clay 
(CH). While, the silty sand is categorized as the mi-
nus sieve No.4 material. Prior to the compaction test, 
the silty sand was manually mixed with various 
amount of fine content and water sprayed to desired 
water content of about OWC-4%, OWC-2%, OWC, 
OWC+2% and OWC+4%. Then the admixed soils 
were covered with plastic for 24 hours to achieve a 
uniform water content. The compaction program is 
organized as shown in Figure 1. 

Figure 1. Detail of compaction tests oraganized in this study . 

The unsoaked CBR tests were carried out accord-
ing to ASTM D1883 (2007) on the compacted sam-
ples with various water contents form OWC-4%, to 
OWC+4% . 

 The Portable Cone Penetrometer (PCP) is an in-
strument designed for rapid measurement of in-situ 
CBR values. The PCP consists of a rod of 16 mm 
diameter and a tempered steel cone of 20 mm base 
diameter and a 60 degree point angle, which is at-
tached to rod. The PCP is driven into the soil b y  a 

human force applied through a spring. The magni-
tude of compression is measured at 20.0 mm depth of 
cone penetration. 

Figure 2. The Portable Cone Penetrometer (PCP). 

The relationships between the spring retraction 
distance (obtained from the PCP test) and CBR 
(without surcharge) under unsoaked conditions were 
developed based on the CBR and PCP tested results 
on the identical samples. The developed relation-
ships will be used for approximation of the CBR and 
dry density values at construction site.  

3 RESULTS AND DISCUSSIONS 

The basic properties and compaction properties of 
compacted subgrade soil are written in Table 2. The 
laboratory compaction curves of the admixed soils in 
6 inches diameter mold are plotted in Figure 3 to 6. 
The maximum dry densities admixed soils decreases 
with increasing fine content (the plasticity of soil). The 
compaction characteristics of admixed soils are writ-
ten in Table 3.  

Table 2. Basic properties and compaction properties of com-
pacted subgrade soil. 
_____________________________________________________________________________________________________________________________________________________________ 

Compacted subgrade soil properties Values 
_____________________________________________________________________________________________________________________________________________________________ 

Seive analysis (%Passing): 
 #4 100.0 
 #10 91.9 
 #40 65.2 
 #200 13.1 
Liquid Limit,% NP 
Plastic Limit,% NP 
OWC,% 9.23 
Maxinun dry density, g/cm3 1.89 
Soaked CBR,% 2.1 
Unsoaked CBR,% 7.1 
Swell,% 0.2 
____________________________________________________________________________________________________________________________________________________________

Studied Soils 

SM 
+15%Fine 

content 

6”mold, at 
OWC-4%, 
OWC-2%, 

OWC, 
OWC+2%, 
OWC+4% 

SM 
+30%Fine 

content 

6”mold, at 
OWC-4%, 
OWC-2%, 

OWC, 
OWC+2%, 
OWC+4% 

SM 
+45%Fine 

content 

6”mold, at 
OWC-4%, 
OWC-2%, 

OWC, 
OWC+2%, 
OWC+4% 

SM 
+60%Fine 

content 

6”mold, at 
OWC-4%, 
OWC-2%, 

OWC, 
OWC+2%, 
OWC+4% 

Subgrade 
soil (SM), 
13%fine 
content 

1
0

0
0 

m
m

 

Handle 

Spring in sliding cylinder 

Measuring scale 

Sliding Ring mark for value 
reading  

Cone of 20 mm, 60° point 
angle 
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Table 3. Compaction characteristics of admixed soils and result 
of PCP test. 
___________________________________________________________________________________________________________________________________________________ 

 Fine                    Compacted admixed soil properties       ____________________________________________________________________________________________________________________________  
content  PI                     w   γd     CBRunsoked PCP test 
                           (%)      (g/cm3)  (%)     (cm) 
_____________________________________________________________________________________________________________________________________________________________________ 

+15%   11.4     
   6.19 1.84 13.1 13.07 
  8.10 1.90 10.3 11.33 
  9.41* 1.96 6.9 10.17 
  11.92 1.89 3.2 3.47 
  13.81 1.84 1.2 0.73 
+30% 12.7 
  8.13 1.81 12.1 14.70 
  10.01 1.89 9.7 12.77 
  11.92* 1.90 5.2 7.60 
  14.36 1.81 1.6 2.87 
  16.53 1.75 1.0 0.73 
+45% 13.3 
  11.88 1.77 8.6 9.77 
  14.01 1.80 4.3 4.93 
  15.80* 1.81 2.3 2.50 
  17.73 1.71 0.9 0.43 
  19.10 1.61 0.6 0.00 
+60% 16.3 
  13.69 1.70 6.9 8.07 
  15.52 1.70 4.1 5.47 
  17.27* 1.75 1.8 2.43 
  19.16 1.64 0.6 0.60 
  21.92 1.57 0.3 0.20  
_________________________________________________________________________________________________________________________________________________________________ 

* Water content at OWC 
 
 

 
Figure 3. Compaction curve with 15%fine content. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
Figure 4. Compaction curve with 30%fine content.  
 

 
Figure 5. Compaction curve with 45%fine content.  
 

 
Figure 6. Compaction curve with 60%fine content. 
 

The compaction curves of all specimens 
compacted are bell shaped with one peak point. 
Generally, the fine particles control engineering 
properties of compacted soils. The soil containing 
the higher fine contents exhibits the higher optimum 
water content due to high water holding capacity 
(Ramiah et al., 1970; Pandian et al., 1997; Nagaraj et 
al., 2006; and Horpibulsuk et al., 2008 and 2009). 
The high optimum water content is associated with 
low maximum dry unit weight. While, the unsoaked 
CBR and PCP values of the specimens compacted 
are depend on water content, (w) and fine content . 
To relate the unsoaked CBR and PCP values with w 
as presented in Fig. 7 and 8. The related curve are 
reverse S-shaped. Generally, the fine content control 
engineering properties of compacted soils. The 
unsoaked CBR tested of all specimens with water 
content at +4%OWC are similar to CBR with soaked 
condition. 
 

 
 
 
 
 
 
 

:187:



Figure 7. Relationship between Unsoaked CBR and water con-
tent at ±4%OWC versus percent fine content. 

Figure 8. Relationship between the PCP values and water con-
tent at ±4%OWC versus percent fine content. 

 Figure 8 shows the relationship between un-
soaked CBR and the PCP values versus fine content 
with water content at ±4%OWC. It was taken for 
developing a relationship in linear function: 

CBRunsoaked = 0.8312 (PCP) + 0.1381 (1) 

The unsoaked CBR tested of all specimens with 
water content at +4%OWC are similar to CBR with 
soaked condition. However, unsoaked CBR can be 
approximated from the PCP test using linear func-
tion are in very agreement.  

The PCP test has the advantage of economic, 
timesaver and by oneself testing. While, CBR values 
results from the PCP test equate with CBR values 
results from CBR-standard method. 

Figure 9. Relationship between Unsoaked CBR and the PCP 
values. 
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1 INTRODUCTION 

With the rapid development of the urban railway 
system, many difficulties have been encountered 
during the excavation of underground metro stations 
in different stratum. Field performance of excavation 
constructed in soft clay in Shanghai has been 
reported in the literature (Tan and Wei, 2011a; Tan 
and Wei, 2011b; Tan and Li, 2011). Finno et al. 
(1989) observed the performance of the deep 
excavation in soft to medium-stiff, saturated clays in 
Chicago. Lee et al. (1998) discussed the effects of 
corners on wall deflection and ground movement 
around multi-strutted deep excavations in soft 
marine clay. Characteristics of ground surface 
settlement during excavation were studied by 
analysis on ten excavation cases in Taipei with 
good-quality (Ou et al. 1993). Long (2001) 
presented a database of some 300 case histories of 
wall and ground movements due to deep excavations 
worldwide. However, no studies about the deep 
excavation in the karst strata have been reported.  

This paper presents a case history of deep 
excavation of a metro station in the karst strata of 
Guangzhou, China. Field tests were conducted 
during the excavation. The object of this study was 
to evaluate the environmental effects induced by the 
deep excavation based on dense arrays of 
measurements on diaphragm wall deflections and 
ground surface settlements. 

2 DESCRIPTION OF THE SITE AND THE SOIL 
PROPERTIES 

The test site was at the alluvial plain from the 
Tianmei River. The pit is for excavation of the 
Maanshan Station on Metro Line 9 located in north 
Guangzhou. The station is a two-story-two-span 
structure, including a west shaft, a central standard 
segment and an east shaft. The length and width of 
the pit were 259.7 m and 18.7 m, respectively. And 
the base slab of the pit was located 15.81 m below 
the ground surface. The pit was used for launching 
the 4 shield machines from the ends of the pit to two 
opposite directions. Diaphragm walls with 800 mm 
thickness were used to support the pit. Two sets of 
reinforced concrete struts and one set of steel struts 
were used to support the diaphragm walls.  

Figure 1 shows the geotechnical sectional view of 
the shaft. The level of ground water fluctuated from 
0.9 to 3.1 m below the ground surface. The subsoil 
profile here consisted of backfill, silty clay, coarse 
sand, gravel sand, residual and slightly weathered 
carbon limestone. The sand layer is of high 
hydraulic conductivity. Typical properties are 
summarized in Figure 2. The water content of these 
soils ranged from 13.4% to 48.4%, with 
permeability varying between 0.003 and 25. 

Field Performance of Deep Excavation of a Metro Station in the Karst 
Strata of Guangzhou, China 

Q. L. Cui, Y. S. Xu & S. L. Shen 
Shanghai Jiao Tong University, Shanghai, China 

H. Li 
The 16th Bureau of China Railway Construction Inc., Beijing, China 

ABSTRACT: This paper presents a case history of deep excavation of a metro station in the karst strata of 
Guangzhou, China. This metro station is 259.7 m long by 18.7 m wide by 15.81 m deep, including a west 
shaft, a central standard segment and an east shaft. The construction site consists of an alluvial plain from the 
Tianmei River with two typical stratums of the karst strata and sand layer, which are rich in ground water. 
The karst strata, with poor mechanical properties and low self-stability, is a geological formation shaped by 
the dissolution of the carbon limestone. The sand layer is of 0-15 m thickness, which is of high hydraulic 
conductivity. During the field test, lateral deflections of the diaphragm wall and ground surface settlements 
were monitored. The test results show that the maximum lateral displacement of diaphragm wall is 12 mm 
and the maximum ground surface settlement is 10.1 mm. The monitoring results indicate that during 
construction there is minimal impact on the surroundings. By analyzing the monitoring data, the actual 
construction status was grasped timely and such field monitoring may allow for the formation of a database to 
guide the future engineering practices. 
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Figure 1. Sectional view of the pit. 
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Figure 2. Geotechnical profiles and soil properties. 
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Karst caves were explored within the shaft, which 
were filled by grouting cement and sodium silicate. 
The karst caves, with poor mechanical properties 
and low self-stability, is a geological formation 
shaped by the dissolution of the carbon limestone. 
Figure 3 shows the treatment principle of the karst 
caves.  
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Figure 4. Excavation procedure at the central standard 
segments. 

Figure 4 shows the excavation procedure at the 
central standard segments. The investigated 
excavation consisted of 13 sections: Section 1 = 
west shaft, Section 2~12 = standard segments and 
Second 13 = east shaft. The excavation was designed 
with four levels, Level 1 (3 m), Level 2 (8 m), Level 
3 (14 m) and Level 4 (16 m). 

3 INSTRUMENTATION 

Figure 5 shows the plan view of measuring points on 
the site. Deflections of diaphragm wall and ground 
surface settlements were monitored to study the 
environmental effects due to the deep excavation in 
karst strata. The measuring and testing instruments 
included twenty-seven inclinometers, one frequency 
device, two total stations and fifty-four measuring 
points for ground surface settlements.  

To measure the lateral deflections of the 
diaphragm wall during the deep excavation, 27 
inclinometers, labelled as CX1, CX2, …, CX27, in 
Figure 5 were installed in the pit. All the 
inclinometers were buried at a depth of 19.5 m. The 
total duration of inclinometer measurements was 
150 days. And the monitoring frequency was one 
time per day.  
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Figure 5. Plan view of the instrumentation layout. 
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Figure 6. Lateral deflections of the diaphragm wall of CX6 
versus the excavation procedure. 
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Figure 7. lateral deflections of the diaphragm wall of CX6, 
CX7, CX19. 

 
There were 54 measuring points installed to 

monitor the ground surface settlements. The 
positions of the measuring points were shown in 
Figure 5. The frequency of the ground surface 
settlements was once a day for 150 days during the 
deep excavation. Due to the destruction of some 
monitoring points during the deep excavation 
process and the abundant measuring results, selected 
monitoring data are chosen to study. 
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Figure 8. Lateral deflections of the diaphragm wall of CX22 
versus the excavation procedure. 

4 RESULTS 

4.1 Lateral deflections of the diaphragm wall 

Figure 6 presents the development of diaphragm 
wall deflection at CX6 during the deep excavation. 
The pattern of the diaphragm wall deflection 
exhibited similarly after the completion of each level 
excavation. The negative values donates that the 
wall is away from the pit. The diaphragm wall 
deflections increased as the excavation proceeded to 
lower levels. The maximum diaphragm wall 
deflections were 1.05 mm at -2.5 m (Level 1), 4.8 
mm at -6.5 m (Level 2), 8.1 mm at -6.5 m (Level 3) 
and 11.6 mm at -7.5 m (Level 4). Figure 7 shows the 
final diaphragm wall deflections of CX6, CX12 and 
CX19. The maximum diaphragm wall defection was 
11.6 mm of CX6 and the significant movement of 
the diaphragm wall was between -5 m and -11 m.  

Figure 8 depicts the development of diaphragm 
wall deflection at CX22 during the deep excavation. 
Figure 9 shows the final maximum diaphragm wall 
deflections of CX17, CX22 and CX27. The positive 
values also donates that the wall is away from the 
pit. The positive data (Figure 9) and negative data 
(Figure 7) are used to illustrate the relative position 
(Figure 5) and different directions of the diaphragm 
wall. The diaphragm wall deflections of CX17, 
CX22 and CX27 show similar trends to those shown 
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in Figure 9 and Figure 10. The maximum diaphragm 
was 12.4 mm at -9 m of CX17. 

4.2 Ground surface settlements 

Figure 10 shows the ground surface settlements of 
one section observed during the deep excavation. 
The measuring points of the section were D5-1, 
D5-2, D5-3, D5-4 and D5-5. The pattern of the 
settlements is very similar. The ground surface 
settlements increased along with the increase of the 
excavation depth. As for D5-4, there was 4.29 mm 
settlement after completion of the Level 1 of 3 m. 
And then the settlement reduced by 1.3 mm due to 
the first set of reinforced concrete struts. After this, 
the settlement increased with the excavation and 
would “Rebound” about 1 mm. The settlement 
remained stable after the completion of the Level 4 
of 16 m.  

Figure 11 shows the ground surface settlements 
of the five measuring points at different distances 
from the pit axis. The maximum settlements are 4.08 
mm (D5-1), 6.48 mm (D5-2), 10.1 mm (D5-3), 9.9 
mm (D5-4) and 6.9 mm (D5-5). The settlements of 
D5-3 and D5-4 were larger than that of the others 
because they were closer to the pit. The excavation 
depth of Level 3 was 6 m, and the settlements of this 
period were also larger than the other level. That is 
to say that the settlements of one excavation level 
are in accordance with the excavation depths. 

5 CONCLUSIONS 

Field tests were conducted in this study to evaluate 
the environmental effects induced by the deep 
excavation in karst strata. The observational data 
include lateral deflections of the diaphragm wall and 
ground surface settlements. The results can be 
summarized as follows: 

1. The ground surface settlement increased along 
with the increase of the excavation depth. However, 
the settlement would “Rebound” about 1 mm due to 
the reinforced concrete struts. The maximum ground 
surface settlement was 10.1 mm which was 
relatively small and less than the specified protection 
levels. 

2. The diaphragm wall deflections increased as 
the excavation proceeded to lower levels. The 
maximum diaphragm was 12.4 mm at -9 m of CX17 
which was within the allowable range. 

3. Karst caves were filled by grouting cement and 
sodium silicate. As the deep excavation has minimal 
impact on the surroundings environment, the 
treatment of the karst cave can satisfy the 
engineering practices and allow for the formation of 
a database to guide the future engineering. 
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Figure 9. Lateral deflections of the diaphragm wall of CX17, 
CX22, CX27. 

 

-15

-10

-5

0

V
e

rt
ic

al
 d

is
pl

ac
e

m
e

nt
 (

m
m

)

L = Level

L2, 8 m

 D5-1  D5-2  D5-3
 D5-4  D5-5

180150120906030
Time (day)

0

Excavation stage
L3, 14 m

L4, 16 m

L1, 3 m

0

 
Figure 10. Ground surface settlements of D5-1, D5-2, D5-3, 
D5-4, D5-5. 

 

-15 -10 -5 0 5 10 15
-15

-10

-5

0

Distance from excavation axis (m)

G
ro

u
nd

 s
ur

fa
ce

 s
e

tt
le

m
e

nt
 (

m
m

)

D5-5

D5-4 D5-3

D5-2

D5-1

 Level 1
 Level 2
 Level 3
 Level 4

Excavation axis

 
Figure 11. Ground surface settlements at different distance 
from the pit.

 

:192:



ACKNOWLEDGEMENTS 

The research work described herein was funded by 
the National Nature Science Foundation of China 
(NSFC) (Grant No. 41372283) and the Innovative 
Research Project of Shanghai Municipal Education 
Commission (No. 13ZZ021). The Sixth Bureau of 
China Railway Construction Inc., China, carried out 
the field construction. These financial supports are 
gratefully acknowledged. 

REFERENCES 

Finno, R.J., Atmatzidis, D.K., and Perkins, S.B. 1989. 
Observed performance of a deep excavation in clay. Journal 
of geotechnical engineering 115(8): 1045–1064. 

Lee, F.H., Yong, K.Y., and Quan, K.C.N. 1998. Effects of 
corners in strutted excavations: Field monitoring and case 

histories. Journal of Geotechnical and Geoenvironmental 
Engineering 124(4): 339 –349.  

Long, M. 2001. Database for retaining wall and ground 
movements due to deep excavations. Journal of 
Geotechnical and Geoenvironmental Engineering 127(3): 
203–224. 

Ou, C.Y., Hsieh, P.G., and Chiou, D.C. 1993. Characteristics 
of ground surface settlement during excavation. Canadian 
Geotechnical Journal 30(5): 758 –767. 

Tan, Y. and Wei, B. 2011a. Observed behaviors of a long and 
deep excavation constructed by cut-and-cover technique in 
Shanghai soft clay. Journal of Geotechnical and 
Geoenvironmental Engineering 138(1): 69-88. 

Tan, Y. and Wei, B. 2011b. Performance of an Overexcavated 
Metro Station and Facilities Nearby. Journal of 
Performance of Constructed Facilities 26(3): 241-254. 

Tan, Y. and Li, M.W. 2011. Measured performance of a 26 m 
deep top-down excavation in downtown Shanghai. 
Canadian Geotechnical Journal 48(5): 704-719.

:193:



:194:



1 INTRODUCTION 

Cantilever wall may be used as a flood wall in 
common practice such as in New Orleans, LA. USA. 
In the past, New Orleans suffered from the hurricane 
disaster, Hurricane Katrina, which caused largest 
damages and more widespread disasters in the histo-
ry of the United States. One of the causes was the 
failure of the flood wall resulting in the area more 
than 80% of New Orleans below sea level sub-
merged under flooding. Some of areas in New Orle-
ans were inundated with high water levels up to 7 
meters. In Thailand, there are increases usages of 
cantilever flood walls after the biggest floods in the 
year of 2554 in order to prevent housing projects or 
factories in industrial areas, where fencing of those 
projects were extended to desired height and de-
signed as cantilever walls to prevent possible flood-
ing occurring in the future. Due to such disaster in-
cidents, it is important to design flood walls so 
strong enough to prevent those disasters. The analy-
sis and design of flood walls are to determine factor 
of safety (FS), embedded length (L), including max-
imum shear force (Vmax) and maximum bending 
moment (Mmax) occurring in the wall. 

1.1 Related research 

Bea (2008) studied stability of flood walls in New 
Orleans by finite element method for finding the fac-
tor of safety that the wave cyclone exerted on the 

walls in different levels of wave heights. However, 
his research did not study general solution in the 
form of normalized parameters. 

Yuan and Whittle (2014) also studied stability of 
flood walls in New Orleans as well. But, they em-
ployed the method of finite element limit analysis 
with the upper bound method and lower bound 
method for determining the factor of safety. The 
analyses included two models, the model with soft 
clay layers and no soft clay layers. However, there 
was no study of general solution in the form of nor-
malized parameters as well. 

Ukritchon (1998) employed finite element limit 
analysis to study limit state solution of laterally 
loaded wall in clay with the upper bound method 
and the lower bound method. But, his solution can-
not be applied to the analysis of flood wall because 
it does not consider the effect of surcharge on the 
ground surface from the flooding.  

Therefore, existing solutions of flood wall per-
tains to some case studies, such as the case of New 
Orleans. In addition, there was no solution or design 
charts of flood wall in terms of normalized parame-
ters. The stability solution of cantilever wall exists in 
the case of soil retaining wall, according to general 
foundation engineering books, such as Bowles 
(2001), not solutions of the cantilever flood wall. 
The development of solution enables the analysis 
and design efficiently and effectively. 

Stability Analysis of Cantilever Flood Walls in Clay 

S. Keawsawasvong & B. Ukritchon 
Chulalongkorn University, Bangkok, Thailand 

ABSTRACT: This paper presents undrained stability of cantilever flood walls in cohesive soils. The two di-
mensional plane strain finite element is employed to determine stability of this problem. The cantilever wall 
with the length, L, resists the lateral load loading of water with the height, H. For finite element analyses, the 
clay is modelled as volume element with the Mohr-Coulomb material in an undrained condition. The wall is 
modelled as plate element with elastic material. Soil-structure interface are used around the embedded wall 
with the conditions of fully rough surface and no tension. The failure of the flood wall is simulated in finite 
element analyses by means of the strength reduction method. The results of analyses are presented in terms of 
stability number, FSγwH/(su0+ρH) as a function of embedment ratio, L/H, where γw = unit weight of water, su0 
= undrained shear strength of the clay at the surface, ρ = rate of linear increase in undrained shear strength. 
Finally, design charts of maximum shear force and maximum bending moment in the wall are also proposed 
in the paper. 
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1.2 Objective 

To determine general solutions and develop design 
chart of flood wall in terms of normalized parame-
ters. 

2 ANALYTICAL METHODS 

This research employed commercial finite element 
software, Plaxis 2D (Brinkgreve et al., 2002) with 
strength reduction method. The full undrained shear 
strength, su is successively and automatically re-
duced by the factor of safety, FS in the equation (1). 
The failure of the system happens and reaches limit 
state when FS converges to a constant value. 

u
um

S
S

FS
= (1) 

where 
umS = Reduced undrained shear strength 
uS = Full undrained shear strength 

FS = Factor of safety 

2.1 Clay model 

In finite element analysis, the clay is modelled as 
volume element with the Mohr-Coulomb material. 
Its parameters include undrained shear strength of 
the clay at the surface (su0), Poisson's ratio (ν) = 
0.495, Young’s modulus ratio (E/su0) = 500, total 
friction angle (φ) = 0, dilation angle (ψ) = 0. In addi-
tion, the rate of linear increase in undrained shear 
strength (ρ) is considered, as shown in Figure 1. 

2.2 Flood wall model 

The wall is modeled as plate element, where Pois-
son's ratio (ν) = 0.21, Young's modulus (E) = 
2.545x107 kPa. The parameters include embedded 
length of the wall (L) and height of the level water 
(H), as shown in Figure 1. 

2.3 Interface between the clay and the wall  

Interface elements are used around both sides of the 
embedded wall. The interface is fully rough such 
that, Ci = Csoil, φi = φsoil, ψi = ψsoil. In addition, ten-
sile stresses are not permitted at interface elements 
or no tension condition is applied. 

2.4 Displacement and stress boundary conditions 

The bottom boundary of the model is fixed both hor-
izontally and vertically. The left and right bounda-
ries are allowed to move only in the vertical direc-
tion.  For the top left boundary, there is constant 
surcharge of γwH from water pressure but the top 
right boundary is free surface. The extension of the 
wall above the ground surface is acted by the trian-
gular pressure from the flooding. Details of those 
boundary conditions are also shown in Figure 2. 

2.5 Mesh model 

The two dimensional plane strain geometry is used 
to model the flood wall in the clay layer. Triangular 
types of volume elements are used for modeling 
clays. There are 15 nodes for each triangular ele-
ment, corresponding to the cubic strain element type. 
In addition, very fine mesh distributions are em-
ployed in order to obtain accurate result of limit 
state. Figure 3 shows example of finite element 
mesh. 

2.6 Parametric studies 

Input normalized parameters for finite element 
method include: 

1. Ratio of embedded wall (L/H) = 0.8 - 2.5
2. Ratio of unit weight (γs/γw) = 1.4 - 1.8
3. Ratio of undrained shear strength increasing

linearly with depth from the ground surface (ρH/su0) 
= 0 – 1 

4. The reciprocal ratio of undrained shear
strength increasing  linearly with depth from the 
ground surface (su0/ρH) = 0 – 1 

Solutions obtained by finite element method include: 
1. Factor of safety (FS)
2. Maximum shear force (Vmax)
3. Maximum bending moment (Mmax)

Solutions of normalized parameters include: 
1. Stability number, FSγw/(su0+ρH)
2. Ratio of maximum shear force,

FSVmax/(su0+ρH)H
3. Ratio of maximum bending moment,

FSMmax/(su0+ρH)H2

Figure 1. Problem geometry of flood wall. 
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Figure 2. Boundary conditions in finite element analysis. 

Figure 3. Typical mesh used in finite element analysis . 

3 RESULTS 

Figure 4 shows an example of safety factor determi-
nation by the strength reduction method. The system 
fails and reaches the limit state when FS converges 
to a constant. In this example, FS value starts from 1 
and increases until it converges to 2.677, which is 
the answer of the selected problem. 
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Figure 4. Example of FS analysis. 

Normalized parameters were verified when the 
flood wall problem has constant input dimensionless 
parameters as: L/H and ρH/su0, resulting in constant 
output dimensionless parameter as shown in Figure 
5. 

No L H su0 γw ρ
1 4 2 10 10 1

2 8 4 30 10 1.5

No L/H ρH/su0 γs/ γw FS FSγwH/(su0+ρH)

1 2 0.2 1.4 1.774 2.957

2 2 0.2 1.4 2.661 2.957

No Vmax Mmax FSVmax/(su0+ρH)H FSMmax/(su0+ρH)H
2

1 23.51 31.68 1.738 1.171

2 93.62 253.63 1.730 1.172

Figure 5. Verification of normalized parameters. 

Figure 5 shows that solutions of normalized parame-
ters are functions of input normalized parameters as: 

1. FSγw/(su0+ρH) = f(L/H , ρH/su0)
2. FSVmax/(su0+ρH)H = f(L/H , ρH/su0)

3. FSMmax/(su0+ρH)H2 = f(L/H , ρH/su0)

The flood wall problem analyzed by the finite el-
ement software showed that the term γs/γw ranging 
between 1.4 - 1.8 did not affect the stability of the 
flood wall. Therefore, the variables that affect the 
solutions consist of only terms L/H and ρH/su0. 

Figure 6-8 show examples of failure mechanism 
of the flood wall by finite element software, includ-
ing deformed mesh, total increment vector and in-
cremental shear strain contour in comparison be-
tween three cases: ρH/su0 = 0, 1, ∞. For all three 
cases, the flood wall has the value of L/H = 1.5. In 
the figures, the failures of those cases are similar. 
The wall was pushed and tilted to the dry side, 
where the rotational point happens near the tip of the 
wall. The size of the failure for both sides is approx-
imately about the embedded length of wall. Howev-
er, the failure in the vertical direction extends to on-
ly the tip of the wall. 

Figure 6. Deformed mesh. 

Figure 7. Total increment vector. 

Figure 8. Incremental shear strain contour. 

Figure 9 shows examples of shear force and 
bending moment diagrams throughout the height and 
the length of the wall. The analyses found that all di-
agrams of shear force and bending moment are simi-
lar. The maximum shear force occurs at the surface 
or near the tip of the wall. Maximum bending mo-
ment occurs at the point of zero shear force below 
certain distance of the soil surface.  
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Figure 9. Example of shear force and moment diagrams. 

Figure 10-11 show the relationship of the stability 
of flood wall in clay, FSγw/(su0+ρH) and the ratio of 
embedded wall L/H. Each line in the graph of Figure 
10 corresponds to the contour of ρH/su0 from 0-1. 
But, that of Figure 11 corresponds to the contour of 
su0/ρH from 0-1.  
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Figure 10. Stability number solution, where ρH/su0 = 0-1. 
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Figure 11. Stability number solution, where su0/ρH = 0-1. 

Figure 10-11 can be used to design the required 
length of embedded wall, L in order to have ade-
quate factor of safety. In contrast, they can be used 
to determine the factor of safety of the wall for given 
input geometry conditions. 

Figure 12-13 show the relationship of the ratio of 
maximum shear force, FSVmax/(su0+ρH)H occurring 
in the wall as a function of the ratio of embedded 
wall L/H. Figure 14-15 show the relationship of the 
ratio of the maximum bending moment,  

FSMmax/(su0+ρH)H2 occurring in the wall as a func-
tion of the ratio of embedded wall L/H. Each line in 
the graph of Figure 12 and 14 corresponds to the 
contour of ρH/su0 from 0-1.  But, that of Figure 13 
and 15 corresponds to the contour of su0/ρH from  
0-1.  
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Figure 12. Maximum shear force, where ρH/su0 = 0-1. 
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Figures 14-15 can be used for finding maximum 
shear force and maximum bending moment in the 
wall required in designing the thickness of the wall 
and steel reinforcement that are needed to put in the 
wall in order to resist water pressure exerted on the 
wall. 

Contours of terms, ρH/su0 or su0/ρH cover all val-
ues of the ratio of undrained shear strength increas-
ing linearly with depth from the ground surface, 
where ρH/su0 = 0 - ∞ or su0/ρH = ∞ - 0. If the term ρ 
= 0 or ρH/su0 = 0, the undrained shear strength is 
constant throughout the depth. On the contrary, 
when su0 = 0 or su0/ρH = 0, the undrained shear 
strength linearly increases with depth from zero at 
ground surface, where this case corresponds to 
coastal clay condition. However, the terms su0 and ρ 
cannot be zero at the same time because it means the 
clay does not have strength at all, which causes in-
stability of the flood wall, regardless of any embed-
ded length. 

4 CONCLUSION 

This paper presents undrained stability of cantilever 
flood wall in clay with two dimensional plane strain 
finite element analysis. The results showed that the 
solutions of the flood wall depend on two normal-
ized parameters as: 

1. Ratio of embedded wall (L/H)
2. Ratio of undrained shear strength increasing

linearly from the ground surface (ρH/su0)

 The solutions of the flood wall were presented in 
terms of the normalized parameters as: 

1. Stability number, FSγw/(su0+ρH)
2. Ratio of maximum shear force,

FSVmax/(su0+ρH)H
3. Ratio of maximum bending moment,

FSMmax/(su0+ρH)H2
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1 INTRODUCTION 

In order to verify the effectiveness of Raft and Pile 
foundation with various analysis conditions, finite 
element analysis was done. FEM simulation em-
bankment constructed over soft Ariake clay ground 
using a computer code Plaxis. Evaluated the safety 
factor, estimated the residual settlement of the road 
surface excess and pore pressure for an embankment 
heights of 5.5m.  

The safety calculation type(Phi/c reduction)  is an 
option available in PLAXIS to compute grobal 
safety factors. In the safety approach the strength 
parameters tanφ and c of the soil are uccessively 
reduced untill failure of the structure occures. The 
total multiplier MsfΣ is used to define the value of the 
soil strength parameter at a given stage in the 
analysis: 

  (1) 

where the strength parameters with the subscript 
‘input’ refer to the properties entered in the material 
sets and parameters with the subscript ‘reduced’ 
refer to the reduced values used in analysis. MsfΣ is 
set to 1.0 at the start of calculation to set all material 
strengths to their input values. 

2 SLOPE STABILITY AND DEFORMATION OF 
TIMBER RAFTANDPILE FOUNDATION 
SUBJECTED TO ROAD EMBANKMENT 

For embankments, loading  caused by soil weight 
and and increase in soil weight would not necessari-

ly lead to collapsed. A more appropriate definition 
of the factor of safety is therefore: 

Safety factor =   (2) 

where c   and  φ    are the input strength parameters 
and  

n
σ  is  the actual normal stress component. The 

parameters 
r

c  and 
r
φ are reduced strength parame-

ters that are just large enough to maintain 
equilibruim. The principle described above is the ba-
sis of the method f safety that can be use in Plax-
is(Plaxis Manual) 

  (3) 

Referring to Figure 1 and Figure 2, in this present 
study examines the construction of highway em-
bankment support with Timber Raft and Pile founda-
tion on a 11 m deep soft clay ground. The embank-
ment is 12 m wide top and 5.5 m high. The slopes 
have a slope of 1:1.8. The phreatic level concides 
with the original ground surface. Material properties 
are listed in Table 1 Table 2  shows details for nu-
merical simulation of embankment (4 cases, H = 5.5 
m) 

Slope Stability and Deformation of Embankment on Soft Ground 
Supported with Timber Raft and Pile Foundation 

P. Poungchompu  
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mation  analysis considered togather with small-scale physical model test. Examples of Timber RaftandPile 
Foundation supported embankment on soft ground, the safety factor obtained from the calculation found that 
an effectiveness of a Timber Raft and Pile increasing stability while reducing deformation of embankment.  
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Figure1. Situation of road embankment on soft soil.

 

 
 

Figure 2. Typical finite element mesh for embankment height 
5.5m. 

Table 1.  Material properties.  

Soft clay ground
thickness11m

Construction fill
 thickness 5.5m

12m

1:1.8

 32m

Sand

CL

Dense Sand

Weather crust 1.0m

Road embankment

Soft clay

Raft

Pile Pile

Embankment

With 2R6P

(5.5m)

CL

(m)

(m)

0.00 10.00 20.00 30.00 40.00 50.00 60.00 70.00 80.00

0.00

10.00

-10.00

-20.00

-30.00

CLCL

(m)

(m)

0.00 10.00 20.00 30.00 40.00 50.00 60.00 70.00 80.00

0.00

10.00

-10.00

-20.00

-30.00

Embankmentloading rate

0

5.5m

  Load
fill amount

  (m) 27days

Weathered crust (B), 0m-1m

Ariake clay (Ac2), 1m-11m

Sand (As2), 11m-16m

Dense Sand (Ds), 16m-30m

-10.250560.250560.002280.00989[m/day]kx

-10.250560.250560.001520.00657[m/day]ky

-30--2525[ °]ϕ

----1.24[-]OCR

-1--55[kN/m²]c

0.330.300.200.200.30.25[-]ν

1.0E088.0E033.0E041.5E04--[kN/m²]Eref

-1112.52.0[-]einit

----0.0250.0083[-]κ∗

----0.250.083[-]λ∗

4.7016.019.0015.5014.5015.0[kN/m³]γunsat

Linear
Elastic

Mohr 
Coulomb

Linear
Elastic

Linear
Elastic

Soft-SoilSoft-SoilModel type

timberFillDense Sand 
(Ds)

16m-30m

Sand
(As2)

11m-16m

Ariake clay
(Ac2)

1m-11m

Weathered crust
(B)

0m-1m

Materials(1)

-10.250560.250560.002280.00989[m/day]kx

-10.250560.250560.001520.00657[m/day]ky

-30--2525[ °]ϕ

----1.24[-]OCR

-1--55[kN/m²]c

0.330.300.200.200.30.25[-]ν

1.0E088.0E033.0E041.5E04--[kN/m²]Eref

-1112.52.0[-]einit

----0.0250.0083[-]κ∗

----0.250.083[-]λ∗

4.7016.019.0015.5014.5015.0[kN/m³]γunsat

Linear
Elastic

Mohr 
Coulomb

Linear
Elastic

Linear
Elastic

Soft-SoilSoft-SoilModel type

timberFillDense Sand 
(Ds)

16m-30m

Sand
(As2)

11m-16m

Ariake clay
(Ac2)

1m-11m

Weathered crust
(B)

0m-1m

Materials(1)

Note: (1) Chai et al 1999, except for Fill (Plaxis) and timber (WWW.hitasca.com)
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Table 2.  Detail for numerical simulation of embankment (4cases, H=5.5m.) 

(a) 

(b) 

(c) 

(d) 

Figure 3. Displacement contour for case (a) without any sup-
port (b) case 2R6P.(c) case 2R.(d) case 1R. 

Figure 4. Evaluation of Safety factor. 

Figure 3 shows contour at failure for case without 
any support. For case with Raft and with Raft and 
pile shows much smaller than that observed in the no 
support case. 

To evaluate the safety factor, however, is to plot a 
curve in which the parameterMsfΣ  is plotted against 
the displacement of certain node shown in Figure 4. 
According to this calculation the, the most effective 
safety factor appears to 1.41 for case 2R6P.  Alt-
hough the displacements are not relevant, they indi-
cate whether or not a failure mechanism has devel-
oped for case without any supported. The 
effectiveness of Timber Raft and Pile increase stabil-
ity is evident. 

Table 3 shows the effectiveness for case 2R6P 
inreducing deformation and excess pore pres-
sure(corresponding to displacement vectors) beneath 
embankment and beyond toe compared to case 2R.  
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Table 3.  Deformation and excess pore pressure. 

(a) 

(b) 

Figure 5. Deformation of embankment (a) surface vertical dis-
placement (b) horizontal displacement at toe.  

For case 1R is lowest rigidity, slope belong 
emankment(see Figure 5.) that will not be permit the 
construction of a 5.5m embankment on soft ground 
thickness 11m. For cases 2R using Raft alone and 
2R6P using two layers of Raft and pile length 6 m, is 
reasonably enough to minimize reduce differential 
settlements beneath embankment. 
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<<soil box>>

rulers

steel plate
185mm* 300mm * 0.6 mm
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3
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Loading system

circles 
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grid 
marked

Figure 6. Test set up used in Raft and Pile model test. 

Figure 6 shows test set up used in Raft and Pile 
physical model test.  The displacement vectors, as il-
lustrated in Figure 7 Figure 5a shows the subsoil 
movement vectors for the case without any support 
(test MT-0). In this case, the soil movement is at 
first downward and then outward towards the em-
bankment toe direction. Outside the embankment 
toe, both upward and outward movements were ob-
served. This result confirms the heaving noticed out-
side the toe in Figure 7a For the case with raft (Fig-
ure 7b, the subsoil movement is also downward and 
outward towards the embankment toe direction. 
However, the outward movement is much smaller 
than that observed in the no support case (Figure 5a 
For the case with the raft-pile, test MT-RP2 (Figure 
7c  the downward movement is large. However, the 
outward movement is very small compared to other 
cases. These results confirm that the raft-pile foun-
dation can transfer the embankment loading into 
deeper into subsoil. Thus, the raft-pile foundation 
not only improves the stability of the embankment 
on the soft subsoil but also reduces the displacement 
of the subsoil significantly. In addition, no ground 
movement is observed beyond the embankment toe. 
Longer piles are the most effective in reducing dif-
ferential deformation beneath embankment and be-
yond embankment toe. This is an important ad-
vantage. 

For construction of highway embankments, the 
important design considerations include allowable 
embankment settlement and ground deformation. 
Matsuo and Kawamura (1977) proposed a ratio of 
vertical displacement to horizontal displacement for 
control of embankment construction on soft ground. 
Comparing the case of raft and piles, it is clear that 
piles can significantly reduced lateral movement in 
the clay ground, concentrating the lateral displace-
ment within an area bounded by the piles (see Figure 
8). 
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(a) without any support MT-0. 
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(b) support with raft MT-R1. 
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(c) support with raft-pile MT-RP2. 

Figure 7. Displacement in ground (a) without any support MT-
0, collapsed under 10 kPa (b) support with raft MT-R1, under 
30 kPa (c) support with raft-pile MT-RP2, under 30 kPa. 
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(c) support with raft-pile MT-RP2. 

Figure 7. Surface vertical displacement for case (a) without any 
support MT-0, collapsed under 10 kPa (b) support with raft 
MT-R1, under 30 kPa (c) support with.raft-pile MT-RP2. 
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Figure 8. Effectiveness of Raft and Pile Foundation (L = in-
stalled depth of piles). 

CONCLUSIONS 

Based on the results of the finite element analysis 
and physical model tests, Timber Raft and Pile 
Foundation shows promise in reducing deformation 
while increasing stability. They are also effective in 
reducing excess porepressure that corresponding to 
displacment vector in subsoil. 
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1 INTRODUCTION 

The behavior of naturally structured clay is highly 
nonlinear and plastic from the early stages of load-
ing and subyielding usually occurs for stress excur-
sion inside the virgin yielding surface (Suebsuk et 
al., 2008). Moreover, examining the deformation of 
soil in geotechnical engineering practice shows that 
most geotechnical structures operate under working 
loads within the subyielding range (Burland, 1989). 
Hence, in order to obtain accurate predictions of the 
deformational response, it is necessary to investigate 
and model the soil behavior within this range of 
strains. 

In this paper, the concept of plastic volumetric 
hardening and destructuring is introduced as the un-
derlying assumption of the theoretical study. The 
mechanical behavior of naturally structured soils 
during subyielding is examined. The corresponding 
mathematical formulae describing the subyielding 
behavior are also presented, all of which implicitly 
employ the plastic volumetric deformation as a state 
parameter. To verify its performance, the proposed 
postulate for subyielding behavior is implemented 
into the Structured Cam Clay (SCC) model (Liu and 
Carter, 2002). The SCC model with the implementa-
tion is used to simulate the behavior of naturally 
structured clays under compression and shear load-
ings. The postulate is then evaluated in light of the 
model’s performance. 

2 THE GENERALIZED HYPOTHESIS 

A mathematical equation for describing the harden-
ing and destructuring behavior of soils during suby-
ielding is proposed, which is suitable for both recon-
stituted and naturally structured soil. The isotropic 
compression behavior of structured soil is examined 
first, wherefrom an equation describing the plastic 
volumetric deformation during virgin yielding is ob-
tained. The equation for the hardening and destruc-
turing behavior of soil during subyielding is pro-
posed here as linked to that of the soil during virgin 
yielding when the kinematic hardening effect and 
destructuring effect are taken into account. The pro-
posed subyielding postulate is implemented into the 
SCC model in order to demonstrate quantitatively 
the working of the postulate. Details of the SCC 
model can be found in a paper by Liu and Carter 
(2002). 

2.1 A fundamental assumption of the proposed 
work 

A fundamental assumption of the work presented in 
this paper is that both the hardening and destructur-
ing of structured clay are dependent solely on plastic 
volumetric deformation. The following outcomes 
flow from this fundamental assumption, a detailed 
analysis of which can be found in a paper by Liu and 
Carter (2000a; 2003): (1) the magnitude of the plas-
tic volumetric deformation of natural clay is depend-
ent on changes in the size of the yield surface, irre-
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spective of the stress path; (2) the current yield sur-
face evolves from the initial structural yield surface 
due to the effects of both hardening and destructur-
ing, both of which are functions of the plastic volu-
metric deformation. Experimental evidence for the 
dependence of hardening and destructuring on vol-
umetric deformation may be found in studies such as 
Carter et al. (2000) and Cotecchia and Chandler 
(2000). 

Because the elastic volumetric deformation can be 
calculated from the current stress state, the value of 
the voids ratio minus the elastic contribution thus 
uniquely defines the plastic volumetric strain.  
Therefore, the size of the yield surface is related to 
the current voids ratio and current stress state, from 
which the elastic volumetric deformation is comput-
ed. 

2.2 Yield surface and loading surface 

The occurrence of plastic deformation for loading 
inside the yield surface is called a subyield surface. 
In this paper, the focus is on the subyielding behav-
ior of structured soils. The yield surface is defined 
by distinguishing the virgin yielding behavior from 
the subyielding behavior. According to the Struc-
tured Cam Clay model, the yield surface for struc-
tured soils is assumed to be elliptical, with the aspect 
ratio being the critical state strength, M*. Thus, 

( )2 2* 0sq M p p p′ ′ ′− − = (1) 

The size of the structural yield surface is denoted by 

sp′ , which is the intercept of the yield surface on the 

isotropic (or p' axis) in stress space. sp′  can be cal-

culated from the value of a stress state on the sur-
face, i.e., 

( )2 2 2* / *sp p M Mη′ ′= + (2) 

The two-surface theory for modeling the elasto-
plastic deformation of materials (e.g., Dafalias and 
Popov, 1975; Hashiguchi, 1980) is adopted in this 
work. The two surfaces are the yield surface and the 
subyield (or loading) surface, as shown in Figure 1a. 

Because the effects of anisotropy are not exam-
ined in this paper, only the variations in the size of 
the loading and yield surfaces due to soil structure 
are modeled. Hence, the structural yield surface in 
the q-p' space is also assumed to be elliptical in 
shape with the aspect ratio being equal to M*  (Fig-
ure 1a.). The value sp′ , which represents the size of 

the structural yield surface, is the non-zero value of 
p' where the ellipse intersects the p' axis. Similarly, 
the subyield surface is assumed to be elliptical, and 
with the same aspect ratio M*  (Figure 1a). The 
mathematical formulae for the structural yield sur-
face and subyield surface are the same as Eq. (1). 

The size of the subyield surface is denoted bycp′ , the 

value of which is determined entirely by the current 
stress state. 

2.3 Idealized compression behavior for structured 
clays 

Based on the examination of a large body of experi-
mental data, Liu and Carter proposed the following 
material idealization for the compression behavior of 
naturally structured, as shown in Figure 1b (Liu and 
Carter, 1999, 2000b). A general compression equa-
tion for the isotropic virgin compression of clays 
with various structured was also proposed: 

( ) ,* * * ln
b

y i
IC

p
e e e e p a c

p
λ

 ′ 
′  = + ∆ = − + +  ′  

(3) 

In this equation, e∆ , the additional voids ratio, is the 
difference in voids ratio between a structured soil 
and the corresponding reconstituted soil at the same 
stress state. ,y ip′  is the mean effective stress at which 

the virgin yielding of the structured soil begins, b is 
the parameter quantifying the rate of destructuring 
during virgin yielding (termed as the destructuring 
index), and c is that part of the additional voids ratio 
which is sustained by a structure that cannot be elim-
inated by any increase in stress. Parameters a and c 
satisfy the following condition: 

ia c e+ = ∆ (4) 

where ie∆   is the initial value of the additional voids 

ratio ( e∆ ) sustained by the soil structure, i.e. at 

,y ip p′ ′= , as shown in Figure 1b. 

(a) Two-surface model 

(b) Idealized compression behavior 

Figure 1. The material idealization of the proposed work. 
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2.4 Volumetric deformation during virgin yielding 

In general loading with c sp p′ ′=  and 0cdp′ > , virgin 

yielding occurs. During virgin yielding, the current 
stress state stays on the yield surface, and is coinci-
dent with the loading surface. 

It is assumed that the elastic deformation of soil is 
independent of soil structure. Following the Cam 
Clay tradition, the virgin isotropic compression be-
havior of soils, as described by Eq. (3), can be re-
written in terms of elastic and plastic parts as in the 
following: 

( ),* * ln * * ln
b

y i
IC

p
e e p a p c

p
κ λ κ

′ 
′ ′= − + − − + ′ 

 (5) 

Based on the assumption that both the hardening and 
destructuring of natural clay are dependent only on 
plastic volumetric deformation, the plastic part of 
the voids ratio change is thus dependent on the size 
of the current yield surface, and not on the mean ef-
fective stress. Hence, p′  in the third and fourth 
terms of Eq. (5) should be substituted by the size of 
the current structural yield surface, sp′ . Given the 

yield surface from Eq. (1), the size of the yield sur-
face for isotropic stress state is equal to the value of 
the current mean effective stress, so that Eq. (5) can 
be rewritten for loading along general stress paths as 
the following: 

( ),* *ln * * ln
b

y i
IC s

s

p
e e p a p c

p
κ λ κ

′ 
′ ′= − + − − + ′ 

 (6) 

Based on Eq. (6), the following general equation for 
the volumetric deformation of structured soil during 
virgin yielding is obtained: 

( * *)*

1 (1 )
s

v
s

dpdp
d

b e ce p e p

λ κκ
ε

− +  ′′ 
= +   ′ ′∆ −+ +   

(7) 

where 
if 0

0 if 0

a a
a

a

≥
= 

<
(8) 

e∆  is the current value of the additional voids ratio 
as sustained by the soil structure for loading along 
general stress paths. As shown in Figure 1b, 

*e e e∆ = − . It is necessary to add the sign function 
<a> to the term ( e c∆ − ) in Eq. (7) because, as noted 
previously, the voids ratio component c cannot be 
reduced by any increase in compressive stress. 

The first part of Eq. (7) represents elastic defor-
mation, i.e., 

*

1
e
v

dp
d

e p

κ
ε

′ 
=  ′+  

(9) 

The plastic strain increment can therefore be ex-
pressed as, 

( )
,virgin yielding

* *

(1 )
p s

v
s

dp
d

e pb e c

λ κ
ε

−  ′
=  

′++ ∆ −  
(10) 

The plastic volumetric deformation can be written in 
terms of ( )*

p
vdε  for the reconstituted soil, and ( )

p
v edε ∆

for the effect of soil structure, as follows: 

( ) ( )
( )* * *
1

p s
v

s

dp
d

e p
ε λ κ

′
= −

′+
(11) 

( ) ( )1
p s

v e
s

dp
d b e c

e p
ε ∆

′
= ∆ −

′+
(12) 

Al ternatively, Eq. (10) can be expressed as, 

( )
(1 )

* *

p
s v

s

e p d
dp

b e c

ε
λ κ

′+
′ =

− + ∆ −
(13) 

Eq. (11) is also applicable for reconstituted clay, 
where 0e c∆ = =  and 0sp p′ ′= . Hence, for reconsti-

tuted clay, 

( )
( )

1

* *

p
o v

o

e p d
dp

ε

λ κ

′+
′ =

− (14) 

2.5 Proposed volumetric deformation during 
subyielding 

Subyielding occurs during a stress excursion inside 
the current yield surface. The structural yield surface 
varies during subyielding and this variation is repre-
sented by the size of change in the surface. The 
hardening and destructuring, which affect the size of 
change in the yield surface, are dependent on the 
volumetric plastic deformation. It is therefore possi-
ble to link the size of change in the yield surface or 
loading surface with the incremental plastic volu-
metric deformation. 

In this study, the plastic volumetric deformation 
of subyielding is linked to that for virgin yielding. 
The exact mathematical expression proposed for 
subyielding is based on an examination of the avail-
able experimental data. The following equation of 
the plastic volumetric deformation for subyielding is 
proposed: 

( ) ( )( )*

,subyielding 1
* 1

p a p
v v ep

v b

d d
d

ε α εη
ε

γα
∆+ = − Μ + 

(15) 

where γ is the material parameter controlling the de-
structuring during subyielding. The higher the value 
of γ, the stiffer the plastic volumetric deformation. 
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α represents the kinematic hardening effect of 
stress history on the plastic deformation of the soil. 
A simple scalar expression for α is suggested as: 

( )( ),

,

if 0
/

if 0

s c
c

s c his c s

c
c

c his

p p
dp

p p p p

p
dp

p

α

 ′ ′−
′ ≥

′ ′ ′ ′−
= 

′ ′ < ′

 (16) 

in which ,c hisp′  is the size of the loading surface 

where unloading or reloading occurs. At the moment 
the current stress state reaches the yield surface and 

0cdp′ > , virgin yielding commences. 

Compared with the plastic volumetric deformation 
for soils during virgin yielding, it can be observed 
that for the isotropic stress state there is a smooth 
transition from subyielding to virgin yielding if γ = 
0. For other situations, the transition is no longer 
smooth. 

Factor α2 is introduced in the item for plastic vol-
umetric deformation associated with additional voids 
ratio. This is based on experimental observation that 
although during virgin yielding natural soft clay is 
much more compressible than the same soil in a re-
constituted state, there is no evidence that during 
subyielding natural soil is more compressible than a 
reconstituted one. A summary of experimental data 
on the compression behavior of clays with various 
structures can be found in papers by Liu and Carter 
(1999, 2000b). 

Consequently, the following general equation is 
proposed: 

( )

( ) ( )

2

,subyielding

* *

1
* 1 1

c

cp
v

s

dp

b e c dp
d

e p

λ κ

αη
ε

γα

′− 
 

′+ ∆ −   = − ×   ′Μ + +   
  

 (17) 

The plastic volumetric deformation contributed by 
destructuring is irrecoverable during cyclic loading. 
For example, it is rational that this part of defor-
mation should be non-expansive for soil with a posi-
tive e∆ . Thus, an absolute sign is introduced for the 
plastic deformation associated with destructuring. 

3 EXPERIMENTAL EVALUATION AND 
DISCUSSION 

The results of compression and undrained shearing 
tests on five different soils are considered in order to 
verify the proposed plastic volumetric deformation. 

These results have been obtained from the literature, 
while the details of soil parameters and a new mate-
rial parameter γ  are listed in Table 1. The stress 
units adopted here are kPa. All the compression tests 
involve isotropic compression, while all the un-
drained shearing tests are performed in a triaxial 
compression apparatus. The intrinsic compression 
line (ICL) is from the clay in remolded state (with-
out cementation structure). The ICL is defined by 
the two parameters denoted by an asterisk, *λ  and 

*
ICe . The κ  is the slope of linear portion of the struc-

tured compression line. The,y ip′ , ie∆ , and b  are the 

parameters defining the structural compression line 
that the method used to determine their values, as 
shown in Suebsuk (2010). The aspect ratio, M*, was 
obtained from the undrained stress path in q-p' 
space. A parametric study of γ  has been presented in 
the work of Suebsuk et al. (2008). The value of pa-
rameter γ  has been determined by finding the best 
match of the test data for subyielding in both the e-ln 
p' and q'-p spaces with Eqs (14) and (15). 

Comparisons between the proposed model and the 
experimental data are shown in Figs. 2 to 6. The 
simulated curves are represented by solid lines. The 
experimental data for the behavior of structured soil 
are represented by black circles. And the ICL for 
soil in a remolded state is represented by thinner 
broken lines. For the soils discussed in this study, it 
was found that 4.5 20γ≤ ≤ . Generally speaking, a 
higher γ  is for non-sensitive structured clays, and a 
lower γ  is for sensitive structured soils. The de-
structuring does not affect the compression curve 
when γ  rises to infinity ( ,subyielding 0p

vdε = ). The 

smooth transitions from pre-yielding to virgin-
yielding behaviors in isotropic compression situa-
tions have been better represented by the proposed 
model. This improves the overall accuracy of the e-
ln p' relationship. 

Figs. 7 to 11 present the undrained effective stress 
path of different soils as simulated by the parameters 
listed in Table 1. All stress paths are in the state 
boundary surface (SBS) or pre-yielding state. The 
experimental data covers the range of confining 
stress on both the dry and wet sides of critical state 
line. The current SBS for soils is represented in the 
figure by thinner broken lines. The smooth stress 
path response was simulated along the loading path. 
The proposed model yields good results for the plas-
tic volumetric strain during undrained shearing with

0dp′ ≠ . The plastic deformation of soil on the dry 
and wet sides of the critical state line is captured. 
This is especially important for highly overconsoli-
dated, sensitive, and structured soils, i.e., marl clay 
(Figure 8).  
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Table 1. Details of soil parameters. 
No. Soil Reference *λ  

*
ICe  κ  ,y ip′  ie∆  b  γ  

*M
 

1 Osaka clay Adachi et al. (1995) 0.147 1.920 0.0265 80 0.590 0.30 6.0 1.70 

2 Marl clay Anagnostopoulos et al. (1991) 0.025 0.670 0.0087 4,350 0.087 0.55 6.0 1.10 

3 Pisa clay Callisto and Calabresi (1998) 0.235 2.471 0.0251 220 0.520 0.40 4.5 1.20 

4 Leda clay Mitchell (1970) 0.222 2.334 0.0260 230 0.805 0.60 20.0 1.50 

5 Ford William Clay Eigenbrod and Burak (1991) 0.123 1.262 0.0200 350 1.600 0.40 10.0 1.20 

 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 2. Compression behavior of Osaka clay. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 3. Compression behavior of Marl clay. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 4. Compression behavior of Leda clay. 
 

 
 
 
 
 
 
 
 
 
 
 
 
Figure 5. Compression behavior of Pisa clay. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 6. Compression behavior of Ford William clay. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 7. Effective stress path of Osaka clay. 
 
 
 

It can be seen from a simulation of the experi-
mental data that the rates of destructuring during 
subyielding do vary with the pre-shear mean effec-
tive stress. For example, there are four tests on sam-
ples of Pisa clay taken from the same location, but at 

different pre-shear mean effective stress (Figure 10). 
The values of γ  are found to be 4.5 for the four 
tests. 
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4 CONCLUSIONS 

Based on an extensive review of the available exper-
imental data, volumetric deformation during suby-
ielding to describe the mechanical behavior of natu-
rally structured clays was proposed. A fundamental 
hypothesis is that the hardening and  destructuring of 
structured clay during subyieldingare linked to the 
plastic volumetric strain of virgin yielding. The pro-
posed work was implemented into the SCC model. 
The key feature of the SCC model with the imple-
mentation is that the plastic deformation for the 
stress state inside the SBS can be well-captured. The 
SCC model with implementation can simulate both 
the isotropic compression and undrained stress path 
relationships of structured clays well over a wide 
range of stress state, and thus can be used as a pow-
erful tool for modeling the plastic deformation of 
structured soils. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 8. Effective stress path of Marl clay. 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 9. Effective stress path of Leda clay. 
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Figure 10. Effective stress path of Pisa clay. 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 11. Effective stress path of Ford William clay. 
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1 INTRODUCTION 

Deformation behavior of soil under oedometer con-
dition has been studied by many researchers. Jaurez-
Badillo (1965) proposed a hyperbolic relationship 
between compressibility and mean effective stress 
for clays and plastic silts. Hardin (1989) proposed a 
model for normally consolidated cohesive soils un-
der one dimensional (1D) condition. Liu and Znidar-
cic (1991) proposed a power function that can simu-
late e-log(p’) (e is void ratio and p’ is consolidation 
pressure) curves both in normally and overconsoli-
dated ranges of clays using the same parameters. Liu 
and Carter (1999; 2000) analyzed compression be-
havior of natural structured clays and proposed a 
model for structured soils during virgin compres-
sion.  However, these models do not consider the 
hysteresis loop on e-log(p’) plot during unloading-
reloading process. Butterfield (2011) proposed a rel-
atively sophisticated model for virgin loading and 
unloading-reloading paths. It is desirable to check on 
whether Butterfield’s model can be applied to 
Ariake clay in Saga, Japan. 

In this study, laboratory oedometer tests have 
been conducted following loading and unloading-
reloading stress paths using both undisturbed and re-
constituted Ariake clay samples. Then, Butterfield 
(2011)’s model has been used to simulate the test re-
sults and the applicability of the model to Ariake 
clay is discussed. 

2 A BRIEF REVIEW OF BUTTERFIELD’S 
MODEL 

Butterfield (2011) proposed a model for unloading-
reloading induced one-dimensional deformation of 

clayey soil. The basic assumptions adopted are as 
follows: 

1) Virgin compression as well as unloading lines 
are linear in log(p’)-log(v) plot. Here �’ is consolida-
tion pressure, and v is specific volume, v = 1+e. In 
this plot the slope of the virgin loading is C’c and 
unloading is C’s as shown in Figure 1. 

2) For reloading, log(p’)-log(v) relationship is 
non-linear and can be expressed as: 
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            (2) 

where p’a is the maximum consolidation pressure be-
fore unloading; p’b is the end of unloading pressure; 
C’r is the initial slope of the reloading curve; C’0 is 
the slope of the reloading curve at  p’ = p’ a; and vb is 
the specific volume corresponding to p’b.   
 3) When unloading-reloading in overconsolidated 
range or so called, “intermediate” unloading-
reloading, log(p’)-log(v) relationship is linear and 
the deformation is elastic (recoverable) with a slope 
of C’d  (C’r < C’d < C’s) in log(p’)-log(v) plot. As-
suming C’d linearly varies with log(p’) between C’r 
and C’s, it can be expressed by the following func-
tion: 

 
' ' ' '

log( ) / log( ) log( ) / log( )
' ' ' '
d s d c

r r b b

C C p p

C C p p
=   (3)                                                                 

where p’c  is the reloading pressure where the reload-
ing line merges with the virgin loading curve. But-

Modelling Unloading-Reloading Behavior of Ariake Clay under 
Oedometer Condition 

A. Suddeepong, J. C. Chai & T. Hino 
Saga University, Japan 

 
 

 
 

 
 

ABSTRACT: The deformation behavior of Ariake clay during unloading-reloading has been investigated. 
The oedometer test results indicate that unloading-reloading cycles can induce plastic deformation. An exist-
ing unloading-reloading model can be used to simulate the deformation behavior of the sample under a single 
unloading-reloading process, but it failed to simulate repeated unloading-reloading induced plastic defor-
mation within overconsolidated region. 
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terfield’s model needs five parameters, i.e. C’c, C’s, 
C’r, C’0 and C’d. 

Figure 1. Definition of some symbols in a log(v) versus log(p’) 

plot. 

Figure 2. Measured and predicted loading and unloading-
reloading paths of the undisturbed Ariake clay. 

3 LABORATORY TESTS 

Both undisturbed and reconstituted Ariake clay 
samples were used in laboratory oedometer tests. 
The undisturbed soil samples were retrieved from 
Kawasoemachi, Saga City, Japan, from 25.00-25.85 
m depth by Japanese standard thin-wall sampler. 
The natural water content of the soil is about 50% 
and specific gravity of the soil particles is 2.63. The 
liquid limit and plastic limit are 62.2% and 37.7%, 
respectively. Based on the unified soil classification 
system (USCS), the soil is classified as inorganic 
clay of high plasticity (CH).  

Reconstituted samples were prepared using 
remolded Ariake clay obtained at about 2.0 m depth 
from the ground surface, at Ogi, Saga Prefecture, Ja-
pan.  The liquid limit and plastic limit of the soil are 
120.3% and 56.8%, respectively. The soil was thor-
oughly mixed at a water content of about 1.5 times 
of its liquid limit, and then consolidated under a 
pressure of 10 kPa to form the reconstituted samples.
 The laboratory oedometer tests have been con-
ducted under loading, unloading-reloading cycles to 
investigate the deformation behavior of the samples. 
The tests were conducted according to JIS A 1217 
(JSA 2009). 

Figure 3. Measured and predicted loading and unloading-
reloading paths of the reconstituted Ariake clay. 
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4 TEST AND SIMULATED RESULTS AND 
DISCUSSIONS 

4.1 Single unloading-reloading 

Figure 2 and 3 show loading, unloading-reloading 
curves of the undisturbed and reconstituted Ariake 
clay samples in log(p’)-log(v) diagram. It can be ob-
served that the unloading curve is close to linear, 
and reloading curve is non-linear, which supports 
the assumption made by Butterfield (2011). Butter-
field’s model is used to simulate the test results. 
Among the four model parameters, i.e. C’c, C’s, C’r 
and C’0, the values of C’c and C’s can be determined 
directly from the test results, and for the results giv-
en in Figure 2 and 3, the evaluated values of C’c and 
C’s are listed in Table 1. With the test results of dou-
bling the consolidation pressure (p’) at each loading 
increment during loading and reducing p’ to haft of 
its previous value during unloading, there is no 
straightforward way to directly determine C’r and 
C’0 values.  By back fitting the test results using 
Butterfield’s model, it has been found that the values 
C’0 and C’r can be estimated from the values of C’c 
and C’s respectively, as: 

 
'

0 0.35 'cC C=        (4)                                                           

' 0.24 'r sC C=                                      (5)                                                                                          

The simulated results by Butterfield’s model are 
included in Figure 2 and 3 also. It can be seen that 
the model resulted in good predictions of the defor-
mation behavior of virgin loading, unloading-
reloading of the undisturbed and reconstituted 
Ariake clay samples. 

Table 1.Values of model parameter of Ariake clay samples. 

Sample �′�/�′� �′� (kPa)  �′� �′	 

Undisturbed 4 313.8 0.0827 0.0047 

 4 627.7 0.0827 0.0059 

 8 313.8 0.0858 0.0044 

 8 627.7 0.0858 0.0048 

Reconstituted 4 78.47 0.0938 0.0067 

 8 78.47 0.105 0.0080 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 4. Measured and predicted repeated intermediate un-
loading-reloading paths of the undisturbed Ariake clay. 

 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 5. Measured and predicted repeated intermediate un-
loading-reloading paths of the reconstituted Ariake clay. 
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4.2 Repeated intermediate unloading-reloading 

Figure 4 and 5 show the test results of repeated in-
termediate unloading-reloading curves of undis-
turbed and reconstituted Ariake clay samples. The 
simulated results by Butterfield’s model are included 
into Figure 4 and 5 also.  It can be observed that in-
termediate unloading-reloading process is not purely 
elastic. There is continuous increase of plastic de-
formation with the increase of the number of loading 
cycles. Butterfield’s model can predict the first un-
loading-reloading curve well. However, since the 
model assumes that intermediate unloading-
reloading process is purely elastic, no more plastic 
deformation can be predicted after the first cycle, 
which is apart from the test results. 
 The results presented in Figure 2 to 5 show that 
Butterfield’s model can simulate single unloading-
reloading induced deformation well, but it fails to 
simulate repeated unloading-reloading behavior in 
overconsolidated region. Further study is needed to 
develop a model for repeated unloading-reloading 
behavior of a soil sample under oedometer condi-
tion. 

5 CONCLUSIONS 

The unloading-reloading behavior of Ariake clay 
under oedometer condition has been investigated by 
laboratory test and theoretical simulation. The fol-
lowing conclusions are derived from this study. 

(1) For both undisturbed and reconstituted Ariake 
clay samples, the test results indicate that in log(p’)-
log(v) plot, virgin loading and unloading paths are 
close to linear. Here p’ is vertical consolidation pres-
sure, and v is specific volume (v = 1+e). However, 
the reloading path is non-linear.  

(2) An existing unloading-reloading model can 
predict single unloading-reloading curves of both 
undisturbed and reconstituted Ariake clay samples 
well. Empirical methods have been established for 
evaluating the values of the model parameter, i.e. the 
initial slope, (C’r) and the slope at p’ = p’ a (p’a is the 
maximum consolidation pressure before unloading) 
of reloading path. 
 (3) The test results indicate that repeated unload-
ing-reloading cycles even in overconsolidated region 
can induce plastic deformation. However, the exist-
ing model cannot predict plastic deformation after 
the first cycle. 
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1 INTRODUCTION 

The number of tall buildings construction in central 
part of Thailand has been continually increasing dur-
ing these two decades. In some urban areas the tall 
buildings cannot be constructed. According to the 
law, the high rise building is not allowed to con-
struct in the area of which the fire-fighting vehicle 
cannot accesses. Therefore, the low-rise building be-
comes more popular in recent years. With the cur-
rent law, the height of the building is limited for ap-
proximate 8-storey building. Typically, new building 
required 2 or more basements for utilizing as a car 
park space. As the subsoil of this area is soft clay in-
terspersed with sand, the pile foundation must be 
used to transfer the load to the stiff soil layers. Gen-
erally, the mat foundation has been chosen for the 
intermediary in the transfer load of buildings onto 
piles.  

In Thailand, the designers prefer to consider the 
pile group design to support a structure (Amornfa et 
al. 2012). The pile groups mostly focused on pile 
capacity and group settlement without considering 
the presence of the raft. However in fact the founda-
tions were built by concrete and their bottom surfac-
es are attached to the soil surface. Therefore, in most 
cases they become costly. In recent years, the foun-
dation engineers tend to combine these two separate 
systems (between shallow foundations-rafts and 

deep foundations-piles). Such a foundation system 
referred to piled raft foundation. 

Nowadays, the “piled raft foundation” has been 
widely used for many structures, particularly high 
rise buildings. Piled rafts have proved to be an eco-
nomical alternative compared to the conventional 
pile foundations in conditions in which the soil be-
low the raft can provide significant bearing capacity 
(Randolph, 1994; Poulos, 2001). Thus, the piled raft 
systems have been used extensively in many parts of 
the world (Randolph, 1983, Poulos and Davis 1980, 
Yamashita et al. 1994, Kachzenbach et al. 2000). 
The application of piled rafts on soft ground is be-
coming a significant issue in foundation design. 
Normally, the design and construction of foundation 
system on soft ground have posed various problems 
to geotechnical engineers, such as excessive settle-
ment, negative skin friction and bearing capacity 
failure. Despite these concerns, a few successful ap-
plications of piled rafts on soft ground have been re-
ported (Yamashita et al. 1998, Poulos 2005, Tan et 
al. 2006). A piled raft includes three elements of 
pile, raft and subsoil, and the behaviour of a piled 
raft is affected between the piles, subsoil and raft. In 
order to solve this complex problem, there are sever-
al methods for the analysis of the piled raft founda-
tions. Poulos and Davis (1980) and Randolph (1983) 
carried out early work on simplified calculation 
methods. With an advancement of the computer, 
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cal methods of foundation systems. This paper presents the numerical analyses of the piled raft foundation 
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system for low-rise building having 2 levels of basement. With this condition, the raft can carry some bearing 
capacity from pile around 20%. 
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more rigorous methods such as Finite Element 
Method (FEM) are also used in some of recent re-
searches, (Reul 2004, Jaeyeon et al. 2012). 

In this paper, three dimensional (3D) finite ele-
ments (FE) method using PLAXIS 3D program, is 
used to analyse the behaviour of piled raft in soft 
ground for two different building sizes. The prime 
factor to be investigated its influence is the level of 
raft. 

2 THE CONCEPT OF COMBINED PILE RAFT 
FOUNDATION 

The Combined Pile Raft Foundation (CPRF) is a 
composite construction that combines the bearing ef-
fect of both foundation elements (piles and raft). As 
shown in Figure 1. The both of piles and raft, in the 
load distribution process are considered: 

 
                           (1) 
 

where Ptot = total load of the building; Pp = load of 
the pile group; Pr = load of the raft. 

The pile raft foundation allows the reduction of 
total settlements and differential settlements in a 
very economical way compared to traditional foun-
dation concepts, because the contribution of both the 
piles and the raft (Katzenbach et al. 2000). 

 The bearing behaviour of the CPRF is described 
by the pile raft coefficient or the load sharing ratio 
of piles       which is defined by the ratio between the 
sum of the characteristic pile resistances and the 
characteristic value of the total resistance: 

 
                  (2) 

 
 

where       = The load sharing ratio of piles;            - 
= The- amount of the pile loads;      = total load of 
the structure. 

Figure 1. Concept of combined pile raft foundation  
(after Katezenbach et al. 2000). 

3 FINITE ELEMENT MODELING OF PILED 
RAFT  

3.1 Finite element mesh and boundary condition 

The 3D FEM via PLAXIS 3D was used in this 
study. The 3D model included a rigorous treatment 
of the soil and raft which were represented by 15-
node wedge elements which are composed of 6-node 
triangular elements in horizontal direction and 8-
node quadrilateral in vertical direction. The piles are 
modeled as embedded pile in which the pile is as-
sumed to be a slender beam element. A square raft 9 
× 9 × 1 m with 9 piles was considered in this study. 
The piles were taken to be 1 m in diameter (d) and 
the level of pile tip of 23 and 36 m. The analysis 
considers a low-rise (8-storey) and high-rise (25-
storey) building with basements. The raft depth is 
varied from 0 to 10 m below the ground level. A 
summary of the analyses is shown in Table 1. Figure 
2 shows a typical 3D FE mesh used in this analysis. 

 
Table 1.  Summary of piled raft foundation of numerical anal-
yses conducted. 
Building Pile 

spacing 
Pile tip level 
(m) 

Raft depth 

Low-rise 3d* 23f** 0,4,8,10 
High-rise 3d* 36e** 0,4,8,10 

*  d (pile diameter): 1 m. 
** f: floating; e: end bearing in sand layer. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 

 
 
 
 
Figure 2. 3D Finite element mesh with piles and raft. 
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3.2 Constitutive modeling and subsoil condition  

The subsoil conditions in this study are referred to 
those in the north of Bangkok. The generalized pro-
files of the stratified soil at the considered location 
are shown in Figure 3. The uppermost 2.0 m thick 
layer is the weathered crust, which is underlain by 
6.0 m thick soft to medium clay layer. A stiff clay 
layer is found at the depth of 8.0 m from the surface. 
Below the medium clay is stiff clay; the thickness is 
about 15m. The first sand layer is generally found at 
a depth of 25 to 30m. Below the upper first sand lay-
er, there is stiff clay and further down alternating 
layers of dense sand and hard clay. The ground wa-
ter table is below the ground surface at 1.5 m. 

The soft clay, medium clay and first stiff clay lay-
er were modeled with a Hardening Soil Model with 
small strain using the soil parameters from Detkhong 
and Jongpradist (2014). The 1st -2nd sand, 2nd stiff 
clay and hard clay layer were modeled with a Mohr–
Coulomb model. 

Table 3 summarizes the material parameters used 
in the analyses.  
 
Table 2.  Summary of piled raft foundation of numerical anal-
yses conducted. 
Building Raft depth Total load 

(kPa) 
Low-rise 0 140 

 4 146 
 8 152 
 10 158 
High-rise 0 350 
 4 356 
 8 362 
 10 368 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3.  Description of typical subsoil soil profile. 

3.3 Applied load 

It is generally to use Uniformly Distributed Loads 
(UDL). From the computation, the UDL of 140 kPa 
is considered for the low-rise case, hereafter desig-
nated as UDL140. For high-rise case, the UDL of 
350 kPa is used to apply, hereafter designated as 
UDL350 applied on top surface of the raft. The 
basement was applying load of 50 ton per level. A 
total applied load on foundation is shown in Table 2. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

   Table 3.  Soil models and parameter use in 3D FEM simulation. 

Mater ial  Model �� 
(kN/m3) 

Material 
behavior 

Su 
(kPa) 

C’ 

(kPa) 
∅� 
�°� 

Eu, E’
 

(kPa) 
,

(kPa) 
 

(kPa) (kPa) 
 m 

(kPa)
 

v, vur 

Subsoil 
Depth 
(m.) 

              

Weathered 
clay 

0-2 MCM 17 Undrained 40   6000       0.3 

Soft clay 2-8 HSS 15.2 Undrained  0 23  7000 23280 8954 1x10-4 1 100 0.33 
Medium 

clay 
8-10 HSS 18.4 Undrained  0 24  10300 30900 22800 1x10-4 1 100 0.32 

1st Stiff  
clay 

10-25 HSS 19 Undrained  0 26  25400 83900 32270 2x10-3 1 552 0.32 

1st Sand 25-28 MCM 20 Drained  - 36 85800       0.3 
2nd Stiff  

clay 
28-35 MCM 20 Undrained 192   96000       0.3 

2nd Sand 35-46 MCM 20 Drained  - 37 96200       0.3 
Hard clay 46-60 MCM 20 Undrained 223   111500       0.3 

 
Foundation 

 
               

Bored Pile Tip -23,-36 EP 6-8     2.6x107       0.2 
Raft    0,-4,-8,-10 LEM 24 Non-porous    2.8x107       0.2 

    HSS: Hardening Soil Model with small strain; MCM: Mohr-Coulomb model; LEM: Linear Elastic Model; EP: Embedded Piles 
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3.4 Post analysis 

The settlement occurred from the 3D analyses were 
used directly, and the average settlement was calcu-
lated by the following equation (Reul and Randolph 

2004): 
 

             (3) 
   

      
where savg = the average settlement; scenter = the set-
tlement of raft center; sconner = the settlement of raft 
corner. 

The differential settlement (s∆ ) was calculated by 
the center to corner settlement of raft: 

 
(4)                                     

             

4 COMPUTED RESULTS 

4.1 Effect of raft depth on the load sharing ratio of 
piles  

Figure 4 shows the load sharing ratio of piles for dif-
ferent raft depths below the ground surface of both 
building types. The analysis results show that when 
the raft was placed on the stiff ground layer, the load 
sharing ratio of pile has been decreased significant-
ly. For subsoil condition and problem characteristics 
in this study, the load sharing ratio reduces to 75% 
and 86% for the low-rise and high-rise building re-
spectively. When the raft level is placed on the me-
dium clay layer, the load shared by piles becomes 
78% and 87.5%. This raft depth is considered to be 
equivalent to two levels of basement. This indicates 
the potential of using piled raft system for low-rise 
building having underground basement in soft soil 
condition. This is satisfactory for the piled raft foun-
dation in both building design.  

 
 
 
 
 
 
 
 
 
 
 
 

 
 
Figure 4. Relation of load sharing ratio of piles and raft depth  
in subsoil. 

However, for building raft depth that the raft level 
is still in the soft clay layer, load sharing ratio of 
piles are larger than 82% of building loads, thus the 
piled raft foundation design concept does not offer 
much benefit. Therefore, the piled raft system for 
building in soft ground will be feasible for two lev-
els of basement. 

4.2 The load-settlement curves of piled raft                                                                                                                             

The experimental load-average settlement curves for 
raft level is placed on the medium clay are illustrated 
in Figure 5. This raft depth is considered to be 
equivalent to two levels of basement. It can be noted 
that the settlement of low rise building with floating 
pile is larger than that of the high rise building on 
the same carrying capacity. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 5. Relation of the load - settlement curves of piled raft 
with 2 basements. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 6. Relation of the differential settlement of piled rafts 
and raft depth in subsoil. 

 
4.3 Effect of raft depth on differential settlement 

The differential settlements (between raft and piles) 
of piled rafts for different of raft depths are illustrat-
ed in Figure 6. The analysis results show that when 
the raft is on the stiff ground layer, smaller different 
settlement of foundation system can be found.  

2
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        (a)                     (b) 
Figure 7. Sections of raft -0 m. case (a) UDL140; (b) UDL350. 

(a)                    (b) 
Figure 8. Sections of raft -4 m. case (a) UDL146; (b) UDL356. 

   (a)                      (b) 
Figure 9. Sections of raft -8 m. case (a) UDL152; (b) UDL362. 
.. 

(a)                          (b) 
Figure 10. Sections of raft -10 m. case (a) UDL158; (b) 
UDL368. 

The settlements for case of which the raft is on 
medium clay and case of which the raft is on stiff 
clay, are almost the same. With increasing raft 
depth, the differential settlements are reduced 

4.4 Comparing the total settlement of piled raft 
system 

Comparisons on the settlement between two consid-
ered systems (low-rise and high-rise) for different 
raft depths are shown in Figures 7 to 10. The analy-
sis results show that even the depth of raft founda-
tion and the UDL are increasing but the distribution 
of vertical displacement zone is not extend because 
the raft foundation place on the stiff soil layer. From 
figure demonstrated a reduced total displacement of 
piled raft system explicitly when the raft was rested 
on the stiff ground layer. 

5 CONCLUSIONS 

This article presents the numerical analysis of the 
piled raft foundation in the north of Bangkok subsoil 
condition, using 3-D FEM to investigate the effect of 
load shared by piles in piled raft foundation system. 
Two buildings, low and high rise buildings with var-
ious raft levels are considered. The results in terms 
of load shared by piles and differential settlement 
between pile and raft, indicates the potential of using 
the piled raft system for low-rise building having 2 
levels of basement. With this condition, the raft can 
carry some bearing capacity from pile around 20%.

This study considers only the short term behav-
iors. The future work should consider the long term 
condition because the consolidation might have ef-
fect to load carry by piles.  
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1 INTRODUCTION 

Naturally deposited soils are always found in the 
complex three-dimensional stress state. 
Conventional triaxial tests are widely used to 
investigate the deformation and strength behavior of 
various soils including clays and sands. However, in 
real engineering practice, stress states are complex 
and difficult to duplicate using conventional 
laboratory equipment, the behavior of soil under 
general three-dimensional stress states is quite 
different from that of soil in axial-symmetric stress 
state (Zhu et al. 2006; Georgiadis et al. 2004; Choi 
Lade and Musante 1978; and Kirkgard and Lade 
1993; performed traditional triaxial tests, axial-
torsional tests, and true triaxial tests to study soil 
behavior. This research indicated a significant 
influence of the magnitude and orientation of 
principal stresses on the mechanical behavior of 
cohesive soils.  

Prashant and Penumadu (2005, 2007) performed 
undrained true triaxial tests on laboratory prepared 
and natural clays. They reported that the values of 
undrained modulus increased, principal strains-to-
failure in the direction of the major principal stress 
decreased, in general, increased with increasing 
magnitude of the intermediate principal stress. 
Anantanasakul et al. (2012) conducted a series of 
drained true triaxial tests on normally consolidated 
cross-anisotropic specimens of kaolin clay using a 
true triaxial apparatus. The results showed that the 
relative magnitude of the intermediate principal 

stress has a significant influence on the stress–strain 
behavior and strength of the clay. 

At present many general shear strength criteria 
have been built to interpret the failure of soils. These 
general shear strength criteria are also defined as 
three-dimensional criteria to emphasize that all three 
principal stress (σ1, σ2 and σ3) are taken into 
account. One of the most widely adopted general 
shear strength criteria is proposed by Lade and 
Duncan (1975), which was later modified by Lade 
(1982) for other geomaterials. Shi et al. (2010) 
reported the relationship between the magnitude of 
the intermediate principal stress b and friction angle 
obtained from the tests was different from that 
predicted by LADE-DUNCAN and MATSUOKA-
NAKAI criteria. Based on the test results, an 
empirical equation of g(b) that is the shape function 
of the failure surface on π-plane was presented. 

A series of true triaxial tests on Shanghai soft soil 
were performed in the paper, the stress- strain and 
strength behaviors were studied considering the 
effect of the magnitude of the intermediate principal 
stress. 

2 EXPERIMENTAL PROGRAM 

2.1 True triaxial apparatus 

The true triaxial apparatus consists of pressure 
chamber, intermediate-principal-stress pressure cell, 
pressure system, drainage system and measurement 
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system. The lateral consolidation pressure and minor 
principal stress are applied to the sample directly 
from air compressor or after transferring the air-
pressure to hydraulic pressure through air-hydraulic 
exchanger. The major principal stress is applied 
through the pressure stand by the pressure piston and 
a constant strain rate can be controlled. The 
intermediate principal stress is applied by the 
intermediate-principle-stress pressure cell. During 
the test, these three principal stresses can be adjusted 
independently. Three principal stresses are applied 
in the manner of loading through the rigid and 
flexible mixing equipment. The intermediate 
principal stress cell consists of flexible pressure 
capsule, rigid frame and cover, shown in Figure 1. 
During the test the cell is full of liquid and is under 
control of hydraulic pressure system. The flexible 
pressure capsule is the main part of the cell. It is 
made of a reinforced emulsive membrane which is 
glued together by emulsive membrane and dacron. 
The proper combination of emulsive membrane and 
dacron ensures that the reinforced emulsive 
membrane does not deform along the direction 
parallel to the sample, but it has the ability to have 
enough deformation along the direction along the 
direction perpendicular to the sample. So, the lateral 
deformation of the sample can be followed.  

Figure 1. The intermediate-principal-stress pressure cell. 

2.2 Soil sample and test procedure 

All t ests are performed on mucky silty clay with the 
embedded depth of 5-10m in Shanghai. The basic 
physical and mechanical parameters are listed in 
Table 1. 

Table 1. Engineering properties of mucky silty clay. ______________________________________________
Unit weight (kN/m3) 17.9 
Water content (%) 40.8 
Specific gravity 2.73 
Void ratio 1.162 
Saturation ratio (%) 99 
Liquid index 1.24 
Plasticity index 14.5 
_____________________________________________ 

The soil sample is 70 mm×70 mm×70 mm 
wrapped with filter paper and rubber membrane in 
the pressure cell. Consolidated-undrained tests were 
performed in the true triaxial apparatus at constant 
confining pressure of 50 kPa, 100 kPa and 150 kPa 
with strain rate of 828 µ m/min, the axial deviator 
force was measured by axial load sensor.  

The ratio between the deviator stresses can be 
usually denoted by the parameter b, shown as  

2 3

1 3

b
σ σ

σ σ

−
=

−
(1) 

where b indicates the relative magnitude of the 
intermediate principal stress, σ1 is the major 
principal stress, σ2, the intermediate principal stress 
and σ3, the minor principal (consolidation) pressure. 

During the test horizontal stress σ2 and vertical 
stress σ1 are increased proportionally to keep 
constant b until the specimen reaches failure. The 
values of b were chosen as 0, 0.25, 0.50, 0.75 and 
1.00. Due to the geometry of the sample, as the test 
evolved a correction on the section is taken into 
account in the stress-strain curves. So values of b are 
near to the above specified ones. Interpretation is 
carried out in terms of total stresses and effective 
stresses. The failure point is at the major principal 
strain of 15% at strain hardening curve or peak point 
at strain softening curve. 

3 TEST RESULTS AND ANALYSIS 

The experimental observations were evaluated in 
terms of the influences of intermediate principal 
stress on the three-dimensional stress-strain behavior 
of the specimens. The deviator stress q, mean stress 
p, and stress ratio η  are defined in form of stress 
tensor. 

)
321

(
3
1 σσσ ++=p (2) 

1/22 2 2
1 2 1 3 2 3

1
( ) ( ) ( )

2
q σ σ σ σ σ σ = − + − + −  (3) 

p
q

=η  (4) 

It should be noted that all the data are amended 
based on the volume change. Consequently, it is 
difficult to come to the same value at a set of tests, 
such as the values of b in Figures 2-4 are 0.79, 0.76 
and 0.75, respectively. In that case b is considered as 
a similar value for analysis. 

3.1 Stress-strain behavior 

Figures 2-4 present stress-strain relationships 
obtained by the true triaxial tests with the different 
values of b at three confining pressures of 50 kPa, 
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100 kPa and 150 kPa. The deviator stresses increase 
with the increase in strain, and the stress-strain 
curves are manifested by strain hardening shape 
without softening process. The deviator stresses 
increase with the increase in the magnitude of the 
intermediate principal stress b. The stress-strain 
curves in the true triaxial tests are obviously 
different from that in the conventional triaxial tests. 
The deviator stress is the smallest, the stress-strain 
curve is in hyperbolic shape with condition of b = 0. 
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Figure 4. Deviator stress vs major principal strain at σ3 = 150
kPa. 

The initial gradients of deviator stress-strain curves 
obviously increase with the increase in value b, so 
does secant gradient of every point at the whole 
stress-strain curve. 

The confining pressure has a strong influence on 
the stress-strain curve. The deviator stress increases 
with the increase in the confining pressure at similar 
value b. 

3.2 Stress path in p-q plane 

Figures 5-7 present the total stress path influenced 
by the magnitude of intermediate principal stress at 
three consolidation pressures in p-q plane. The stress 
path curves for all the soft soil samples are straight 
lines with different gradients for various magnitudes 
of intermediate principal stress at constant confining 
pressure. The similar results were obtained for 
Kaolin clay by Prashant and Penumadu (2005). For 
various confining pressures, they are approximately 
parallel lines at similar magnitude of intermediate 
principal stress b. The gradient of stress path line 
decreases with the increase in the magnitude of 
intermediate principal stress b. When the magnitude 
of intermediate principal stress b is relatively large 
( 1560 ≤< b. ), the gradient of stress path line 
decreases slowly, the stress path lines are closer. 
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Figure 5. Stress path with different values-b at σ3 = 50 kPa. 
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Figure 6. Stress path with different values-b at σ3 = 100 kPa.
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Figure 7. Stress path with different values-b at σ3 = 150 kPa.

3.3 Relationship between σ1/σ3 and η 

Figures 8-10 present the relationship between 
principal stress ratio σ1/σ3 and stress ratio η at 
different b values with three confining pressures. 
The curves of σ1/σ3 and η are different when b < 
0.56, closer when 0.56 < b < 1, so the magnitude of 
intermediate principal stress has a different influence 
on the curves of σ1/σ3 and η with different b values. 
The stress ratio at failure is not constant, which 
depends on the confining pressure and the 
intermediate principal stress. It decreases with the 
increase in the confining pressure, nonlinearly 
increases with the increase in the magnitude of 
intermediate principal stress b. The stress ratio η at 
failure is less than 0.8 at b = 0, larger than 1.0 at b = 
1 with three confining pressures. 

3.4 Strength behavior 

Figure 11 presents the failure envelopes of all the 
soft soil samples with different magnitudes of 
intermediate principal stress. The magnitudes of 
intermediate principal stress have a strong influence 
on the failure of soil. The failure envelopes are a 
series of straight lines with different gradients, 
which intersect at one point of the x-axis. 
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Figure 8. Stress ratio η vs. σ1/σ3 at σ3 = 50 kPa. 
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Figure 11. Failure envelope for all the soft soil samples. 

Figure 12 presents the relationship between the 
deviator stress at failure (qf) and b value. The 
deviator stress at failure nonlinearly increases with 
the increase in b values.   

Considering the effect of b values, the 
relationship between qf and p can be obtained by 
regression method in the following form 

))(( apbMfq f += (5) 

)exp()( kbbf = (6) 
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in which a is an intercept at p-axis, M is a soil 
constant at condition of σ2 = σ3, k is a parameter 
relative to b value. For the above soft soil samples,  
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Figure 12. Deviator stress at failure fq  vs. b value . 

M = 0.483, a = 29.36, k = 0.827 with a correlation 
factor of 0.989.  

The M parameter was used in the critical-state 
concept (Schofield and Wroth 1968) as a soil 
constant to define a unique critical state of the soil. 
Prashant and Penumadu (2005) reported the M 
parameter is relative to the effective internal friction 
angle as a function of b value. In the paper, the M 
parameter is independent of the b value, )(bf is 
dependent on the b value. 

The slopes of p-q line at failure using equation 
from regression model and Mohr-Coulomb method 
are calculated. The Mohr-Coulomb failure criterion 
without cohesion, which can be expressed in the 
following terms   

6sin

3 sin
M

φ
φ

=
±

(7) 

in which ϕ is the angle of internal friction. 

 
 
 

 
 
 

Figure 13. A comparative study of calculated data and 
experimental data. 

Figure 13 presents a comparative study of 
calculated data and experimental data. The results 

show the predicted data is in good agreement with 
the experimental data, while the calculated data from 
Mohr-Coulomb failure criterion is larger than 
experimental data. 

4 CONCLUSION 

A series of true triaxial tests were performed on 
cubical soft soil samples to study the influence of the 
three dimensional stress state. The experimental 
behavior is summarized with the following 
observations. 

(1) The deviator stress q increases with the 
increase in the magnitude of the intermediate 
principal stress b. The initial gradients of deviator 
stress-strain curves obviously increase with the 
increase in b value, so does secant gradient of every 
point at the whole stress-strain curve. 

(2) The stress path curves for all the soft soil 
samples are straight lines with different gradients for 
various magnitudes of intermediate principal stress 
at constant confining pressure, while they are 
approximately parallel lines at similar magnitude of 
intermediate principal stress b with various 
confining pressures.  

(3) The failure envelopes are a series of straight 
lines with different b values which intersect at one 
point of the x-axis.  

(4) The magnitude of intermediate principal stress 
has a different influence on the curves of σ1/σ3 and 
η.  

(5) The stress ratio at failure depends on the 
confining pressure and the intermediate principal 
stress, which decreases with the increase in the 
confining pressure, nonlinearly increases with the 
increase in the magnitude of intermediate principal 
stress b.  

(6) Considering the effect of b values, the 
equation between qf and p are present. 
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1 INTRODUCTION 

The usage of recycled waste materials in sustainable 
manner in the civil engineering application supports 
zero-waste directives, currently implemented in 
many developed and developing countries. As such, 
there has been available research on Recycled Con-
crete Aggregate (RCA) in pavement applications as 
unbound base/subbase materials. (Poon and Chan, 
2006; Gabr and Cameron, 2011; Azam and Camer-
on, 2012 and Arulrajah et al. 2012). It was revealed 
that some geotechnical properties of RCA were not 
suitable for base layer and need to be improved ei-
ther by chemical stabilization or blending with quali-
ty materials such as Crushed Rock (CR). The con-
struction sectors regularly stabilize the marginal 
materials with Portland cement while the manufac-
ture process of the cement causes greenhouse effects 
and global warming. 

This paper focuses on the improvement of the 
shear response by blending RCA with CR.  The 
drained internal friction angle (φ’ ) is a key input pa-
rameter for geotechnical engineering design. There 
is available research on physical and geotechnical 
properties of recycled Construction and Demolition 
(C&D) materials (McKelvey et al. 2006; Disfani et 
al. 2011; Rahman et al. 2013; Arulrajah et al. 2013 
and Arulrajah et al. 2014). However, the study and 

the analysis of the shear response of recycled C&D 
materials to date is very limited. This paper aims to 
investigate the shear responses of RCA-CR blends 
with different RCA replacement ratios. Large scale 
direct shear tests will be undertaken on CR-RCA 
blends with RCA replacement ratios of 100%, 70%, 
50% and 30%. To avoid the effect of different gra-
dation of CR and RCA on the interpretation of the 
test results, the  RCA and CR blends were prepared 
with the same gradation before blending. The possi-
ble mechanism controlling the shear response is also 
presented. The assessment of shear strength parame-
ters of blended materials is finally reported in this 
paper. The outcome of this paper will be a funda-
mental understanding of and design of various RCA-
CR blendes in geotechnical applications.  

2 MATERIALS AND METHODS 

2.1 Materials 

RCA was collected from Bureau Roads 5, Depart-
ment of Rural Roads, Nakhon Ratchasima, Thailand. 
The mean 28 days-cube strength of original concrete 
was 28.5 MPa with standard deviation of 11.9 MPa. 
RCA was passed through various sieves and stored 
for adjustment of the RCA gradation to meet the 
specification by Department of Highways. Crushed 
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Rock (CR) was collected from a quarry from Chok-
chai District, Nakhon Ratchasima, Thailand. It is 
basalt rock with the with the maximum particle size 
of 19 mm. Both CR and RCA samples were oven-
dried for 24 hr at 60oC. The grain size distribution 
curve of CR is consistent with the requirement of 
Department of Highways. In this study, the grada-
tion of both materials was adjusted to be the same 
before blending to minimize the gradation effect on 
shear strength development. The RCA was blended 
with CR at replacement ratios of 100%, 70%, 50% 
and 30%. The results of physical properties can be 
reference to Chea et al. (2014), including particle 
size distribution, water absorption, specific gravity, 
modified compaction test and Los Angeles abrasion. 

2.2 Methods 

Direct shear test were undertaken on RCA-CR 
blends with different RCA replacement ratios by us-
ing a large scale direct shear apparatus. The dimen-
sion of the apparatus is 300 mm in length, 300 mm 
in width and 200 mm in depth. The RCA replace-
ment ratios were 0%, 30%, 50%, 70% and 100%. 
The testing apparatus is composed of two boxes; a 
fixed upper box and a moveable lower box. The ov-
en dried samples were mixed with water at optimum 
moisture content and kept at room temperature at 
25± 2 degrees for approximately 12 hours in a 
closed container to ensure that moisture is uniformly 
distributed in the samples. Initially, the lower and 
upper boxes were clamped when preparing samples 
for the tests. Lubricating oil was used on the plat-
form of the shear box to reduce the friction during 
shearing test. The samples were compacted in the 
shear box in four layers by using a vibratory com-
pactor until the maximum Proctor dry density was 
attained. The large scale Direct Shear Test (DST) 
was next conducted on the RCA, CR and blended 
materials at normal stress of 10 kPa, 20 kPa and 40 
kPa. The horizontal displacements, vertical dis-
placements and shear stresses were measured by 
LVDTs and load cells, which were computer con-
trolled with a specialized software program. When 
the consolidation stage for the tests was completed, 
the connections between the upper and lower boxes 
were released, which provided an approximate 2 mm 
gap between the upper and lower boxes for friction 
minimization. The tests were conducted as per 
ASTM D5321 (ASTM, 2008). The tests were termi-
nated once the horizontal shear displacement 
reached approximately 50 mm. The peak and critical 
shear strengths of blended materials from the large 
DST test were obtained from the shear stress and 
horizontal displacement output graphs. 

3 TEST RESULTS 

Shear strength properties are one of important input 
parameters for geotechnical design. Figures 1a to 1e 
show that all shear responses of the test materials are 
in similar pattern and typical of coarse-grained mate-
rials. The strain softening behavior is found in stress 
and strain relationship; i.e. shear stress increases up 
to a peak stress (τp) state after that decreases and 
levels off at a critical shear stress (τcr) state. This 
strain softening is associated with the dilatant behav-
ior as seen in the relationship between vertical dis-
placement and horizontal displacement. The samples 
exhibit a slight compression initially after shearing 
and then decreases with an increase in horizontal 
displacement. The maximum dilatancy ratio, the ra-
tio of vertical displacement to horizontal displace-
ment, is found to be at the peak shear stress. At the 
critical state in shear stress and horizontal displace-
ment relationship, the change in vertical displace-
ment approaches zero. 

The effect of RCA replacement on the shear re-
sponse is clearly shown in Figure 1. The strain sof-
tening is clearly observed for CR (Figure 1a) while it 
minimizes for RCA. In other words, the shear 
strength difference between the peak state and criti-
cal state (τp- τcr) reduces with RCA replacement ra-
tio. Considering the relationship between vertical 
displacement and horizontal displacement, the dila-
tancy decreases with increasing RCA replacement 
ratio, which is associated with lower degree of strain 
softening. The relationship between maximum dila-
tancy and RCA replacement ratio for various confin-
ing pressures is shown in Figure 2. The dilatancy ra-
tio decreases with an increase in the effective normal 
stress. At a given normal stress, the maximum dila-
tancy ratio decreases with increasing RCA replace-
ment ratio in a linear function. The lower dilatancy 
ratio results in the lower vertical strain at the critical 
state. 

Chea et al. (2014) have shown that the Los Ange-
les abrasion of the blended material increases and 
California Bearing Ratio decreases with increasing 
RCA replacement ratio. This implies that the 
strength RCA particles decrease as RCA replace-
ment increases. Since the initial gradation of RCA 
and CR is the same, the reduction in interlocking in-
duced shear strength is mainly caused by the crush-
ing of RCA particles during compaction. The larger 
difference in shear strength (τp- τcr) indicates the 
larger resistance to particle crushing. The particle 
crushing can be illustrated by a comparison of gra-
dation curves before and after compaction. The me-
dian diameter, d50 is used as a reference for this 
comparison.  
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Figure 1. Shear response of the test materials. 

The crushing index, C is thus defined as the 
change in d50 before and after compaction in the 
form: 

100
50

5050 ×
−

=
b

ab

d

dd
C   (1)  

where 
bd50  and ad50  are median diameters before 

after compaction, respectively. The C value varies 
from 3% to 42% for RCA content, ranging from 
0% to 100% as shown in Figure 3. The relationship 
between C and RCA is represented by a linear 
function. This means the mortar attached on the 
RCA particles are weak and easily crushed by the 
compaction energy. The more crushed particles in 
the blends reduce the interlocking among the parti-
cles and hence lower dilatancy ratio and peak 
strength. The peak and critical state strengths of 

RCA are essentially the same, indicating high de-
gree of particle crushing. 
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Figure 2. the relationship between maximum dilatancy ratio 
and replacement content. 
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Figure 3. Relationship between crushing index and replace-
ment content. 

The shear strength at both peak and critical 
states increases with increasing normal stress, 
which is typical of coarse-grained materials under 
drained shearing. The effect of normal stress on the 
shear strength is clearly illustrated by the gradient 
of failure envelope (friction angle). The Mohr-
Coulomb failure envelopes for peak and critical 
states are shown in Figure 4. The failure envelopes 

show that all the blends are frictional material 
without cohesion due to insignificant fine particles. 
The highest peak friction angle (φp) is found for 
CR due to the highest dilatancy ratio (interlocking 
effect). The peak friction angle decreases with 
RCA replacement ratio due to a reduction in inter-
locking effect and the lowest φp is found for RCA. 
The critical state friction angle φcr of geomaterial is 
intrinsic and controlled by the gradation and parti-
cle strength. Due to smaller particle size and lower 
particle strength of RCA, the φcr value of the 
blends decreases with RCA replacement ratio. 

In addition, the difference between φp and φcr

(∆φ) is noticed in Figure 4. The difference is large 
for CR and decreases with increasing RCA due to 
lowering of interlocking. The difference is minimal 
for RCA, indicating that the compaction energy 
masks the interlocking of the RCA. The friction 
angle of RCA is lower than the typical requirement 
for pavement base of 35 degrees. The increase in 
interlocking effect by addition of CR can improve 
the peak friction angle. 
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Figure 4. Mohr-Coulomb failure envelopes of testing materials. 

. 
4 ANALYSIS 

Based on an analysis of the shear strength pa-
rameters of the blends, it is found that as the RCA 
replacement ratio increases, peak and critical state 
friction angles linearly decrease as shown in Figure 
5. The linear change in between peak and critical
state friction angles versus RCA replacement ratio 
might be due to the linear effect of RCA replace-

ment on the dilatancy and crushing index as shown 
in Figures 2 and 3.  

The relationship between φp and φr versus RCA 
replacement ratio can be presented in the form: 

tan = +gr hxφ

where g and h are constants and rx is the re-
placement ratio.
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Figure 5. Predicted friction angle of RCA-CR blends. 

 
Constants g and h are approximated from the test 
result: tanφ = tanφ at 0% replacement (tanφ0) when 
rx = 0% and tanφ = tanφ at 100% replacement 
(tanφ100) when rx = 100%. As such, g and h are de-
termined from: 

0tanφ=h  (2) 













 −
−=

100

100
tan

0
tan φφ

g  (3) 

The g and h for RCA-CR blends are 2.4 and       
-0.18, respectively. This equation is useful to pre-
dict the optimum replacement content, which pro-
vides the required peak state friction angle.  To ex-
tend the proposed equations for predicting friction 
angle of other blended materials, the available test 
data on CR-Reclaimed asphalt pavement (RAP) 
and Pit run-RAP blends from final report of 
FHWA/MT 2005 are taken to examine the ap-
plicability of proposed equation even though their 
materials were blended with different grain size 
distributions of each original material. 
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Figure 6. Predicted friction angle of CR-RAP and Pit run-
RAP blends. 
 

Figure 6 shows the relationship between friction 
angle and replacement ratio of CR-RCA blends 
and CR-CB blends (FHWA 2005) when φ0 is the 

equivalent friction angle at a confining pressure of 
24.8 kPa. Based on the proposed equations, g and 
h are 44.9 and -0.21 for RCA-RAP blends and 41.1 
and -0.10 for Pit run-RAP blends. It is evident in 
Figure 6 that the predicted and measured data are 
in a good agreement, reinforcing the applicability 
of the proposed equations. The prediction error is 
possibly due to the proposed equations being de-
veloped from the blends with the same gradation 
of RCA and CR. However, the error is acceptable 
for engineering practice with a mean absolute per-
cent error of less than 4.9%. 

4.1 Suggested method to approximating strength 
parameters of RCA-CR blends for different 
RCA replacement ratios  

1. Perform the compaction test and determine the 
maximum dry density and optimum water con-
tent of the blended materials at 0% and 100% 
replacement ratios. 

2. Determine the friction angles of the blended 
materials at 0% (φ0) and 100% (φ100) replace-
ment ratios. 

3. Calculate the constants g and h by using Equa-
tions (3) and (4). 

4. Back calculate the obtained rx (optimum re-
placement ratio) by substituting required tanφ 
in Eq.(2).  

5. Perform direct shear test on samples at opti-
mum replacement ratio to verify the approxi-
mated value.  

5 CONCLUSIONS 

This paper investigates the shear responses of the 
RCA-CR blends at different RCA replacement ra-
tios. All shear responses of the test materials are 
similar and typical of coarse-grained materials. 
The effect of RCA replacement on the shear re-
sponse shows that the strain softening behavior is 
clearly observed for CR while it minimizes for 
RCA. The shear strength difference between the 
peak state and critical state (τp- τcr) reduces with 
RCA replacement ratio, which is associated with 
the decrease in maximum dilatancy ratio at a given 
normal stress. The lower dilatancy ratio results in 
the lower vertical strain at the critical state. This 
implies that the strength of RCA particles decrease 
as the RCA replacement increases. Since the initial 
gradation of RCA and CR is the same, the reduc-
tion in dilatancy induced shear strength is mainly 
caused by the crushing of RCA particles during 
compaction.  

From the analysis of the test results, the linear 
relationship between tanφ and replacement ratio is 
proposed. The relationship can extend to predict 
the friction angles of other blended materials with 
an acceptable error. The accuracy of the prediction 
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is dependent on the grain size distribution of two 
materials. The larger difference in grain size distri-
bution results in the higher error.  
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1 INTRODUCTION 

Surface subsidence as a consequence of under-
ground mining and tunneling can impact the envi-
ronment and surface structures within the mine area 
(Asadi et al. 2005).  Sometimes this subsidence is of 
little importance to green field sites (i.e. those with-
out surface structures), but it may cause significant 
damage where surface structures are present.  How-
ever, even without structures, subsidence can do 
damage.  Many scholars have studied the mecha-
nisms of land subsidence caused by groundwater 
withdrawal.  It is widely accepted that the compres-
sion of soft clay layers and the compaction of sand is 
a main cause of land subsidence and time delay of 
deformation.  In the United States, as elsewhere, 
farm land or urban areas can lose substantial value 
as a result of land subsidence (Holzer 1984).  In or-
der to minimize the environmental impact, a reliable 
subsidence prediction is essential.  One key parame-
ter for subsidence analysis and prediction is the an-
gle of draw, which defines the limits of the area af-
fected by subsidence. Determination of the extent of 
surface subsidence due to underground mining is 
important for deciding whether a particular structure 
is located within the subsiding area or not.  It is 
known that, for a particular extraction geometry, the 
area affected by subsidence is controlled predomi-
nantly by geologic conditions in the overburden and 
by the mining geometry, i.e. lateral extent, thickness, 
depth, and dip of the seam mined.  

Physical modeling has played an important role in 
studies related to stability of underground mines and 
tunnels.  A variety of modeling techniques have 
been developed all over the world to study ground 
response to underground excavation and tunneling.  
These techniques range from the two-dimensional 
trap door tests to the miniature tunnel boring ma-
chines that simulate the process of tunnel excavation 
and lining installation in a centrifuge (Meguid et al. 
2008).  Caudron et al. (2006) studied soil-structure 
interaction during a sinkhole phenomenon using an 
analog two-dimensional soil and a physical model.  
They use bidimensional Schneebeli material in a 
small-scale model allowing fully controlled test 
conditions.  Terzaghi (1936) uses a model, charac-
terized as the trap-door model. According to this 
model, the deforming arch of a tunnel can be inves-
tigated by a downward moving trap-door while the 
soil above the tunnel can be represented by a layer 
of granular or slightly cohesive soil. Based on this 
simple model, the evolution of the mean vertical 
pressure acting on the trap-door during its downward 
movement can be studied.  The physical model al-
lowed him to represent a case study and to determine 
it completely with a limited set of parameters. 

The objective of this study is to develop a trap 
door apparatus for use in three-dimensional simula-
tions of surface subsidence under various under-
ground opening configurations.  The investigation is 
focused on the angle of draw, maximum subsidence 
and volume of trough as a function of the opening 
geometry.  In this paper, the results are obtained 
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from the overburden simulated by using gravel (co-
hesive/frictional material).  The simulations are un-
der super-critical conditions, i.e. in plan view the ex-
cavation dimensions are sufficient to induce 
maximum possible subsidence.  The test results are 
compared with subsidence profile predictions ob-
tained from empirical methods for tunnels in soft 
ground. 

2 TRAP DOOR APPARATUS 

A trap door physical model has been designed to 
simulate subsidence of overburden in three dimen-
sions and to assess the effect of the geometry of un-
derground openings on the surface subsidence.  The 
physical model (Fig. 1) comprises three main com-
ponents: the sample container, the mine opening 
simulator, and the surface measurement system.  The 
sample container is filled with materials, in this case 
gravel, used to simulate overburden.  A custom-
made 0.95 × 0.95 m2 clear acrylic plate with 15 mm 
thick is placed in the grooves of the square steel 
frame.  Four acrylic sheets are secured with a steel 
plate at each side.  The testing space is 0.95 × 0.95 × 
0.60 m3.  The mine opening simulator is an array of 
wooden blocks with sizes of 50 × 50 × 100 mm3.  
The wooden blocks are arranged in ten columns with 
five blocks for each column.  Fifty small blocks can 
be gradually and systematically moved down to 
simulate underground openings with different geom-
etries and hence inducing the subsidence of the 
gravel.  The mine opening simulator is installed un-
derneath the sample container.  The measurement 
system of the surface subsidence includes a sliding 
rail with a laser scanner.  To measure the surface 
subsidence under various underground opening ge-
ometries, the laser scanner is moved horizontally in 
two directions.  The precision of the measurements 
is one micron.  The results are recorded and plotted 
as three-dimensional profiles.  The maximum sub-
sidence values, angles of draw, slopes and volume of 
the subsidence trough can be readily determined for 
each opening configuration. 

 

 
 

Figure 1. Trap door apparatus used for physical model testing. 

3 PROPERTIES OF GRAVEL 

Clean gravel is used to simulate the overburden in 
the physical model.  The material is subjected to 
grain size analysis and direct shear testing.    
 The grain size analysis is performed to determine 
the percentage of various size particles, and to clas-
sify the material.  The test method and calculation 
follow the ASTM (D422-63) standard practice.  The 
results show that the gravel has a size ranging from 
2.0 to 9.5 mm.  To classify the gravel in accordance 
with ASTM (D2487–06) the uniformity coefficient 
(Cu) and the coefficient of curvature (Cc) are deter-
mined as follows: 

Cu = D60/D10  (1) 

Cc = D30
2 / (D10 × D60)   (2) 

where D60 is particle size at 60% finer, D30 is parti-
cle size at 30% finer and D10 is particle size at 10% 
finer.  The uniformity coefficient is 1.62 and coeffi-
cient of curvature is 1.34.  The gravel is classified as 
poorly graded soil or GP. 
 The direct shear test is performed to determine the 
cohesion and friction angle of the gravel sample.    A 
circular shear box with 190.5 mm diameter and 
152.4 mm thick is used.  The test method and calcu-
lation follow the ASTM (D5607-08) standard prac-
tice.  The constant normal stresses are 0.08, 0.16, 
0.24, and 0.32 MPa.  Each specimen is sheared once 
under the predefined constant normal stress using a 
direct shear device (SBEL DR44). The shearing rate 
is 0.02 MPa/s.  The shear force is continuously ap-
plied until a total shear displacement of 8 mm is 
reached.  The applied normal and shear forces and 
the corresponding normal and shear displacements 
are monitored and recorded. 
 The shear strength (τ) is calculated based on the 
Coulomb’s criterion (Jaeger et al. 2007: section 4.5) 
as follows: 

τp = cp + σn tan φp     for peak shear strength (3) 

τr = cr + σn tan φr      for residual shear strength (4) 

where σn is the normal stress, cp is the peak cohe-
sion, cr is the residual cohesion, φp is the peak fric-
tion angle and φr is the residual friction angle.  The 
cohesion and friction angle for the peak shear 
strength are 39 kPa and 37°, and for the residual 
shear strength they are 23 kPa and 37°.   

4 PHYSICAL MODEL TESTING   

For each series of simulations the sample container 
is filled with the clean gravel to a pre-defined thick-
ness.  The thickness of the gravel layer represents 
the opening depth or the thickness of overburden.  
The gravel is lightly packed and the top surface is 
flattened before beginning the test.   

The underground opening is simulated by system-
atically pulling down the wooden blocks underneath 
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the sample container.  The opening width (W) can be 
simulated from 50 mm to 250 mm with an increment 
of 50 mm.  The opening length (L) can be simulated 
from 50 mm up to 500 mm with 50 mm increment.  
The opening height (H) is selected from 10, 20, 30, 
40, to 50 mm.  The overburden thickness (Z) is var-
ied from 50 to 200 mm (at 25 mm intervals).  Figure 
2 shows the test parameters and variables defined in 
the simulations.  While the underground opening is 
simulated, the settlement of the top surface of the 
gravel occurs.  The laser scanner measures the sur-
face profile of the gravel before and after the subsid-
ence is induced.  The effects of opening length (L) 
and opening height (H) are assessed by simulating 
the L/W from 1, 2, 3, 4 to 5 and H/W from 0.2, 0.4, 
0.6, 0.8 to 1, where W = 50 mm.  The effect of open-
ing depth (Z) is investigated here by varying Z/W 
from 1 to 3 to 4.  The simulation results are focused 
on the variation of the angle of draw, the maximum 
surface subsidence and the volume of the trough as 
affected by the opening geometry.  Each opening 
configuration is simulated at least 3 times to verify 
the repeatability of the results.   

5 RESULTS 

The results are presented in terms of the angle of 
draw (γ) and the maximum subsidence (δmax).  Table 
1 summarizes the results for each set of test varia-
bles.  The angle of draw is a parameter used for de-
fining the position of the limit of subsidence at the 
surface.  The angle of draw is the angle between a 
vertical line from the edge of the underground open-
ing and a line from the edge of the opening to the 
point of zero surface subsidence.  The point of max-
imum surface subsidence is located in the center of 
the trough.   
 Figure 3 shows the angle of draw as a function of 
the opening length-to- width ratio (L/W).  The angle 
of draw increases with increasing L/W ratio and 
tends to approach a limit when L/W equals 3.  The  
 

 
 
Figure 2. Variables used in physical model simulations and 
analysis. 

 
 

 
 
Figure 3. Angle of draw (γ) as a function of the opening length-
to-width ratio (L/W), where Z = 50-200 mm, W = 50 mm, H = 
10-50 mm and L = 50-250 mm. 
 
results indicate clearly that the angle of draw increases 
with increasing H/W ratio.  Under the same L/W and 
H/W ratios, increasing the Z/W ratio reduces the angle 
of draw.  The maximum subsidence-to- opening 
width ratio increases with increasing H/W and L/W 
ratios.  It is postulated that the relationships obtained 
above hold true for different overburden properties.  
However the magnitudes of maximum subsidence 
and angle of draw are likely vary for different over-
burden types. 
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Table 1. Estimation of the settlement trough width using different approaches when Zr = 200 mm, W = 100 mm, H = 50 mm and L = 
200 mm. 

6 EMPIRICAL SUBSIDENCE CALCULATION 

The empirical method given by Peck (1969) is used 
to predict the subsidence trough profile.  Results ob-
tained from this empirical method are compared 
with the physical simulation results. 
 

 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Peck’s equation representing the assumed trough 
shape is: 

δ = δmax exp (-x2/2i2)    (5) 

where δ is the surface settlement, δmax is the maxi-
mum vertical settlement, x is the transverse distance 
from the tunnel centerline, and i is a measure of the 

Parameters Results  Parameters Results 

Z/W H/W L/W γ (degrees) δmax/W  Z/W H/W L/W γ (degrees) δmax/W 

1 

0.2 

1 5.6 0.107  

3 

0.8 

1 4.0 0.104 

2 10.1 0.153  2 10.0 0.240 

3 10.1 0.153  3 14.0 0.254 

4 11.7 0.156  4 14.0 0.257 

5 12.0 0.156  5 15.0 0.266 

0.4 

1 9.5 0.264  

1.0 

1 6.4 0.123 

2 16.9 0.298  2 14.0 0.289 

3 17.5 0.305  3 17.0 0.326 

4 17.8 0.312  4 17.0 0.333 

5 18.9 0.314  5 17.5 0.335 

0.6 

1 15.0 0.400  

4 

0.2 

1 0 0 

2 24.3 0.482  2 0 0 

3 24.8 0.486  3 3.0 0.020 

4 25.6 0.500  4 3.2 0.030 

5 26.0 0.519  5 3.5 0.037 

0.8 

1 22.9 0.523  

0.4 

1 0 0 

2 29.2 0.606  2 0 0 

3 31.5 0.631  3 3.5 0.047 

4 31.7 0.631  4 3.5 0.059 

5 31.8 0.637  5 4.0 0.061 

1.0 

1 25.8 0.598  

0.6 

1 2.5 0 

2 30.1 0.675  2 5.0 0.060 

3 32.9 0.690  3 7.0 0.103 

4 33.0 0.704  4 7.5 0.107 

5 33.5 0.716  5 8.0 0.109 

3 

0.2 

1 0 0  

0.8 

1 4.0 0 

2 0 0.060  2 9.0 0.108 

3 4.0 0.060  3 11.0 0.153 

4 4.0 0.070  4 11.0 0.169 

5 4.3 0.080  5 12.0 0.186 

0.4 

1 0 0  

1.0 

1 5.5 0 

2 0 0.082  2 12.0 0.145 

3 4.2 0.083  3 13.8 0.213 

4 4.2 0.106  4 13.8 0.224 

5 5.0 0.124  5 14.0 0.229 

0.6 

1 2.0 0       

2 6.2 0.143       

3 9.0 0.157       

4 9.0 0.181       

5 10.5 0.182       
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width of the settlement trough, defined as the dis-
tance from the center to the point of inflection of the 
curve (corresponding to one standard deviation of 
the normal distribution curve), and is determined by 
the ground conditions.  Various expressions have 
been proposed for calculating the trough width at in-
flection point (i) as given in Table 2.  Peck (1969) 
proposes that depth of the opening Zc is measured 
from the gravel surface to the mid-height of the 
opening.  However, it is found here that a closer 
agreement between the test results and the predic-
tions was obtained if the depth is measured to the 
roof of the opening.  As a result this study will con-
sider Zr as the depth to opening roof. 
 The empirical solutions of Peck (1969), Mair et al. 
(1981) and O’Reilly and New (1982) overpredicted 
the settlement trough width compared with the re-
sults of our physical model simulation, while Ran-
kin’s (1988) estimation is in good agreement with 
the test results.  A small difference can be seen in 
the slope of the subsidence graph.  The results show 
that there is good agreement for Z/W = 2, 3 and 4, 
while for Z/W = 1, the curve of Rankin’s solution is 
narrower than the physical model simulation.  The 
estimation of the settlement trough width measure i 
using different approaches is listed in Table 3.   

7 CONCLUSIONS 

This paper focuses on the prediction of surface sub-
sidence induced by underground openings.  The sur-
face subsidence has been estimated using physical 

models and empirical calculations.  From the above 
analysis the following conclusions can be drawn: 

(1) The physical model test results clearly indi-
cate that the angle of draw and the maximum sub-
sidence are controlled by the geometrical character-
istics of underground openings and by overburden 
thickness.  The extent of the mining subsidence af-
fected area is defined by the limit angles, which are 
controlled predominantly by geological conditions 
of the overburden strata and the mining configura-
tions. 

(2) The angle of draw and maximum subsidence 
increase with increasing L/W ratio and tends to ap-
proach a limit when L/W equals 3.  For the same un-
derground opening geometry ratio, increasing the 
Z/W ratio reduces the angle of draw.  The trend of 
maximum subsidence has the same direction as the 
angle of draw. 

(3) The empirical solution of Rankin gives better 
predictions than the methods of Peck, Mair et al. and 
O’Reilly and New for calculating the settlement 
trough width i when compared with the results of the 
physical model simulations.  The results show that 
there is good agreement for Zr/W = 2, 3 and 4, while 
for Zr/W = 1, the curve of Rankin’s solution is nar-
rower than the physical model simulation. 

(4) To evaluate the width of the settlement 
trough, using the distance Zr from surface to the roof 
of the underground opening gave better predictions 
than using the distance Zc from the surface to the 
center of the tunnel. 
 

 
Table 2. Empirical solutions for estimation of settlement trough width. 

Author Width of settlement trough, i Basis for empirical solution 

Peck (1969)  i/R = (Z/2R)n 
(n = 0.8 - 1.0) 

Field observations 

Mair et al. (1981)  i = 0.5Z Field observations and centrifuge tests 

O’Reilly and New (1982) i = 0.28Z – 0.1 m  
granular soil (6 ≤ Z ≤ 10 m) 

Field observations of UK tunnels 

Rankin (1988) i = k ⋅ Z 
(k = 0.25 for cohesionless soils) 

Field observations 

 
Table 3. Estimation of the settlement trough width using different approaches when Zr = 200 mm, W = 100 mm, H = 50 mm and L = 
200 mm. 

Author Width of settlement trough, i (mm) R2 

Peck (1969) 87.06 0.577 
Mair et al. (1981) 100 0.344 

O’Reilly and New (1982) 87.10 0.568 

Rankin (1988) 50 0.895 
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1 INTRODUCTION 

There were many estimation methods to determine 
the ultimate bearing capacity for anchor plates in the 
literature (Meyerhof and Adams, 1968; Davie and 
Sutherland, 1977, 1978; Rowe and Davie, 1982; 
Mooney et al. 1985; Rao et al. 1985; Matsuo and 
Shogaki, 1993). However, most of the methods in-
volve the use of either limit equilibrium concepts or 
the method of characteristics, frequently combined 
with empirical corrections (e.g. Meyerhof and Ad-
ams, 1968; Vesic, 1971). None of these approaches, 
however, provides a rigorous solution to the general 
problem of predicting the ultimate capacity of an-
chor plate, although a number of the approaches 
have been successfully used for specific cases. Some 
other clay behavior, i.e. thixotropy, was not consid-
ered in the literature.  

The objective of this study is to investigate the 
undrained behaviour of vertical uplift plate anchors 
in remolded soft Ariake clay, in which more atten-
tion was paid on the influence of thixotropy, consol-
idation, and embedment ratio on the anchor behav-
ior.  

2 LABORATORY TESTS 

2.1 Test apparatus 

The experimental set-up for pullout test of anchor 
embedded in clay is plotted in Figure 1. This test 
system includes soil mould, model anchor, pullout-
loading frame, and weight hanger, loading transfer-
ring pulley and wire, and dial gauges. As shown in 
Figure 1, the pullout load is exerted with the help of 
wire rope passing over two pulleys, and the wire 

rope is subjected to tension with the help of cast iron 
weights. Grease was plastered on the wire, pulley, 
and axle of pulley itself to reduce the friction. The 
upward movement of the anchor is measured with 
dial gauge of at least count 0.01 mm. The anchors 
used in the test were made from helical shaped cir-
cular steel plates welded to a steel shaft at a given 
spacing. The material is high-quality stainless steel. 
Figure 2 draws the design of the model anchor. The 
moulds used in the tests were made from polyvinyl-
chloride cylinder with a wall thickness of 10 mm, 
inner diameter of φ348 mm, and height of 440 mm. 
The diameter of the mould is about 8.7 times that of 
model anchor, which is greater than 6. Hence, 
boundary effects can be eliminated (Mooney et al. 
1985).  

2.2 Model ground  

The model grounds were made using the reconstitut-
ed soft clay. The remolded Ariake clay was put into 
the plastic mould and model anchor was buried in 
the clay. A consolidation load was exerted using cast 
iron weight. The consolidation time was 1 to 2 
months to reach the degree of consolidation of 
100%. The drainage condition was vertically by 
placing geomembranes on the top and the bottom for 
two-way drainage. In the inner wall of moulds, 
grease was plastered to reduce the friction on the 
wall. This remolded soil sample was taken from a 
depth of 2 to 3 m at Ashikari Town, Saga, Japan. 
The initial properties of the clay are: natural water 
content, wn = 145%; specific gravity, ρs = 2.61; liq-
uid limit wL = 102%; plastic limit, wp = 40%; plastic 
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index, Ip = 62; grain size distribution: clay = 65%; 
silt = 26%; sand = 9.0%. 

 

 
 
Figure 1. Experimental set-up for pullout tests. 

 
 

 
 

Figure 2. Structure and dimensions of model anchor. 

2.3 Test Procedures 

Pullout tests were conducted to identify the effect of 
clay thixotrpy, consolidation time, and buried depth 
on the uplift behavior of anchor plate in soft Ariake 
clay. Total 42 tests were conducted, in which 6 cases 
were resting case with the constant buried depth and 
36 cases were set up for the consolidation cases with 
both variation of consolidation time and buried 
depth.  

Tests in resting case were performed in order to 
investigate the effect of thixotropy on the uplift re-
sistance, that is, the remoulded soft clay was placed 
up to a height of 200 mm inside the mould by hand. 
Then, the anchor set into the soil slowly. When the 
anchor was fully buried in the middle of remolded 
clay, the mould was kept to be covered with a poly-
thene sheet to prevent possible loss of moisture due 
to drying, and rested for 0, 3.5, 7, 14, 28 and 56 days 

under unconsolidated undrained condition to allow 
thixotropic regain of strength. After rested to the ex-
pected days, pullout tests were conducted.  

Pullout tests were conducted to investigate the 
uplift behavior of anchor plate in the middle of 
mould filled with remolded Ariake clay. Then, a 
consolidation pressure of 5 kPa was applied to the 
clay and consolidated for 3, 7, 14, 28, and 56 days to 
investigate the change in uplift behavior of the plate 
anchor with the consolidation time. The field condi-
tions can be probably simulated in these tests. The 
tests with the variation of the embedment ratio of 
anchor plate were performed to investigate the ef-
fects of embedded ratio on uplift behavior of an-
chors. Anchors were buried in model ground with 
the shear strength of 7 to 10 kPa and embedment ra-
tio H/B of 1.6 to 9.3. 

Failure mode of uplift was observed at two em-
bedment ratios. In order to facilitate the observation, 
the quite thin noodle strata were buried at an interval 
of 5 cm in filled soil when it was set into the mould. 
It was cut in half on a vertical plane through its cen-
ter after each test. The cutting process appeared to 
have little effect on the uplift resistance of the sam-
ple or mode of failure. 

Pullout load of each step for thixotropic pullout 
test was 50 g and consolidation pullout test was 100-
250 g. For each loading step, it was maintained for 
30 minutes. During pullout testing, the state changes 
of model ground (e.g. cracks occurrence and devel-
opment at ground surface) were also observed and 
recorded. The load at which the anchor came out 
with a large upward displacement was considered to 
be the gross ultimate uplift capacity qcu. For this 
large displacement, the load-displacement curve be- 
-comes asymptotic to the movement axis. 

After the pullout test was finished, the undrained 
shear strength (cu) of soil surrounding each anchor 
was measured by laboratory vane shear apparatus at 
two diametrically opposite locations and five depths 
inside the soil mass. The degree of sensitivity St was 
also measured. A few random samples were taken 
out and checked for full saturation and homogeneity 
after the completion of each test.  

2.4 Ultimate uplift resistance 

This experimental investigation is aimed to deter-
mine the value of the ultimate uplift resistance of 
cohesive soils and to compare the results with the 
predictions from the various theories. The failure 
was defined as the point at which there was no fur-
ther increase in the pullout load with the increase of 
upward displacement (Ghaly and Hanna, 1991a, 
1991b). The ultimate pullout load and corresponding 
upward displacement were determined from the 
load-displacement curves plotted for all tests con-
ducted in this investigation. The ultimate value of 
uplift resistance of each test can be obtained by re-
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gression analysis such as least square analysis, in 
which the P-δ curve was fitted by hyperbolic rela-
tion expressed as following relationship: 

ba
P

+⋅
=

δ

δ
 (1) 

Where P= uplift load (N), δ= upward displace-
ment (mm), a=parameter from regression analysis, 
then the ultimate uplift load Pu=1/a, b=parameter. 
The yield load is determined from the ∆S/∆logt-p 
plot. The yield road is a significant parameter for 
anchor design and it indicates the potential of anchor 
resistance.  

3 RESULTS  

3.1 Uplift load versus upward displacements 

Figure 3 gives the test results in reconsolidated clay 
with the degree of consolidation U=100%. In this 
case, the embedment ratio varied from H/B=1.6~9.3 
and shear strength of the clay is ranged from 7.2 to 9 
kPa. 
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Figure 3. Uplift load—displacement curves of reconsolidated 
clay with U=100%. 

3.2 Yield load 

During the tests, a constant load was added for 30 
minutes in each loading step. The upward displace-
ment was measured by two dial gages mounted on 
the upper part of shaft. The average value of two ga-
-uges was used as the vertical displacement of the 
anchor. As an example, Figure 4 plots the displace-
ment versus time in each loading step. In other cas-
es, the same characteristic was obtained. It can be 
seen that 
a great part of total displacement in each loading 
step occurs within initial 5 minutes, and then the 

displacement increases gradually with the lapse of 
time.  

Figure 5 shows the relationship between the rate 
of displacement after 30 minutes (∆S/∆logt) and the 
uplift load. It can be seen that the relationship of 
(∆S/∆logt) against P can be expressed by two 
straight lines crossing at the yield point. This figure 
indicates that the rate of displacement increases rap-
idly when a load exceeds a certain critical value. 
This critical load should be considered to be a kind 
of yield value of the soil mass against the uplift 
force. Figure 6 plots the values of yield points for all 
tests to the ultimate uplift resistance. From this fig-
ure, it is evident that the yield value linearly varies 
with the ultimate uplift resistance. It is also shown 
that the ratio of the yield value to the ultimate re-
sistance is about 60% for the Ariake clay.  

 

 
 

Figure 4. Relationships of displacement versus time curve. 

3.3 Ultimate uplift resistance 

The yield uplift resistance Py, ultimate uplift re-
sistance Pu, ultimate uplift capacity qcu, shear 
strength cu, and uplift resistance factor Fcu obtained 
from each uplift test are summarized in Figure 4-6. 
Most of the theories proposed to estimate the uplift 
capacities of plate anchors in clay overestimate the 
capacities, and the possible reason may be that they 
have not considered the tensile cracks and large def-
-ormations at the failure (Davie & Sutherland, 
1977). Vesic (1971) proposed an approach to esti-
mate the ultimate uplift resistance Pu in terms of 
breakout factors: 

)( HFcAP cuuu ⋅+= γ  (2) 

where A= area of the anchor plate, Fcu= breakout 
factor, γ= unit weight of moist soil, and H= depth of 
embedment. 
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Figure 5. Correlation between load and rate of displacement 
curve.  

 

 
 

Figure 6. Correlation between yield load and ultimate uplift re-
sistance. 

 
By using Eq. 2, the uplift resistance factor (or 

breakout factor, Vesic, 1972) Fcu value of each test 
case can be calculated and the results are depicted in 
Figure 7. Figure 7 also plots the Fcu values predicted 
by using Vesic’s theory with different rigidity index 
value. For reconsolidated Ariake clay, the rigidity 
index Ir of this reconsolidated clay is from 15 to 40. 
The rigidity index was obtained based on unconfined 
compressive test, from which unconfined compres-
sive strength qu and modulus of deformation E50 are 
obtained as: qu varied from 20 to 30 kPa and E50 var-
ied from 550 to 1800kPa. Then, cu=qu/2, 
G=0.5E/(1+v), therefore, Ir=G/cu=E50/[qu(1+v)]= 
18.3 to 40.  
As seen in Figure 7, Fcu values are within the range 
of Fcu values predicted by using Vesic’s theory. 
From Figure 7, we can also know that the value of 
Fcu for resting case is much higher than that for re-
consolidated case. For rigidity index Ir=40, Vesic’s 
solution agrees well with the test results. In engi-
neering practice, the work condition is under yield 

load. Therefore, if Vesic’s theory is used, the factor 
of safety 2.5 can be used. 
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Figure 7. Failure capacity factor from test results with its com-
parison to Vesic’s solutions. 

4 DISCUSSION 

4.1 Effect of embedment ratio 

Figure 4 presents the load-displacement curves for 
the anchors buried in soft clay with different em-
bedment ratios of H/B= 1.6, 2.7, 4, 5.8, and 8.9. It 
can be seen that the ultimate uplift capacity increas-
es with the increase in H/B. Figure 8 shows the vari-
ation of ultimate uplift capacity qcu of the anchors 
with embedment ratio H/B. As seen in the figure, 
when H/B is less than 2.25, the capacity qcu increase 
rapidly with the increase of H/B. While the embed-
ment ratio H/B is greater than 2.25, the capacity sta-
bilizes at a value. Figure 7 give the uplift resistance 
factors based on test results by using Eq. 2. As seen 
in the figure, variation of factor Fcu with H/B is same 
as that of qcu under the same soil conditions. The 
reason is that while H/B>4, the anchor is behaving 
as a deep anchor and hence, the increasing of H/B 
does not increase the capacity much (Vesic, 1971 
and Davie, 1978). However, the capacity increases 
greatly with H/B till that H/B is up to 4.0, beyond 
which only a minor increase is observed. It should 
be mentioned here that, for a deep anchor, the ulti-
mate load is not affected by ground line geometry. A 
deep anchor exhibits a local shear failure, wherein 
only the clay immediately above and around the an-
chor is subjected to strain (Stewart, 1985). Hence in 
this case, the local failure may be limited to a depth 
of 2.25 times of B, which should be further con-
firmed in failure mode observation test.  
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4.2 Effect of thixotropy of Ariake clay 

Thixotropy is a very important aspect of clay behav-
ior especially for sensitive clay such as Ariake clay. 
The thixotropy of clay is that clay strength will de-
crease under remolding or disturbing effect and after 
disturbing, the strength of clay will be regained with 
resting time. Therefore, this phenomenon is very 
significant for the field behavior of anchor plate 
since the installation of anchors in clay will disturb 
the clay to make the clay strength temporary reduc-
ing, and the strength will be recovered by thixotropy 
incorporating with consolidation after installation. 
Therefore, for remolded clays, the solution on 
breakout factors by using Vesic’s solution may be 
not applicable. More caution should be paid in the in 
engineering practice. 

4.3 Ultimate failure mode 

In order to verify the analytical results, the final fail-
ure mode was observed in some test cases. After 
pullout test, the model ground was then cut in half 
on a vertical plane through its center for the test cas-
es with H/B= 2.5 and 8.9. The deformation and 
cracking patterns observed in the samples at ultimate 
uplift resistance provide guidance on the failure 
mechanism. Figure 9 shows the cracking on a verti-
cal section through the center of anchor plate of a 
shallow anchor at ultimate uplift failure state. The 
section indicates a major crack extending from the 
edge of the anchor blade in its original position to a 
distance of approximately H from the edge of the 
anchor plate. It agreed with the observed results as 
reported by Matsuo and Shogaki (1993). It appears 
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Figure 8. Variation of uplift resistance capacity with embed-
ment ratio. 

 
 

Figure 9. Mode of ultimate failure of shallow anchor with 
H/B=2.5.  
 
that the initial loading in the test caused a disconti-
nuity at the edge of the rigid anchor plate, thus re-
sulting in very high stresses in the vicinity zone. The 
high stresses brought about yielding at the limiting 
value of shear stress of the material in a region 
above the edge of the anchor and also caused the 
limiting value of tensile stress in the region immedi 
ately below the edge of the anchor plate to be ex-
ceeded and the crack to form. This crack propagated 
due to the lack of structural stiffness of the soil 
above the anchor in the shallow anchor test. 

The large amount of anchor movement permitted 
by the formation of the crack caused the formation 
of the considerable tensile regions at and near the 
surface of the clay above the center of the anchor, as 
indicated by the cracking pattern in Figure 10. Ulti-
mate failure occurred by a combination of a yielding 
above and below the anchor due to excess shear and 
tensile stresses and cracking in the material. This 
failure is termed as a general type of failure since 
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one surface of yielded material (whether in shear or 
in tension) extends from the anchor plate to the soil 
surface. As noted previously, the existing shallow 
anchor theories predict ultimate failure by shear fail-
ure only, and do not take into account tension, crack-
ing and anchor movement. 

Figure 10 gives the observed tension cracks in 
the section through anchor axle. The H/B ratio was 8 
and the test was conducted under undrained condi-
tion. A length of white thread, positioned around the 
area of the clay which was visibly affected by the 
anchor movement, shows the limited extent of the 
local failure, i.e., a failure restricted to a region in 
the vicinity of the anchor plate and not extended to 
the surface of the model ground. Although the re-
gions of high tensile stress exist below the edge of 
the deep anchor plate, the large structural stiffness of 
the sample at depth precludes the propagation of 
cracking. The load required to cause failure in the 
deep anchor tests is less than the load required for 
causing cracking. 
 
 

 

 
Figure 10. Mode of failure of deep anchor with H/B=8.9. 

5 CONCLUSIONS 

The results from laboratory model tests for the plate 
anchor in the reconstituted Ariake clay shows that 
model anchor has the ability to bear the pullout 
force. The ultimate and yield pullout load increase 
with the increase of the strength of clay and the em-
bedment ratio of the plate. The embedment ratio for 
deep anchor in Ariake clay is 4. The influential 
range of a deep anchor is about 2 to 2.5 times of the 
anchor diameter. The ultimate resistance can be ob-
tained by using hyperbolic equation. The yield load 
is about 60% of the ultimate uplift resistance. 
Vesic’s theory for deep anchor can be used to pre-
dict the ultimate pullout resistance of anchor plate in 
reconstituted Ariake clay.  
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Rock Mechanics 





1 INTRODUCTION 

Stress path or sequence and duration of directional 
loading are one of the factors affecting the mechani-
cal behavior of rocks.  The stress path dependency is 
even more pronounced in soft rocks that exhibit 
plastic behavior when subjecting to load (Chen and 
Zhang 1991, Shames and Cozzarelli 1997).  The is-
sue of stress path dependency is important in various 
disciplines, especially in geomechanic problems, e.g. 
dams, footings, tunnels, underground mines, open 
channels, retaining walls and slope embankments.  
The stress conditions in the rock mass may subject to 
different stress paths through the processes of con-
struction and operation.  For most rock mechanics 
analyses, stress path independence is often assumed.  
Rare experimental work has been performed to veri-
fy this phenomenon.  Only the theoretical implica-
tion has been shown, particularly when complex be-
havior of rock material has to be dealt with.  If the 
stress path dependency is significant, the laboratory 
test method should be re-designed to detect or meas-
ure such factors, and hence to obtain test results that 
are more representative to the actual in-situ condi-
tions.  Analysis and design of engineering structures 
in soft rock may need to recognize the effect of 
stress path because soft rocks exhibit their plastic 
behavior when they are under loading. 

The mechanical behavior of rock is commonly 
analyzed either by the principle of elasticity or ine-
lasticity.  In most cases, the principle of elasticity is 

often used or assumed for the stress-strain analysis, 
because it is convenient for practical applications.  
Under this assumption the effect of the different 
loading directions and sequences (stress path) is ig-
nored (Chen and Zhang 1991).  For some rocks, the 
assumption of inelastic behavior is more suitable 
than linearly elastic, especially for soft rock. The 
mechanical behavior of soft rock is important for the 
analysis and design of geological engineering struc-
tures, such as nuclear waste repository, storage cav-
erns and underground salt mines.  Chen and Zhang 
(1991) and Shames and Cozzarelli (1997) suggest 
that the analysis of materials in the plastic range is 
dependent of stress path.  The influence of stress 
path or loading sequence and direction should there-
fore be considered to realistically analyze the engi-
neering structures in soft formation. 

This study involves performing biaxial compres-
sion test in order to investigate the effects of stress 
path on biaxial strength and deformability of sand-
stones.  Three different stress paths have been im-
plemented: (1) σ1 increases while σ2 and σ3 are 
maintained constant; (2) σ1 increases while σ3 de-
creases and σ2 is constant; (3) σ1 increases while σ2 
and σ3 decrease.  Also, some strength criteria are 
studied to help predict the rock compressive 
strength. 

Effect of Stress Path on Biaxial Strengths of Three Thai Sandstones  

S. Komenthammasopon & K. Fuenkajorn 
Suranaree University of Technology, Nakhon Ratchasima, Thailand 

ABSTRACT: Biaxial compression testing has been performed to investigate the effects of stress path on com-
pressive strengths of sandstones. The specimens are prepared from sandstones from Phu Phan, Phra Wihan 
and Phu Kradung formations.  A biaxial load frame has been fabricated. The specimens have the nominal size 
of 5.5×5.5×5.5 cm3.  Three different stress paths have been implemented:  1) σ1 increases while σ2 are main-
tained constant; 2) σ1 and σ2 equally increase; and 3) σ1 increases while σ2 decreases. The results indicate 
that the elastic modulus and Poisson’s ratio of the sandstones are averaged as 9.2 ± 0.6 GPa and 0.22 ± 
0.02 for PP, 8.2 ± 0.4 GPa and 0.22 ± 0.01 for PK, and 8.3 ± 0.5 GPa and.22 ± 0.02 for PW.  The modified 
Wiebols and Cook can predict the biaxial compressive strengths reasonably well.  The intermediate principal 
stress notably decreases the rock strengths.  These findings are useful to extrapolate the conventional laborato-
ry test results (σ1 > σ2, σ3 = 0) to some actual in-situ condition (σ1 ≠ σ2 ≠ σ3). 
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2 ROCK SAMPLES 

The rock specimens used for the biaxial strengths 
test is Phu Phan (PP), Phra Wihan (PW) and Phu 
Kradung (PK) sandstones (Boonsener and Sonpirom 
1997).  They are in the lower and the middle for-
mation in the Khorat basin in northeastern Thailand.  
These three types of sandstone have homogeneous 
quality with soft to medium strength and their typical 
colors are yellowish, white and greenish respective-
ly.  The sandstone specimens are prepared to obtain 
cubical specimens with nominal dimensions of 
55×55×55 mm3. 

3 BIAXIA L ROCK TESTING DEVICE 

The biaxial rock testing device is developed in order 
to determine the biaxial compressive strengths of the 
rock specimens with soft to medium strengths. This 
device comprises two steel cross load frames, four 
hydraulic load cells and two hand pumps. 
 Each load frame has two thick steel plates 
(430×430×38 mm3.), connected together with four 
steel rods with 36 millimeters in diameter.  They 
support the structures of the two load cells.  The 
four load cells, installed at the bases of the load 
frames, will be connected to the two hand pumps 
which have the capacity of applying load up to 
1000 kN.  Besides the three major components, 
other accessories to measure and monitor the test-
ing include two 4-inch pressure gauges and three 
dial gauges.  The two pressure gauges are installed 
at the two hand pumps to monitor the exerted load, 
while the three dial gauges measure the defor-
mation in three principal directions for further 
strain calculation. 
 For biaxial rock testing, the rock specimens and 
the device need to be prepared first.  The neoprene 
will be attached to the specimen surfaces in order 
to minimize the friction at the interfaces between 
the loading platens and the rock surfaces.  The 
loading is exerted in a biaxial manner, providing 
intermediate principal stress (σ2), maximum princi-
pal stress (σ1) and no minimum stress (σ3 = 0).  For 
the preparation of the testing device, the platen and 
the three dial gauges for displacement measurement 
will be arranged and adjusted in order to make sure 
of the precision reading with no alignment when 
exerting loads.  After all the preparation has been 
finished, the rock specimens will be put in at the 
center of the crossed frameworks among the four 
platens.  At first, the appropriate slight load will be 
exerted by the two hand pumps in order to help 
hold the specimen in place before testing. 

4 BIAXIAL COMPRESSION TEST 

The biaxial compression tests are performed in three 
different stress paths as described before, in order to 
determine the compressive strength and deformation 
of the sandstone specimens under biaxial stress 
states.  For all tests, neoprene sheets are used to min-
imize the friction at all interfaces between the load-
ing platen and the specimen surfaces.  The measured 
deformation of sandstone specimens are used to de-
termine the strains along the principal axes during 
loading.  The failure stresses are recorded and mode 
of failure is examined (Fig. 1).  For the first stress 
path, the intermediate stress (σ2) is varied from 0 to 
70 MPa.  For the other two stress paths, the mean 
stress (σm) used in the test ranges from 10 to 45 
MPa.  The calculations of the Poisson’s ratios and 
tangent elastic moduli are made at 50% of the max-
imum principal stress.  The results indicate that the 
elastic modulus and Poisson’s ratio of the sand-
stone from different formations are averaged to be 
9.2 ± 0.6 GPa and 0.22 ± 0.02 for PP sandstone, 8.2 
± 0.4 GPa and 0.22 ± 0.01 for PK sandstone and 
8.3 ± 0.5 GPa and 0.22 ± 0.02 for PW sandstone, as 
shown in Tables 1 through 3.  The tables also pro-
vide the octahedral shear strength (τoct), mean stress 
(σm), and the second order of the stress deviation 
(J2

1/2) at failure.  These parameters can be calculated 
from the principal stresses at failure.   

5 STRENGTH CRITERIA 

5.1 Modified wiebols and cook criterion 

The modified Wiebols and Cook criterion is pro-
posed by Zhou (Zhou 1994). The criterion is origi-
nally developed by Wiebols and cook (Wiebols and 
Cook 1968) based on the additional energy stored 
around Griffith cracks due to the sliding of crack 
surfaces over each other. The modified version de-
fined J2

½ at failure in terms of J1
 as: 

J2
½   = A + BJ1 + CJ1

2 (1) 

Figure 1. Sandstone specimens with multiple extension frac-
tures from induced stresses of σ1 and σ2. 
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Specimen Number Failure Stresses σm 
(MPa) 

τoct 
(MPa) 

J2
1/2 

(MPa) 

Elastic 
Modulus 

(GPa) 

Poisson’s 
Ratio (ν) σ3 

(MPa) 
σ2 

(MPa) 
σ1 

(MPa) 
PP-Bai-01 0.00 0.00 29.46 9.82 13.89 17.01 8.5 0.21 
PP-Bai-02 0.00 10.00 72.00 27.33 31.85 39.00 9.1 0.22 
PP-Bai-03 0.00 30.00 83.03 37.68 34.33 42.04 9.33 0.25 
PP-Bai-04 0.00 50.00 77.67 42.56 32.14 39.37 9.6 0.18 
PP-Bai-05 0.00 66.96 66.96 44.64 31.57 38.66 9.8 0.19 
PP-path-06 0.00 0.00 49.98 16.66 23.56 28.86 8.7 0.25 
PP-path-07 0.00 5.50 55.53 20.34 24.98 30.60 9.7 0.21 
PP-path-08 0.00 44.40 61.09 35.16 25.78 31.58 8.3 0.22 
PP-path-09 0.00 16.66 64.64 27.10 27.40 33.56 10.2 0.23 
PP-path-10 0.00 33.32 65.25 32.86 26.64 32.63 9.20 0.20 

Mean ± Standard Deviation 9.2 ± 0.6 0.22 ± 0.02 

Table 2. Compressive strengths and elastic parameters of PK sandstone specimens. 

Specimen Number Failure Stresses σm 
(MPa) 

τoct 
(MPa) 

J2
1/2 

(MPa) 

Elastic 
Modulus 

(GPa) 

Poisson’s 
Ratio (ν) σ3 (MPa) σ2 (MPa) σ1 (MPa) 

PK-Bai-01 0.00 0.00 48.00 16.00 22.63 27.71 7.82 0.21 
PK-Bai-02 0.00 20.00 69.00 29.67 28.99 35.50 8.12 0.22 
PK-Bai-03 0.00 30.00 78.00 36.00 32.12 39.34 7.98 0.20 
PK-Bai-04 0.00 40.00 78.00 39.33 31.85 39.00 8.54 0.23 
PK-Bai-05 0.00 50.00 76.00 42.00 31.54 38.63 8.11 0.22 
PK-Bai-06 0.00 68.00 68.00 45.33 32.06 39.26 8.23 0.21 
PK-path-07 0.00 0.00 38.80 12.93 18.29 22.40 8.18 0.23 
PK-path-08 0.00 2.27 47.20 16.49 21.74 26.62 8.32 0.24 
PK-path-09 0.00 5.00 53.51 19.50 24.13 29.56 7.22 0.22 
PK-path-10 0.00 13.88 63.86 25.91 27.42 33.59 7.44 0.21 
PK-path-11 0.00 55.33 65.44 40.26 28.76 35.23 7.86 0.23 
PK-path-12 0.00 22.21 66.64 29.62 27.71 33.93 8.23 0.22 
PK-path-13 0.00 40.23 70.33 36.85 28.81 35.29 7.55 0.21 

Mean ± Standard Deviation 8.0 ± 0.4 0.22 ± 0.01 

Table 3. Compressive strengths and elastic parameters of PW sandstone specimens. 

Specimen Number Failure Stresses σm 
(MPa) 

τoct 
(MPa) 

J2
1/2 

(MPa) 

Elastic 
Modulus 

(GPa) 

Poisson’s 
Ratio σ3 (MPa) σ2 (MPa) σ1 (MPa) 

PW-Bai-01 0.00 0.00 39.00 13.00 18.38 22.52 8.30 0.23 
PW-Bai-02 0.00 10.00 49.00 19.67 21.14 25.89 7.90 0.22 
PW-Bai-03 0.00 21.00 55.00 25.33 22.66 27.75 8.43 0.20 
PW-Bai-04 0.00 31.00 55.00 28.67 22.51 27.57 7.32 0.21 
PW-Bai-05 0.00 40.00 48.97 29.66 21.29 26.07 9.43 0.25 
PW-Bai-06 0.00 42.00 42.00 28.00 19.80 24.25 8.77 0.19 
PW-path-07 0.00 0.00 24.00 8.00 11.31 13.86 8.45 0.21 
PW-path-08 0.00 5.50 36.00 13.83 15.83 19.39 8.67 0.23 
PW-path-09 0.00 8.30 41.00 16.43 17.70 21.68 8.37 0.22 
PW-path-10 0.00 13.00 46.50 19.83 19.59 23.99 7.98 0.23 
PW-path-11 0.00 20.00 46.00 22.00 18.83 23.07 7.93 0.22 
PW-path-12 0.00 30.00 45.00 25.00 18.71 22.91 8.11 0.24 

Mean ± Standard Deviation 8.3 ± 0.5 0.22 ± 0.02 

Table 4. Calibrated parameters of each sandstone type by the Modified Wiebols and Cook criterion under different stress paths. 

Rock Types Calibrated Parameters 
Biaxial stress Stress path 

A (MPa) B C (MPa-1) φ (O) A (MPa) B C (MPa-1) φ (O) 
PP sandstone -1.62 2.44 -0.034 50 5.50 1.96 -0.034 35 
PK sandstone 10.38 1.31 -0.015 46 3.92 1.78 -0.025 35 
PW sandstone 6.74 1.64 -0.033 58 0.03 2.08 -0.046 33 
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The constant J1 is in terms of σ1, σ2 and σ3 as de-
fined by: 

J1 = (1/3) × (σ1+σ2+σ3) (2) 

The constant A, B and C depend on rock material 
and the minimum principal stresses (σ3) (Table 4). 
They can be determined under the conditions where 
σ3 = 0, as follows (Colmenares and Zoback 2002): 

 

C = [271/2 / (2C1 + (q-1)σ3 – C0]   

 × [[(C1 + (q – 1)σ3 – C0)/(2C1 + (2q+1)σ  

 – C0)] – [(q-1)/(q+2)]] (3) 

where C1 = (1 + 0.6µ) C0, C0 = uniaxial compres-
sive strength of the rock, µi = tanφ, q = [(µ2 + 1)1/2 
+ µ]2 =  tan2 ( π/4 + φ/2), µ = coefficient of internal 
friction of the material,  φ = angle of internal fric-
tion. The friction angles for different sandstone 
specimens on each condition, biaxial stress: φ = 50๐ 
for PP, φ = 46๐ for PK, φ = 58๐ for PW; stress path: 
φ = 35๐ for PP, φ = 35๐ for PK, φ = 33๐ for PW, and  

A = C0/3
1/2 – BC0/3 – CC0

2/9  (4) 

B = 31/2 (q-1)/(q+2) – C/3(2C0 + (q+2)σ3) (5) 

By substitute Equation 2 in Equation 1, we obtain: 

J2
½   = [1/6((σ1-σ2)

2+(σ1-σ3)
2+(σ2- σ3)

2)]1/2  

  = (3/2)1/2 τoct   (6)   

 And octahedral shear and mean stresses (τoct and 
σm) at failure for all specimens can be calculated 
using the following relations (Jaeger et al. 2007): 

τoct  = 1/3 [(σ1- σ2)
2+(σ2- σ3)

2+ (σ3- σ1)
2]1/2  (7) 

σm = (σ1+σ2+σ3)/3 (8) 

The relationship between second order stress in-
variant as a function of octahedral shear stresses 
shown in Figure 2. 

5.1 Mogi (1971) empirical  criterion 

The empirical Mogi criterion used here defines τoct,f  
in terms of the effective mean stress (σm,2) using a 
power equation relation (You 2008).  

 τoct = A′ (σm,2)
B′ (9) 

σm,2 = (σ1+σ2)/2 (10) 

where Á  and B́  are empirical constants (Table 5). 

6 DISCUSSIONS AND CONCLUSIONS 

The results indicate that the elastic modulus and 
Poisson’s ratio of the sandstones are averaged as 9.2 

± 0.6 GPa and 0.22 ± 0.02 for PP, 8.2 ± 0.4 GPa and 
0.22 ± 0.01 for PK, and 8.3 ± 0.5 GPa and.22 ± 0.02 
for PW. The modified Wiebols and Cook can predict 
the biaxial compressive strengths reasonably well 
(Fig. 2).  The intermediate principal stress notably 
decreases the rock strengths.  These findings are use-
ful to extrapolate the conventional laboratory test re-
sults (σ1>σ2=σ3) to some actual in-situ condition (σ1 
≠ σ2 ≠ σ3). 

Tables 1 through 3 suggest that the intermediate 
principal stress (σ2) affects the biaxial strength or the 
maximum principal stress (σ1) of the sandstone from 
three different formations.  The σ1 reaches its maxi-
mum at an increased value of σ2, and then become 
lower with higher σ2. Figure 6 clearly suggests that 
the intermediate principal stress notably affect the 
rock strengths. Such affect is not linear. The stress 
path effect acts on the mechanical behavior of soft 
rocks that exhibits its plastic behavior when subject-
ing to load. 

It is postulated that the effects of the intermedi-
ate principal stress σ2 are caused by two mecha-
nisms working simultaneously but having opposite 
effects on the rock strengths: 1) the mechanism that 
strengthens the rock matrix in the direction normal 
to σ1 - σ3 plane and 2) the mechanism that induces 
tensile strains in the directions of σ1 and σ3.  The 
intermediate principal stress can strengthen the 
rock matrix on the plane normal to its direction, 
and hence a higher differential stress is required to 
induce failure.  This is the same affect obtained 
when applying a confining pressure to a cylindrical 
specimen in the conventional triaxial compression 
testing.  Considering this affect alone, the higher 
the magnitude of σ2 applied, the higher σ1 is re-
quired to fail the specimen.  However, in the case 
of this test of sandstone, the relationship between 
σ2 magnitudes and the degree of strengthening is 
non-linear.  And this relation should depend on 
rock types, their textures and compositions (e.g. 
grain sizes, distribution of grain sizes, cementation, 
pore spaces, fissures and micro-cracks, types of 
rock forming minerals). 
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Figure 2. The test results fitted by the modified Wiebols and Cook criterion (left), and Mogi criterion (right). 

 
Table 5. Calibrated parameters of each sandstone type by the Mogi (1971) empirical criterion under different stress paths. 

Specimens 
Calibrated Parameters 

Biaxial stress Stress path 
PP A ́ =  1.27 MPa ,  B ́ = 0.89 A ́ =  4.63 MPa ,  B ́  = 0.50 
PK A ́ =  0.44 MPa ,  B ́ = 1.27 A ́  =  1.83 MPa ,  B ́  = 0.77 
PW A ́ =  3.49 MPa ,  B ́  = 0.56 A ́  =  1.53 MPa ,  B ́  = 0.80 
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1 INTRODUCTION 

Temperature exerts an effect on deformability and 
strength of rocks.  It has been found that rock 
strength and elastic properties decrease as the tem-
perature increases (Shimada and Liu 2000).  Stud-
ies on the temperature effect on rock salt have fo-
cused on the time-dependent deformation (creep) 
where the results are specifically applied to assess 
the long-term performance of nuclear waste re-
positories.  Several complex formulations have 
been proposed to describe the thermomechanical 
behavior of rock salt under the repository envi-
ronments.  Such formulations require several ma-
terial parameters that are difficult to obtain, mak-
ing their applications unpractical for the cavern 
storage industry.  In addition, experimental and 
theoretical studies on the effect of temperature on 
rock salt strength have been rare.  Such knowledge 
is necessary for the design and stability analysis of 
salt around compressed-air and natural gas storage 
caverns.  During withdrawal period storage cav-
erns may subject to various loading rates with 
temperatures as high as 140 °C (414 K), depend-
ing on the injection rate and the maximum storage 
volume and pressure. 

The objective of this study is to experimentally 
determine criteria the effect of loading rate on triaxi-
al compressive strengths and deformability of rock  

salt under temperatures of 303, 343, 373, 423 and 
473 K.  This selected range of testing temperatures 
covers those likely occurred around the storage cav-
erns under operation.  Uniaxial and triaxial compres-
sion tests are performed on Maha Sarakham salt us-
ing a polyaxial load frame (Fuenkajorn and 
Kenkhunthod 2010) with applied loading rates from 
0.001 to 0.1 MPa/s and confining pressures from 0 to 
12 MPa.  Mathematical relationships between the 
salt strength, deformability, loading rate and temper-
atures are derived from the test data.  Multi-axial 
empirical criteria that can take loading rate effect in-
to consideration are proposed to describe the dilation 
and failure of the salt. 

2 SALT SPECIMENS 

The tested specimens are prepared from 100 mm salt 
cores drilled from depths ranging between 140 and 
250 m in the northeast of Thailand.  The salt cores 
belong to the Middle salt member of the Maha Sa-
rakham formation. This salt member hosts several 
solution-mined caverns in the basin.  The Maha Sa-
rakham formation is also being considered as a host 
rock for compressed-air energy storage caverns by 
the Thai Department of Energy, and for chemical 
waste disposal by the Office of Atomic Energy for 
Peace.  Warren (1999) gives the origin and geologi-
cal description of the Maha Sarakham salt.  The test-
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ed salt is virtually pure halite, with a slight amount 
of clay inclusions (less than 1%).  The drilled cores 
are dry-cut to obtain cubical shaped specimens with 
nominal dimensions of 5.8×5.8×5.8 cm3.  Over 60 
specimens are prepared.  No bedding plane is ob-
served in the specimens.  The average density is 
2.18±0.04 g/cc. 

3 TEST METHOD 

To test the salt rock specimens under elevated tem-
peratures, the prepared specimens and loading plat-
ens are heated by heater coil, thermocouple and 
thermostat for 24 hours before testing (Figure 1).  A 
digital temperature regulator is used to maintain 
constant temperature to the specimen.  The low tem-
perature specimens are prepared by cooling them in 
a freezer for 24 hours.  The changes of specimen 
temperatures between before and after testing are 
less than 5 K.  As a result the specimen temperatures 
are assumed to be uniform and constant with time 
during the mechanical testing (i.e., isothermal condi-
tion). 

The triaxial compression tests are performed to 
determine the compressive strength and deformation 
of salt rock specimen under various confining pres-
sures, loading rates and temperatures.  A polyaxial 
load frame (Fuenkajorn and Kenkhunthod 2010) has 
been used to apply axial stress and constant lateral 
stresses to specimens.  The test frame utilizes two 
pairs of cantilever beams to apply lateral stresses to 
the specimen while the axial stress is applied by a 
hydraulic cylinder connected to an electric pump.  
The uniform lateral stresses on the specimens range 
from 0, 3, 7 to 12 MPa, the constant vertical loading 
rates (∂σ1/∂t) from 0.001 to 0.1 MPa/s. and with 
temperatures ranging from 303, 343, 373, 423 and 
473 K.   

The specimen deformations monitored in the 
three principal directions are used to calculate the 
principal strains during loading.  The failure stresses 

are recorded and mode of failure examined.  The 
frame has an advantage over the conventional triaxi-
al (Hoek) cell because it allows a relatively quick in-
stallation of the test specimen under triaxial condi-
tion, and hence the change of the specimen 
temperature during testing is minimal. 

4 TEST RESULTS 

The specimens have been tested for each tempera-
ture level with loading rate range from 0.001 to 0.1 
MPa/s until failure occurs. Post-test observations in-
dicate the shear failure modes (Figure 2). Table 1 
summarizes the results from all specimens, listing 
the major principal (vertical) stresses (σ1) at failure 
for each lateral confining pressure (σ3).  The mean 
stresses (σm) and strains (εm) and the octahedral 
shear stresses (τoct,f) and shear strains (γoct,f) at failure 
are also determined (Jaeger et al. 2007).  The results 
indicate that under the same loading rate (∂σ1/∂t), 
the compressive strength (σc) decreases with in-
creasing specimen temperatures.  The mean stresses 
(σm) and strains (εm) and octahedral shear stresses 
(τoct,f) and shear strains (γoct,f) at failure are deter-
mined using the solution given by Jaeger et al. 
(2007). 

The effect of loading rates and temperatures on 
the salt strength and deformability is shown by plolt-
ing the applied octahedral shear stresses as a func-
tion of octahedral shear strain in Figure 3.   

The shear stress-strain relations are nonlinear, par-
ticularly under low loading rates and high tempera-
tures.  The elastic modulus and Poisson’s ratio for 
each specimen are determined from the tangent of 
the stress-strain curves at 40% failure stress. Based 
on this calculation the elastic modulus of the salt ap-
pears to increase with loading rate and decrease with 
temperature.  It ranges from 9 to 24 GPa.  The Pois-
son’s ratios of the salt range from 0.37 to 0.47, and 
tend to be independent of the loading rate

 

 
Figure 1.  Polyaxial load frame used in the compressive strength testing of salt specimens with heater coil, thermocouple and ther-
mostat.
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and temperature (Figure 4).  The elastic parameters 
tend to be independent of the confining pressures.  
The elastic modulus and Poisson’s ratio of the same 
salt determined by Fuenkajorn et al. (2012) under 
various loading rate are increase with loading rate 

and Poisson’s ratio tend to be independent of the 
loading rate, Sriapai et al. (2012) under various tem-
perature are decrease with temperature and Pois-
son’s ratio tend to be independent of the tempera-
tures.   

 

 
 

Figure  2.  Some post-test salt specimens from compressive strength testing under  temperature and loading rate.
 
Their results agree reasonably well with the results 
obtained here. The power relation the elastic modulus 
and Poisson’s ratio between loading rate and tempera-
ture can be best represented by: 

Ε= 12.99×106⋅(∂τoct /∂t)0.042T1.09 (MPa) (1) 

ν= 0.063⋅(∂τoct /∂t)-0.01T0.316 (MPa) (2) 

where E is the compressive elastic modulus, ν is  
Poisson’s ratio, ∂τoct /∂t is the the octahedral shear 
stress rate (in MPa/s) and T is temperature. 

 

 
 

Figure  3.  Example of  octahedral shear stress (τoct,f) calculated 
as a function of octahedral shear strain (γoct). 
 

  
 The variation of the shear strengths can be ob-
served from the τoct - σm diagram, as shown in Fig-
ure 5.  The power relation between the octahedral 
shears strength and the mean stress at failure can be 
best represented by: 

τoct,f = 2531⋅σm
0.49 (∂τoct /∂)t0.041T1.07  (MPa)  (3) 

This equation can be used to determine the stabil-
ity of storage caverns in salt. The induced shear 
stress can be compared with the strength to deter-
mine the factor of safety. 

5 STRAIN ENERGY DENSITY CRITERION 

The strain energy density principle is applied to de-
scribe the salt strength and deformability under dif-
ferent loading rates and temperatures.  A similar ap-
proach has been used by Fuenkajorn et al. (2012) to 
derive a loading rate-dependent strength for salt.  
The distortional strain energy at at dilation (Wd,d) 
can be calculated from the octahedral shear stress-
es and strains for each salt specimen using the fol-
lowing relations (Jaeger et al. 2007): 

Wd,d = (3/2)⋅τoct,d⋅γoct,d  (4) 

The distortion strain energy at dilation (Wd,d) is 
presented as a function of the mean strain energy 
density at dilation (Wm,d) which can be calculated 
from σm and εm as follows: 
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Table 1. Salt strengths under various loading rates, confining pressures and temperatures. 

Tavg  
(K) 

δσ1/δt 
(MPa/s) 

δτoct/δt 
(MPa/s) 

σ3  

(MPa) 
σ1 

(MPa) 
σm 

(MPa) 
εm 

(10-3) 
τoct  

(MPa) 
γoct 

(10-3) 

303 

0.1 0.05 

0 34.96 11.65 2.01 16.48 38.85 
3 42.00 16.00 1.96 18.38 24.30 
7 58.30 24.10 2.35 24.18 29.09 
12 70.00 31.33 3.05 27.34 31.73 

0.01 0.005 

0 31.50 10.50 0.19 14.85 49.76 
3 37.90 14.63 3.96 16.45 24.31 
7 56.60 23.53 2.50 23.38 35.62 
12 66.50 30.17 2.50 25.69 36.09 

0.001 0.0005 

0 25.22 8.41 4.29 11.89 51.44 
3 36.05 14.02 2.54 15.58 32.10 
7 46.55 20.18 1.77 18.65 33.14 
12 59.90 27.97 1.38 22.58 36.82 

343 

0.1 0.05 

0 28.79 9.60 4.35 13.57 37.08 
3 38.61 15.24 3.99 16.53 31.03 
7 50.99 21.66 2.06 20.74 43.42 
12 62.59 28.86 4.97 23.85 49.25 

0.01 0.005 

0 27.56 7.88 0.43 12.99 34.72 
3 33.06 13.39 6.52 13.91 30.56 
7 41.68 18.56 12.24 16.35 45.53 
12 54.84 26.28 8.83 20.19 42.07 

0.001 0.0005 

0 21.34 7.11 4.17 10.06 32.87 
3 26.97 11.36 5.86 11.04 36.59 
7 37.14 17.05 8.20 14.21 41.47 
12 48.48 24.16 2.67 17.19 57.24 

373 

0.1 0.05 

0 24.05 8.02 2.30 11.34 39.77 
3 33.27 13.49 3.40 13.99 33.42 
7 46.86 19.02 6.36 18.79 51.09 
12 51.14 25.05 3.16 18.45 35.49 

0.01 0.005 

0 19.37 6.46 0.58 9.13 34.51 
3 30.74 12.65 3.73 12.80 38.73 
7 37.66 17.22 11.76 14.45 50.76 
12 44.50 22.83 2.40 15.32 40.91 

0.001 0.0005 

0 17.78 5.93 1.12 8.38 30.47 
3 25.86 10.99 2.96 10.52 39.35 
7 33.06 15.69 2.00 12.28 62.06 
12 43.68 22.56 0.11 14.94 52.56 

423 

0.1 0.05 

0 18.43 6.14 5.34 8.69 39.64 
3 30.76 12.65 4.04 12.81 29.04 
7 36.16 16.72 13.92 13.75 36.42 
12 50.12 24.71 3.76 17.97 43.28 

0.01 0.005 

0 14.51 4.84 1.33 6.84 43.87 
3 24.67 10.62 4.38 9.93 30.89 
7 33.50 15.83 6.08 12.49 61.80 
12 42.02 22.01 2.62 14.15 57.78 

0.001 0.0005 

0 12.44 4.15 3.78 5.86 38.59 
3 22.44 9.85 3.35 8.90 23.50 
7 30.15 14.72 20.80 10.92 52.03 
12 40.72 21.57 8.02 13.54 67.55 

473 

0.1 0.05 

0 16.04 5.35 2.08 7.56 36.33 
3 25.60 10.93 8.66 10.37 27.00 
7 33.26 15.75 4.72 12.38 37.96 
12 42.87 22.29 2.03 14.55 38.82 

0.01 0.005 

0 12.06 4.02 2.01 5.68 43.76 
3 22.17 9.79 0.03 8.75 22.75 
7 27.07 13.69 10.41 9.46 23.60 
12 39.91 21.30 7.87 13.16 51.06 

0.001 0.0005 

0 10.56 3.52 13.87 4.98 40.70 
3 19.35 8.82 5.81 7.45 32.20 
7 26.68 13.56 11.67 9.28 32.38 
12 36.03 20.01 16.18 11.33 56.28 
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Wm,d = (3/2)⋅σm,d⋅εm,d  (5) 

Figure 6 shows a linear relation of Wd,d -Wm,d which 
can be represented by: 

Wd ,d  = 1.05⋅Wm,d  - 0.004   (6)  

 The proposed criterion considers both stress and 
strain at failure, and hence isolating the effect of 
stress rate and temperature.  If the salt temperature 
is known its strength can be determined from Equa-
tion 6 regardless the loading rate. 

6 DISCUSSIONS AND CONCLUSIONS 

The failure stresses increase with the loading rates, 
this agrees with the experimental results on rock salt 
performed by Fuenkajorn et al. (2012) and Dubey 
and Gairola (2005).  The testing is assumed to be 
under isothermal conditions (constant temperature 
with time during loading).  The decreases of the 
compressive strengths with increasing temperatures 
agree with the experimental results by Sriapai et al. 
(2012) and Vosteen and Schellschmidt (2003) Adhi-
kary (2010).  The results indicate that the salt elas-
ticity and strength increase with the loading rates 
and decrease with temperatures.  The decrease of 
salt strength as the temperature increases suggests  

 

 
 

 
 
Figure  4.  Elastic parameters of salt as a function of tempera-
ture (T). 

that the applied thermal energy before the mechani-
cal testing makes the salt weaker, and more plastic, 
failing at lower stress and higher strain with lower 
elastic moduli.  The elastic (tangent) modulus de-
termined at about 40% of the failure stress varies 
from 9 to 24 GPa and the Poisson's ratio from 0.37 
to 0.47.  The elastic parameters tend to be independ-
ent of the confining pressures.  The strains induced 
at failure decrease as the loading rate increases and 
temperature decreases.  Various multiaxial formu-
lations of loading rate and temperature dependent 
strength and deformability are derived.  
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Figure  5. Octahedral shear strengths at failure (τoct,f) of salt as 
a function of mean stress (σm).
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The variation of the octahedral shear stresses and 
strains induced at dilation and at failure with the ap-
plied shear stress rates can best described by power 
relations.  The distortional strain energy at dilation 
from various loading rates and temperature varies 
linearly with the mean strain energy.  The strain en-
ergy criterion agrees well with the strength results 
from different temperature. 
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Figure  6.  Distortional strain energy at dilation (Wd,d) as a 
function of mean strain energy at dilation (Wm,d). 
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1 INTRODUCTION 

The reliable strength estimation of a jointed rock 
mass is necessary to develop safe and economical 
designs for slopes, foundations and underground ex-
cavations.  Rock mass is an inhomogeneous and ani-
sotropic material with complex behaviour, which 
contains random planes of discontinuities.  The ef-
fects of joints on the compressive strength and elas-
tic modulus of rock mass have long been recognized.  
One of the most common ways of estimating the 
rock mass strength is by using a failure criterion.  
Many researchers had been studied and developed 
rock mass strength criteria (Ramamurthy and Arora 
1994, Saroglou and Tsiambaos 2008, Rafiai 2011, 
Singh and Singh 2012, Yang et al. 1998, Colak and 
Unlu 2004).  They perform testing and analyses to 
determine the effects of frequency, orientation and 
joint roughness.  It has been found that compressive 
strength and elastic modulus of rock mass decrease 
with an increasing number of joint frequencies 
(Yang et al. 1998).  The minimum strength was ob-
served at β ranging from 30 to 40° (β is the angle be-
tween the joint orientation and vertical axis through 
the specimen) (Ramamurthy and Arora 1994, Colak 
and Unlu 2004).  The direct estimation of rock mass 
strength is practically unfeasible, due to difficulties 
in sampling and testing.  Even though several rock 
mass strength criteria have been proposed, verifica-

tion of the accuracy and limitations of these criteria 
has rarely been attempted. 

 In the present the failure criteria proposed by 
Hoek and Brown (1980), Sheorey (1989), Yudhbir 
(1983) and Ramamurthy criteria (2001) are used to 
evaluate the predictive capability.  The four empiri-
cal criteria are incorporated to determine the major 
principal stress at failure by SPSS and compare with 
the test result of joint specimens in laboratory. 

2 SAMPLE PREPARATION 

The rock samples used in this research are Phra Wi-
han sandstone (Boonsener and Sonpirom 1997).  The 
sandstone is the sedimentary rocks, which have the 
bedding plane and faults.  It’s suitable to represent 
the jointed rock mass.  This rock is classified as fine-
grained quartz sandstones with highly uniform tex-
ture and density.  This brittle rock is medium strong.  
Their mechanical properties play a significant role in 
the stability of tunnels, slope embankments, dam 
foundations and engineering structure in the north-
east of Thailand. The rocks have been prepared to 
obtain cubic specimens with nominal dimensions of 
60×60×60 mm3 and 80×80×80 mm3 (Figure 1).  
Specimens with one joint set and three mutually  
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Figure 1. Phra Wihan sandstone specimens prepared for the triaxial compression tests. 
 
perpendicular joint sets are prepared.  The three joint 
sets with joint varies from 1, 2, 3, 4, 5 joints for each 
set.  The one joint set has joints varying from 1, 2, 3, 
4 joints (joint frequency varying from 17 to 67 joint 
per meter).  For one joint set specimens, the joint are 
parallel and perpendicular to applies major principal 
stress.  The joints are artificially made in the labora-
tory by saw cut device. 

3 TEST METHOD 

The triaxial tests are performed to determine the 
strength and deformation of Phra Wihan sandstone 
under triaxial stresses.  A true triaxial load frame is 
used to apply confining pressures at 0, 1, 3, 5, 7 and 
12 MPa (Figure 2). The elastic modulus and com-
pressive strength are measured.  Neoprene sheets are 
used to minimize the friction at all interfaces 

 
between the loading plate and the rock surface.  The 
tests are performed by increasing the axial stress to 
the rock specimen.  The confining stress is con-
trolled to constant by four lateral hydraulic pumps.  
The dial gages are installed to measure the axial and 
lateral strains until failure occurs.  During the test, 
the axial strain and lateral strain are monitored.  The 
maximum load at the failure and failure modes are 
recorded.  

4 TEST RESULTS 

The stress-strain curves monitored from some of the 
specimens under different joint simulation and joint 
frequency (Jf).  The specimens tend to show nonline-
ar behavior, particularly under high confining and 
increasing of joint frequency.  All post-test speci-
mens show extension failure mode.  

 

 
 
Figure 2. True triaxial load frame used in this study. 
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To show the effects of joint frequency on the 
strength the major stress are plotted as a function of 
joint frequency in Figure 3.  Under the same confin-
ing, the triaxial strength (σ1) decreases with increas-
ing joint frequency.   

5 STRENGTH CRITERIA 

Four strength criteria that are commonly used for 
rock mass are fit to the triaxial strength data of Phra 
Wihan sandstone.  They include the Hoek and 
Brown (1980), Sheorey (1989), Yudhbir (1983) and 
 
 

 
 
Figure 3. Major principal stress at failure as a function of con-
fining pressures for varies joint frequency. 

Ramamurthy criteria (2001).  Exhaustive reviews of 
these criteria have recently been given in (Edelbro et 
al. 2007, Sheorey 1997).  They are all formulated in 
term of σ1 and σ3 and are, independent of σ2.  The 
predictive capability of the strength criteria for the 
Phra Wihan sandstone is determined and compared 
using the R2 as an indicator.  The higher R2 value in-
dicates the better the predictability of the criterion.  
Governing equations of the strength criteria used in 
the regression analysis are described briefly below. 

5.1 Hoek and Brown criterion 

The Hoek and Brown criterion defines the relation-
ship between the maximum and minimum stresses at 
failure by

 
2

331 σσσσσ cc sm ++=
 

(1) 

where m and s are constants which depend on the 
properties of the rock. Figure 4 compares test data 
with the predictions from the Hoek and Brown crite-
ria in the form of σ1 and σ3.  The criterion can well 
describe the effect of joint frequency on the strength 
results.  Figure 5 show the m, s parameters predicted 
from Hoek and Brown criterion.  Test results show 
that parameter s and m decrease with increasing joint 
frequency and has low value for three joint sets and 
high values in the case of one joint set.  m constant is 
between 4.5-14.5. 

5.2 Sheorey criterion 

The sheorey criterion used here defines the rela-
tionship between the maximum and minimum 
stresses at failure by  
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where bm is a constant and σcm is the uniaxial com-
pressive strength of rock mass and σtm is the uniaxial 
tensile strength of rock mass.  The test results and 
SPSS analysis show that bm and σtm decrease with 
increasing joint frequency (Figure 6).  Value of σtm 
and bm is highest when specimen is three joint sets.  
The criterion is fair estimation to describe the effect 
of joint frequency on the strength results. 

5.3 Yudhbir criterion 

Yudhbir et al. (1983) used the original Bieniawski 
criterion (1974), and changed it to suit rock masses.  
The new criterion for rock masses was written in the 
more general form 
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Figure 4. Comparisons between the test data (points) and the 
back analysis of Hoek-Brown criterion by SPSS software 
(lines), in the term of σ1 at failure. 
 
where A is a dimensionless parameter whose value 
depends on the rock mass quality.  B is a rock mate-
rial constant and depends on the rock type.  The re-
sults show that the criterion can fit well for describes 
the effect of joint frequency on the strength results.  
A is 1 for intact rock and decrease with more than 
joint frequency.  B is between 2.4 to 4.3. 
 

 
 

 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 5. m, s parameters predicted from Hoek-Brown criteri-
on. 

5.4 Ramamurthy criterion 

Ramamurthy and co-workers presented the nonlinear 
shear strength response of intact rocks in the form of 
a modified Mohr-coulomb theory.  For a jointed rock 
mass the criterion can be written as 
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where α and B are the material constant for the rock 
mass and σcm is the uniaxial compressive strength of 
the rock mass.  Equation 4 cannot use to predict in 
state of unconfined pressure so Ramamurthy sug-
gested the formula in terms of joint factor Jf are giv-
en by 
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The Ramamurthy criterion can well estimation by 
using parameters of SPSS program (Wendai 2000) 
which α is between 0.6 to 0.8 and B is between 2.5 
to 40.  While the estimation of strength by using the 

 
 

Figure 6. σtm, bm and σcm parameters predicted from Sheorey 
criterion. 
 
Equation 6 and Equation 7 to calculate parameters α 
and B tend to overestimate particularly under high 
confining pressures. 

6 DISCUSSIONS AND CONCLUSIONS 

The results indicate that under the same joint fre-
quency the strengths of rock specimens increase with 
increasing confining pressure.  When the major prin-

cipal stress is normal to the joint planes the speci-
men strength is greatest.  The elastic modulus and 
failure stress of rock specimens decrease exponen-
tially with increasing joint frequency.  These agree 
well with the experimental results performed by 
Yang et al. (1998), Ramamurthy (2001).  Under the 
same joint frequency the deformation modulus tends 
to increase with confining pressure.  For one joint set 
specimen, when the major principal stress is normal 
to the joint planes, the specimen strength is greatest 
and the deformation modulus is lowest.  For three 
joint sets specimen the lowest strength and defor-
mation modulus are obtained.  These indicate that 
the direction of loading and jointed plane is im-
portant to determine the elastic modulus. 

Verification of rock mass failure criteria shows 
that all criteria give good estimate of the specimen 
compressive strength with R2 greater than 0.9.  
Yudhbir and Sheorey can fit the test results well.  
Hoek-Brown strength criterion can best describe the 
specimen strengths under all configurations.  The 
“m” and “s” parameters decrease rapidly with in-
creasing joint frequency and joint set number.  
Hoek-Brown can easily and useful when know the 
value of major and minor stress. 
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1 INTRODUCTION 

The application of radioactive materials and radia-
tion provides benefits to scientific, medical, agricul-
tural and industrial applications.  The radioactive 
waste is generated from the application.  The radio-
active waste needs to be managed in a safe and se-
cure manner.  Granite formation is used to storage 
the radioactive waste because the granite has less 
fracture, low permeability and resistant high temper-
ature.  Radioactive waste has high levels of activity 
that generate significant quantities of heat by radio-
active decay that need to be considered in the design.  
The fracture stability in granite mass is necessary to 
study under elevated temperatures for the assessing 
safety of repository for heat generating nuclear waste 
in a deep geological rock formation. 

Temperature is one of the main factors influenc-
ing the mechanical behavior of rock (Dwivedi et al. 
2008).  Several investigators (Blanpied et al. 1995, 
Ohnaka et al. 1995, Kawamoto and Shimamoto 
1998, Odedra et al. 2001) have studied the effects of 
temperature on the rock physical and mechanical 
properties.  The results indicate that temperature in-
fluences the friction angle, cohesion and shear 
strength of rocks. 

The objective of this study is to experimentally 
determine the shear strengths of fractures in granite 
under elevated temperatures.  The triaxial shear test 
is performed using a polyaxial load frame.  The ef-
fect of temperatures on the shear strengths of ten-
sion-induced fractures and saw-cut surfaces are de-
termined.  Empirical equations are derived to 
represent the cohesion and friction angle of fractures 
as a function of temperature. 

2 SPECIMENS PREPARATION 

The specimens used for the triaxial shear tests are 
prepared from Tak granite, Tak province, Thailand.  
Mahawat et al. (1990) give detailed description and 
origin of the Tak granite.  The mineral compositions 
of the sample tested have are plagioclase 16.2%, 
quartz 5.4%, K-fieldspar 5%, biotite 2.7%, horn-
blende 0.5%, Ore/Rest tr, groundmass 70% (Ather-
ton et al.1992).  The specimens have been prepared 
to obtain rectangular blocks with nominal dimen-
sions of 5×10×10 cm3.  A line load is applied to ob-
tain a tension-induced fracture across the granite 
block.  The rock samples are cut to obtain rectangu-
lar block specimens with nominal dimensions 
5.0×5.0×8.7 cm3 as shown in Figure 1.  The fracture 
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determined.  The polyaxial load frame applies confining (lateral) stresses while the axial stress is increased.  
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surface has an area of 5×10 cm2.  The normal to the 
fracture plane makes an angle 60° with the axial of 
the specimens.  All fractures are clean and well mat-
ed.  The asperity amplitudes on the fracture planes 
are measured from the laser-scanned profiles along 
the shear direction.  The readings are made to the 
nearest 0.01 mm.  The maximum amplitudes are 
used to estimate the joint roughness coefficients 
(JRC) of each fracture based on Barton’s chart (Bar-
ton 1982).  The joint roughness coefficients are av-
eraged as 12-16.  

3 TESTING METHOD 

The granite specimens are installed into the polyaxi-
al load frame (Fuenkajorn and Kenkhunthod 2010) 
with steel platens.  The platens are heated by heater 
coil for 2 hours before testing, at 373, 573 and 773 
Kelvin (Figure 2).  The temperature is measured and 
regulated using thermocouple and thermostat.  A 
digital temperature regulator is used to maintain con-
stant temperature to the specimen.  The changes of 
specimen temperatures between before and after test-
ing are less than 5 Kelvin.  Dead weights are placed 
on the two lower bars to obtain the pre-defined mag-
nitude of the lateral stresses (σ3) on the specimens.  
Simultaneously the axial stress (σ1) is increased to 
the same value with lateral stresses to obtain the 
condition where both shear and normal stresses are 
zero on the fracture plane.  This is set as an initial 
stress condition.  The test is started by increasing the 
axial stress at a constant rate using the electric oil 
pump while lateral stresses are maintained constant.  
The specimen deformations in the three loading di-
rections are monitored.  The readings are recorded 
every 8.4 kN of the axial load increment until the 
peak shear stress is reached.  Figure 3 shows the di-
rections of the applied stresses with respect to the 
fracture orientation.  As a result the shear stress (τ) 
and its corresponding normal stress (σn) increase 
with σ1, which can be determined as follows: 

τ = ½(σ1 - σ3)⋅sin2β (1) 

σn = ½(σ1 + σ3) + ½(σ1 - σ3)⋅cos2β (2) 

where β is the angle between σ1 and σn directions.  
For all specimens the angle β equals to 60 degrees. 

4 SHEAR STRENGTH OF TENSION-INDUCED 
FRACTURES 

The peak shear strengths of the tension-induced frac-
tures are determined for the temperatures of 303, 
373, 573 and 773 Kelvin and confining stresses 
from1, 3, 7, 12 to 18 MPa.  Examples of the shear 

 

 
Figure 1. Rock samples cut to obtain rectangular block with 
nominal dimensions 5.0×5.0×8.7 cm3. 

 

 
Figure 2. Temperatures measured and regulated by thermocou-
ples and thermostats. 

 

 
Figure 3. Directions of the applied stresses with respect to the 
fracture orientation. 

:268:



stresses-displacements (τ-ds) curve for all specimens 
are shown in Figure 4.  The results indicate that the 
shear strength decreases with increasing temperature. 
Non-linear behavior of the fracture is reflected as a 
curvature of the shear strength-normal stress rela-
tions.  The shear and normal displacements (ds and 
dn) are monitored during the test and calculated by: 

ds = ½(d1-d3)⋅sin2β (3) 

dn = ½(d1 + d3) + ½(d1 - d3)⋅cos2β (4) 

where d1 and d3 are the specimen displacements 
monitored in the directions of σ1 and σ3 during the 
test, respectively.  

The results indicate that the temperature can sig-
nificantly reduce the fracture shear strengths.  The 
non-linear relation based on the Barton’s criterion is 
proposed to represent the peak shear strengths under 
elevated temperatures:  

τ = σn⋅tan(φb + JRC⋅Log(σj/σn)) (5) 

where φb is basic friction angle of saw-cuts surface 

test under elevated temperatures as 28.37 degree for 
all specimens.  JRC is Joint roughness coefficient of 
all specimens are 12.  σj is Joint wall compressive 
strength.  Figure 5 compares the test data with the 
fitting curves of the Barton’s criterion by regression 
analysis on the test data using SPSS statistical soft-
ware (Wendai 2000).  Good coefficient of correla-
tion (R2) between the proposed equation and the test 
data is 0.993.  The joint wall compressive strength 
decreases with increasing temperatures.  The de-
crease can be described by exponential equation:  

σj = α⋅exp(λ⋅T) (6) 

where α and λ are empirical constants.  T is absolute 
temperature.  The parameters are defined by a re-
gression analysis on the test data using SPSS statisti-
cal software as: α  = 12000, and λ = -0.003. 

By substituting Equation (6) into Equation (5) the 
following relation is obtained: 

τ = σn⋅tan(φb + JRC⋅Log(α⋅exp(λ⋅T)/σn)) (7) 

This equation can be used to predict shear 
strength of fractures granite under elevated tempera-
tures. 

 

 
Figure 4. Shear stresses as a function of shear displacements of tension-induced fractures. 
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5 SHEAR STRENGTH OF SAW-CUT 
SURFACES 

The test method and strength calculation are identi-
cal to those of the tension-induced fractures.  The 
temperatures ranging from 303, 373, 573 and 773 
Kelvin and confining stresses are maintained con-
stant at 1, 3, 7, 12 and 18 MPa.  It is found that the 
increasing temperatures can notably increase the co-
hesion, while can be described by an empirical equa-
tion. 

τ = ζ⋅σn + χ⋅exp(ω/T) (8) 

where ζ, χ, ω are empirical constants.  Regression 
analysis on the test data using SPSS statistical soft-
ware these parameters are defined as: ζ = 0.54, χ = 
28.04, and ω = -1300.   

Good coefficient of correlation between the pro-
posed equation and the test data is 0.983.  Figure 6 
compares the test data with the fitting curves of the 
proposed equation.  This equation can be used to 
predict shear strength of saw-cut surfaces under ele-
vated temperatures. 

6 DISCUSSIONS AND CONCLUSIONS 

The results of shear strength on rough fracture indi-
cate that elevated temperatures effect to granite be-
havior.  The effect of temperatures is insignificant 
below 373 kelvin, suggesting that this temperature 
ranges is in the brittle regime.  Above 373 kelvin, 
the temperatures effect is greater (Ohnaka 1995).  
The increasing temperatures are the cause of shear 
displacement increasing and shear strength decreas-
ing.  This may be related to development of local-
ized plastic deformation in shear failure zone.  The 
shear strength on saw-cut surface is increased by in-
creasing temperatures.  The result agrees with results 
obtained by Lockner et al. (1986) and Mitchell et al. 
(2013).  This may be explained by that surface 
roughness of saw-cut surface is increased by increas-
ing temperatures; therefor, the cohesion is increased 
(Parthasarathi et al. 2013).  Stick-slip phenomenon is 
found at temperatures of 573 and 773 kelvin and 
confining pressures of 12 and 18 MPa.  The post-test 
of saw-cut samples show the scratch on the surfaces.  
The scratching results in an increase in frictional re-
sistance and impedes further sliding on the saw-cut 
surface at higher temperatures.  Once sliding has 
stopped, shearing stress increases until the shear 
strength of the asperities is exceeded; besides, the 
stick-slip phenomenon depends on mineral composi-
tion (Kawamoto and Shimamoto 1998). 

From the relationship between shear strength as a 
function of normal stresses under elevated tempera-
tures of tension-induced fractures.  This relationship 
can be described by the Barton’s criterion.  The 
shear strength of tension-induced fractures depends 
on joint wall compressive strengths under elevated 
temperatures.  For the relationship between shear 

strength and normal stresses under elevated tempera-
tures of saw-cut surfaces shows an opposite results 
compared to those of the tension-induced fractures.  
The SPSS regression analysis shows that the test da-
ta and empirical equation are agreeable. The fitting 
equation can be used to predict shear strength of 
fractures in granite around deep disposal borehole 
under the temperatures ranged here. 

 

Figure 5. Comparison between tests result (points) and curves 
fit (lines) of tension-induced fractures.  

 

Figure 6. Comparison between tests result (points) and curves 
fit (lines) of saw-cut surfaces. 
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1 INTRODUCTION 

Blasting, seismic waves, landslides and rock bursts 
can impose a wide range of loading rates to rock 
fractures. It is important to investigate the effect of 
the loading rate on shear strengths of rock fractures 
(Zhang et al. 1999). Frictional resistance of rock 
joints is dependent of the rate of shear displacement. 
The magnitude of this effect was quite variable, de-
pending mainly on the rock type and normal stress 
level. In general, for harder rocks, the frictional re-
sistance was found to decrease with increasing shear 
displacement rates greater than a variable critical ve-
locity (Crawford and Curran 1981).  It has been 
found that the shear strength of joints is related to 
the rate of displacement (shearing velocity), number 
of loading cycles and stress amplitude (Jafari et al. 
2003). The objective of this study is to experimental-
ly assess the effect of shear velocity on fracture 
shear strength by double shear technique testing on 
tension-induced fractures in sandstones. Mathemati-
cal relations are proposed to empirically determine 
the joint shear strength and shear stiffness under var-
ious shear velocities. 

2 ROCK SPECIMENS 

The tested specimens are prepared from the Phra Wi-
han, Phu Phan and Phu Kradung formations (hereafter 
called PW, PP and PK sandstones). The samples for 
shear test are prepared to have fractures area of 
90×100 mm2. The fractures are artificially made in 

the laboratory by tension inducing in 100×100×225 
mm3. Samples comprise 3 blocks.  Each block has a 
dimension of 100×100×75 mm3. These rocks are 
classified as fine-grained quartz sandstones with highly 
uniform texture and density. Their mechanical proper-
ties play a significant role in the stability of tunnels, 
slope embankments and dam foundations in the north 
and northeast of Thailand. A minimum of 16 speci-
mens are prepared for each sandstone type. For all 
sandstone specimens the joint roughness coefficients 
(JRC-Barton 1973) of the tension-induced fractures are 
in the range between six and twelve. 

3 TEST METHOD 

3.1 Equipment 

A true triaxial load frame is used to apply true tri-
axial stress to the specimens (Figure 1). The true 
triaxial load frame has has mutually perpendicular 
3 pair of steel plates. Four pillars secure each pair. 
Each pair has spacing about 61 cm2. The steel 
plates have dimension of 43×43×4 cm3 and other 
two are 30×30×6 cm2. Six hydraulic load cells have 
capacity of 10,000 psi. Diameter of hydraulic load 
cell is 9 cm. One of the lateral stresses (horizontal) 
is set perpendicular to the fractures plane, which is 
designated as normal stress (σn). The shear stress 
(τ) is applied by top hydraulic load cell. The bot-
tom hydraulic pump is fixed. Two dial gages are 
used for monitoring the normal and shear dis-
placement. 
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3.2 Testing procedure 

The double shear tests are performed with the nor-
mal stresses of 1, 2, 3 and 4 MPa. The tests are per-
formed with the normal stresses of 1, 2, 3 and 4 
MPa for the rough fractures. Each specimen is 
sheared only once under the predefined constant 
normal stress. Figure 2 shows the laboratory ar-
rangement of the double shear plane test while the 
fracture is under normal and shear stresses.  The 
shearing velocities are 0.0001, 0.001, 0.01 and 0.1 
mm/s.  The shear force is continuously applied un-
til a total shear displacement of 5 mm is reached. 
The applied normal and shear forces and the cor-
responding normal form and shear displacements 
are monitored and recorded. 

4 TEST RESULTS 

Figure 3 gives peak and residual shear stresses for 
all specimens. The higher the shear velocity applied, 
the higher the peak and residual shear stresses are 
obtained. The higher joint roughness coefficients 
(JRC) lead to the high shear strength. The higher 
shear velocities and normal stress result in higher 
joint shear stiffness obtain. Post-test observation on 
the sheared off area indicates that the asperity areas, 
 

 
 
Figure 1. True triaxial load frame. 
 

 
 
Figure 2. Diagram while double shears testing. 
 
that have been sheared off are small for all specimens 
about 10 - 15% of the total area. Figure 4 shows the 

pre and post-test fractures for the PP sandstone spec-
imens. 

5 MATHEMATIC RELATIONS 

Based on the Coulomb criterion, the shear stress 
(τ) can be represented by: 

φ+=  tanστ nc   (1) 

where σn is the normal stress, c is the cohesion and φ 
is the friction angle. They can be determined as a 
function of the shear velocity as follows (Fig. 5): 

YtdXc += )δ/δln( s   (2) 

JtdI +=φ )δ/δln( s   (3) 

where parameters X, Y, I and J are empirical con-
stants as shown in Tables 1. Substituting equations 
(2) and (3) into (1), the shear strength (τ) can be 
written as: 

])δ/δln(tan[])δ/δln([ ss JtdIYtdX n +σ++=τ   (4) 

The Barton criterion can be defined as: 
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where σn is the normal stress, JRC is the joint 
roughness coefficient, φb is the basic friction angle, 
and JCS is joint compressive strength.  The JRC and 
basic friction angle of all specimens are summarized 
in Table 2.  Then values can be determined as a func-
tion of the shear velocity as follows:  

N
s tdMJCS )δ/δ(=   (6) 

where parameters M and N are empirical constants 
as shown in Table 3.  
Substituting equations (6) into (5), the shear strength 
(τ) can be written as: 



















+φ=

n

N
s

bn

td
JRC

σ
)δ/δ(M

logtanστ 10  (7) 

Figure 6 shows Peak shear strength as function of 
shear velocities based on Barton’s criterion. 
 
Table 1. Constants X, Y, J, and K for all tested rocks. 

Rock types 
Empirical constant 

X Y I J 
PK 0.16 1.53 0.35 38 
PP 0.11 1.15 0.43 37.5 
PW 0.09 1.53 0.74 35 
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Figure 3. Peak and residual shear strengths under various shear velocities (δds/δt). 
 

 
 

Figure 4. Pre and post-test PK, PW and PP sandstones. 
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Figure 5. Cohesion (c) and friction angle (φ) of PK, PP and PW sandstones as a function of the shear velocity (δds/δt). 

Table 2. Joint roughness coefficient and basic friction angles 
of PK, PP and PW sandstones. 

Rock types JRC (average) φb  (Degrees) 
PK 7 33 
PP 6 31 
PW 12 31 

 
Table 3. Constants M and N for all rock types. 

Rock types 
Empirical constant 

M Ν 
PK 59123 1.0157 
PP 5000 0.6 
PW 168 0.3 

Joint shear stiffness (Ks) is calculated from the lin-
ear slope of the shear stress-displacement curves 
(δds/δt). The shear stiffness tends to increase line-
arly with increasing the normal stress, which can 
be represented by: 

AK ns += ωσ   (8) 

where ω and A are empirical constants depending 
on the shear velocities applied. They can be repre-
sented by the following relations: 

Ltd s +α=ω )δ/δln(   (9) 
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Figure 6. Peak shear strength under various velocities based 
on Barton’s criteria. 
 

κβ= )δ/δ( tdA s   (10) 

The parameters α, L, β and κ are empirical con-
stants as shown in Table 4. Substituting equations 
(9) and (10) into (8) the joint shear stiffness 
(Ks) can be written as: 

])δ/δ([])δ/δln([ κβ+σ+α= tdLtdK snss    (11) 

 
Table 4. Constant α, L, β and κ for all rock types. 

Rock 
types 

Empirical constant 
α L β κ 

PK 0.01 0.27 1.16 0.11 
PP 0.02 0.47 0.67 0.20 
PW 0.02 0.58 1.80 0.37 

Table 5 lists the slopes of the normal displacement 
and shear displacement curve (dilation) for all 
specimens. The higher velocity is applied, the 
higher dilation is obtained, as shown in Figure 7. 

 
Table 5. Dilation of PK, PP and PW sandstones. 

Rock 
types 

δds/δt (mm/s) 
Normal stress (MPa) 

1 2 3 4 

PK 

2×10-1 0.70 0.58 0.43 0.32 
2×10-2 0.59 0.47 0.38 0.29 
2×10-3 0.47 0.39 0.31 0.19 
2×10-4 0.41 0.30 0.24 0.16 

PP 

2×10-1 0.53 0.41 0.32 0.19 
2×10-2 0.37 0.33 0.22 0.16 
2×10-3 0.26 0.20 0.15 0.11 
2×10-4 0.21 0.16 0.12 0.08 

PW 

2×10-1 0.34 0.30 0.22 0.15 
2×10-2 0.31 0.25 0.19 0.12 
2×10-3 0.27 0.18 0.14 0.09 
2×10-4 0.21 0.13 0.05 0.04 

6 DISCUSSION AND CONCLUSSION 

The shear velocities can affect the shear strengths 
of the tension-induced fractures in the PP, PW and 
PK sandstones.  Here the Coulomb’s criterion can 
well describe the joint shear strengths of the 
rocks under the shear velocities ranging from 
2×10-4 to 2×10-1 mm/s with the normal stresses 
from 1 to 4 MPa.  The higher shear velocities ap-
plied, the higher the peak and residual shear stress-
es are obtained particularly under high normal 
stresses.  Since the JRC values for all specimens of 
each sandstones type are in a narrow range (6 to 
12) it is assumed that the roughness of the inten-
sion-induced fractures is the same for each sand-
stone type.  As a result the cohesion and friction 
angle obtained for the Coulomb criterion can be 
correlated among different shear velocities.  It is 
found that both cohesion and friction angle notably 
increase with the shear velocities. The cohesion 
can be as low as zero under the shear velocities of 
2×10-4 mm/s to about 0.5-0.6 MPa under the shear 
velocities of 2×10-1 mm/s.  The friction angles can 
increase by about 5 degrees when the shear 
velocities increase from 2×10-4 to 2×10-1 
mm/s.  The slope of normal and shear displace-
ment curve (dilation) are higher when higher ve-
locity and the higher normal stress, the lower dila-
tion obtain.  The scattering of the data is probably 
due to the intrinsic variability of the tested fracture. 
This study is aimed to experimentally assess effect 
of shear velocities on joint shear strength and joint 
stiffness of fracture sandstones. In this study the 
Coulomb and Barton criteria are used. The results 
indicate that the low shear velocities decrease the 
peak and residual shear strengths, including cohesion  
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Figure 7. Dilation of PK, PP and PW sandstone fractures as a 
function of the shear velocities (δds/δt). 

 
and friction angle based on Coulomb criteria. Joint 
shear stiffness increases with shear velocities. All 
parameters tend to increase linearly with normal 
stress and shear velocities. Joint compressive 
strength tends to increase exponential with shear 
velocities as a result the Barton criterion overesti-
mates the test result. The comparison of the Cou-
lomb and Barton criteria are different before and 
after of peak shear strength curve. The dilation are 
change with shear velocities. The dilation rates in-
crease with the shear velocities. 
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1 INTRODUCTION 

The performance of engineering structures con-
structed in rock is concerned with the presence of 
fractures in rock when subjected to forces and dis-
placements.  In rock masses, properties such as 
roughness, separation and joint aperture have con-
siderable effects on shear strength of rock joints.  
The shear velocity on rock fractures shear strength 
plays an important role in the stability and safety as-
sessment of the underground structures subjected to 
seismic loads.  The shear behavior of rock fractures 
on the seismic loads condition is usually estimated 
through direct shear tests (e.g., ASTM D5607-08) to 
determine the peak and residual strengths of the rock 
fractures.  Its test configurations however pose some 
disadvantages that the magnitudes of the applied 
normal stress are limited by the uniaxial compres-
sive strength of the rock and that the fractures are 
sheared under unconfined conditions.  The triaxial 
shear testing (Brady and Brown, 2006; Jaeger et al., 
2007) has been developed to simulate the frictional 
resistance of rock fractures under confinements.  
The normal stress at which the shear strengths are 
measured can be controlled by the applied axial 
stress and confining pressure.  Ever though it has 

long been recognized that shear velocity can notably 
affect the shearing resistance of rock fractures, quan-
titative assessment of such effect has been rare. 

The objective of this study is to determine the ef-
fects of shear velocity fracture shear strength of 
rocks under confinement.  The effort involves per-
forming triaxial shear tests on tension-induced frac-
tures by using a polyaxial load frame.  The confining 
pressures vary from 1, 3, 7, 12 to 18 MPa.  The axial 
stresses are applied under constant rates equivalent 
to the shear velocities on the fractures from 8.7×10-3 
to 8.7×10-6 mm/s.  Mathematical relationships be-
tween the shear velocity and the joint shear strength 
and dilation are proposed to predict the mechanical 
stability of in-situ fracture shear strengths subject to 
various loading rates. 

2 SAMPLES PREPARATION 

The rock samples used in this study are Tak granite 
(Mahawat et al., 1990), Lopburi marl (Suksumret, 
2001). and Phra Wihan sandstone (Pobwandee, 
2010) which have been prepared to obtain rectangu-
lar block specimens with nominal dimensions of 
50×50×87 mm3 and fracture surface with an area of 
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M. Kleepmek & K. Fuenkajorn 
Suranaree University of Technology, Nakhon Ratchasima, Thailand 
 

 
 

 
 

 
 
ABSTRACT: Triaxial shear testing is performed to simulate the effects of shear velocity on rock fracture 
shear strength under confinements.  The confining pressures vary from 1, 3, 7, 12 to 18 MPa.  The axial 
stresses are applied under constant rates equivalent to the shear velocities on the tension-inducing fractures 
from 8.7 ×10-3 to 8.7 ×10-6 mm/s.  Rectangular specimens have been prepared from the Tak granite, Lopburi 
marl and Phra Wihan sandstone.  The specimen has nominal dimensions of 50×50×87 mm3.  The fracture area 
is 50×10 mm2.  The asperity amplitudes on the fracture planes are measured from the laser-scanned profiles 
along the shear direction.  The maximum amplitudes are used to estimate the joint roughness coefficients 
(JRC) of each fracture.  The joint roughness coefficients are averaged as 15, 8 and 6 for the Tak granite, Lop-
buri marl and Phra Wihan sandstone, respectively.  The test results are fitted to the Hoek and Brown and Bar-
ton criteria.  The shear strength at each confinement increases with the shear velocities.  The Hoek and Brown 
and Barton criteria in the form of τ-σn fit well to the test results.  It is postulated that the time-dependent be-
havior of the joint shear strength is related to the time-dependent properties of the joint wall rock.  For all 
rock types the cohesion and friction angle at each confinements increase with the shear velocities.  The study 
improves an understanding of the shearing resistance of rock fractures and can be used to predict the mechan-
ical stability of in-situ fracture shear strengths subject to various loading rates. 
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50×87 mm2.  The fractures are artificially made in 
the laboratory by tension-inducing fracture method.  
The normal to the fracture plane makes an angle 60° 
with the axis of the specimens. All fractures are 
clean and well mated. The asperity amplitudes on 
the fracture planes are measured from the laser-
scanned profiles along the shear direction. The read-
ings are made to the nearest 0.01 mm.  Figure 1 
shows laser scanned images of some tension-induced 
fractures in sandstone.   The maximum amplitudes 
are used to estimate the joint roughness coefficients 
(JRC) of each fracture based on Barton’s chart (Bar-
ton, 1982).  The joint roughness coefficients are av-
eraged as 15, 8 and 6 for the Tak granite, Lopburi 
marl and Phra Wihan sandstone, respectively.  
 

  

Figure 1. Tension-induced fracture methods and laser scanned 
images of sandstone. 

3 TRIAXIAL SHEAR TEST 

The shear velocity tests are performed to determine 
the rough fractures shear strength and develop slid-
ing criteria of granite, marl and sandstone under con-
finements.  The three rock types are installed into 
the polyaxial load frame (Fuenkajorn and Kenkhun-
thod, 2010).  Neoprene sheets are used to minimize 
the friction at all interfaces between the loading 
plate and the rock surface.  A polyaxial load frame is 
used to apply confining pressures from 1, 3, 7, 12 to 
18 MPa.  Figure 2 shows the polyaxial load frame 
used in this study and the directions of applied stress 
with respect to the fracture orientation.  The shear ve-
locities are controlled constant at 8.7 × 10-3 to 
8.7×10-6 mm/s.  Before loading applied the specimen 
is under hydrostatic condition.  The maximum prin-
cipal stresses (σ1) are increased until peak shear 
stress occurs.  Digital pressure gages measure oil 
pressure in the hydraulic cylinders that applies the 
axial stresses to the rectangular specimens.  The 
peak and residual shear strengths are recorded.  The 
test is terminated when a total shear displacement of 
8 mm is reached.  After shearing the fractures are 
examined and photographed.  The shear stress (τ), 
its corresponding normal stress (σn) can be deter-
mined from the applied principle stresses (σ1 and σ3) 
as follows: 

τ = ½(σ1 - σ3) ⋅ sin2β (1) 

σn = ½(σ1 + σ3) + ½(σ1 - σ3) ⋅ cos2β (2) 

The shear displacements can be calculated as: 

ds = ½(d1-d3) ⋅ sin2β (3) 

where β is the angle between σ1 and σn directions.  For 
all specimens the angle β equals to 60 degrees.  d1 and 
d3 are the specimen displacements monitored in the di-
rections of σ1 and σ3 during the test, respectively.  
 

Figure 2. Polyaxial load frame and the directions of applied 
stress on the fracture plane. 

4 TEST RESULTS 

Table 1 summarizes the shear strength results for the 
three rock types.  The shear stresses-displacements 
(τ-ds) curves for sandstone are shown in Figure 3.  
The shear strength at each confinement increases 
with the shear velocities.  Non-linear behavior of the 
fracture is reflected as a curvature of the shear 
strength-normal stress relations.  The non-linear re-
lation based on the Barton’s criterion is proposed to 
represent the peak shear strengths under confine-
ments:  

τ = σn ⋅ tan(φb + JRC ⋅ log(σj/σn)) (4) 

where φb represents the basic friction angle of saw-
cuts surface test taken as 28, 29 and 30 degrees for 
the Tak granite, Lopburi marl and Phra Wihan sand-
stone, respectively (Kemthong, 2006).  JRC is joint 
roughness coefficient of specimens.  σj is average 
joint wall compressive strength at each shear veloci-
ty.  Figures 4 compares the test data of marl with the 
fitting curves from the Barton’s criterion.  Good cor-
relation (R2 = 0.985) between the criterion and the 
test data is obtained.  The joint wall compressive 
strength increases with increasing shear velocity.  
The increase can be described by logarithmic equa-
tion:  

σj = Α ⋅ ln (∂ds/∂t) + B (5) 

where A and B are empirical constants.  ∂ds/∂t is 
shear velocity. 

By substituting Equation (5) into Equation (4) the 
following relation is obtained: 

τ = σn ⋅ tan (φb+JRC ⋅ log ((Α ⋅ ln(∂ds/∂t)+B)/σn)) (6) 
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Table 1. Summary of peak shear strengths and their corresponding normal stresses.     

∂ds/∂t 
(mm/s) 

Confinements  
(MPa) 

 Tak granite  Lopburi marl  Phra Wihan sandstone 

 σ1 

(MPa) 
σn 

(MPa) 
τ 

(MPa) 
 σ1 

(MPa) 
σn 

(MPa) 
τ  

(MPa) 
 σ1 

(MPa) 
σn 

(MPa) 
τ  

(MPa) 

8.7 ×10-3 

1  82.32 21.33 35.21  33.30 9.07 13.99  32.26 8.81 13.53 

3  97.44 26.61 40.89  58.80 16.95 24.16  65.32 18.58 26.98 

7  117.60 34.65 47.89  84.00 26.25 33.34  89.04 27.51 35.52 

12  142.80 44.70 56.64  110.88 36.72 42.82  114.24 37.56 44.27 

18  168.00 55.50 64.95  134.40 47.10 50.40  139.44 48.36 52.59 

8.7 ×10-4 

1  65.52 17.13 27.94  29.03 8.01 12.14  28.56 7.89 11.93 

3  78.96 21.99 32.89  52.08 15.27 21.25  58.23 16.81 23.91 

7  97.44 29.61 39.16  75.60 24.15 29.70  80.64 25.41 31.89 

12  120.96 39.24 47.18  97.44 33.36 37.00  106.41 35.60 40.88 

18  144.48 49.62 54.77  121.23 43.81 44.70  129.23 45.81 48.16 

8.7 ×10-5 

1  47.04 12.51 19.94  25.27 7.07 10.51  25.20 7.05 10.48 

3  60.48 17.37 24.89  44.39 13.35 17.92  50.40 14.85 20.52 

7  80.64 25.41 31.89  65.86 21.71 25.49  72.24 23.31 28.25 

12  102.48 34.62 39.18  85.68 30.42 31.90  97.74 33.44 37.13 

18  124.32 44.58 46.04  107.52 40.38 38.76  120.02 43.50 44.18 

8.7 ×10-6 

1  33.94 8.48 12.95  21.84 6.21 9.02  20.16 5.79 8.30 

3  45.36 13.59 18.34  37.03 11.51 14.73  42.67 12.92 17.18 

7  64.01 21.25 24.69  58.80 19.95 22.43  63.84 21.21 24.61 

12  82.32 29.58 30.45  76.27 28.07 27.83  87.73 30.93 32.79 

18  104.16 39.54 37.31  94.08 37.02 32.94  109.20 40.80 39.49 

 

 
Figure 3. Some test results of shear stresses (τ) as a function of shear displacement (ds) for sandstone.
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Figure 4. Peak shear stresses (τ) as a function of normal stress (σn) for marl specimens based on the Barton’s criterion. 
 

Based on the Hoek and Brown’s criterion the shear 
strength (τ), normal stress (σn), cohesion (c) and fric-
tion angle (φ) are calculated using Mohr envelope 
(Hoek and Brown, 1980), which can be represented 
by:  

τ = (σn - σ3)⋅(1+mσc / 4τm)0.5  (7) 

σn = σ3 + [τm/ (τm + (mσc/ 8))]  (8) 

τm = 0.5 (σ1 - σ3)
 (9) 

c = τ - σ tanφ
 (10) 

where σc is uniaxial compressive strength, τm is the 
maximum shear strength, and m is the material con-
stant. 

Figure 5. Peak shear stresses (τ) as a function of normal stress 
(σn) for granite fitted with the Hoek and Brown’s criterion. 

 Figures 5 compares the test results of granite spec-
imen with the Hoek and Brown’s criterion.  Good 
correlation is obtained (R2 = 0.998) between the cri-
terion and the test results.  For all rock types the 
fracture cohesion (c) and friction angle (φ) at each 
confinements decreases with the shear velocities.   

Post-test observation on the sheared off area indi-
cates that the asperity areas that have been sheared 
off at each confinement increases with the shear ve-
locities for all specimens.  The some post-test frac-
tures for the sandstone specimens are shown in Fig-
ure 6.   

 
Figure 6. Some post-test fracture surfaces of sandstone. 

5 DISCUSSIONS AND CONCLUSIONS 

It can be concluded that the shear velocity under 
confinements on rough fractures can significantly 
inrease the shear strength.  This is primarily due to 
the time-dependent strength of the rock asperities on 
the fracture wall.  This supported by the experi-
mental results obtained by Fuenkajorn and 
Khenkhunthod (2010) who conclude that the uniaxi-
al and triaxial compressive strengths and elastic 
modulus of the three sandstones increase exponen-
tially with the loading rate.  It can be postulated here 
that the time-dependent shear strengths of the frac-
tures may be found in other rock types of which 
compressive strengths are sensitive to loading rate.  

In general the increase of the shear strength with 
confining pressures as observed here agrees reason-
ably well with the results obtained by Kapang et al. 

:282:



(2013).  This means that the fracture shear strengths 
from the (unconfined) direct shear testing may not 
truly represent the fault or fracture shear strengths 
under the confinements of in-situ conditions. 

From the relationship between shear strength un-
der various shear velocities can be described by the 
Barton’s criterion.  The shear strength of fractures 
depends on joint wall compressive strengths. 

The fracture cohesion (c) and friction angle (φ) 
are calculated using Mohr envelope based on the 
Hoek and Brown’s criterion.  For all rock types the 
fracture cohesion and friction angle at each con-
finements increases with the shear velocity.   

The regression analysis shows that the test results 
fit well to the Hoek and Brown and Barton’s  criteria 
in the form of τ-σn.  The fitting equation can be used 
to predict the mechanical stability of in-situ fracture 
shear strengths subject to various loading rates. 
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1 INTRODUCTION 

The compressive strength and deformability of deco-
rating stones are important parameters for the design 
parameters in construction and building projects 
(Cobanoglu and Celik 2012, Torok and Vasarhelyi 
2010, Vasarhelyi 2005).  Water content is one of the 
important factors influencing rock strength. It makes 
rock strength decrease remarkably after only 1% wa-
ter saturation (Vasarhelyi and Van 2006). The 
strengths of the saturated specimens are lower than 
those of the dry specimens (Cobanoglu and Celik 
2012).  The influence of water on deformability of 
rocks is also reflected as a reduction of Young's 
modulus and increase of Poisson's ratio (Li et al. 
2012, Vasarhelyi 2003, Yilmaz 2010, Vasarhelyi 
2005).  The best relations between uniaxial compres-
sive strength and elastic modulus with water content 
were found to be exponential representing good cor-
relation (Vasarhelyi and Van 2006, Hawkins and 
McConnell 1992, Yilmaz 2010).  Another one factor 
that affects the strength and elasticity of rock is po-
rosity. The uniaxial compressive strength and elastic 
modulus decrease with increasing porosity (Palchik 
1999).  A simplified model for crack damage stress 
(σcd) in terms of porosity, elastic modulus and Pois-
son ratio are obtained from Palchik and Hatzor 
(2002).  The model shows that when porosity de-
creases and elastic modulus increases, the crack 
damage stress rapidly increases and approaches its 
maximum value.  Most of researches above have fo-

cused on the influence of water on the high porosity 
rocks.  The effects of pore pressures on the compres-
sive strengths and deformability of low porosity 
rocks have rarely been studied.  Accurate measure-
ment of the magnitudes and effects of pore pressure 
in low porosity rocks is also difficult.   

The objective of this study is to experimentally 
determine the effects of pore pressure on the com-
pressive strengths and elasticity of three Thai deco-
rating stones.  The loading rates and confining pres-
sures are applied to indirectly reveal the effects of 
pore pressure on the mechanical behavior of rocks.  
Mathematical relationships are developed to correla-
tion compressive strength and elastic parameters 
with the pore pressure. 

2 SAMPLE PREPARATION 

The rock samples used in this study are Phra Wihan 
(PW) sandstone, Phu Phan (PP) sandstone and Phu 
Kradung (PK) siltstone.  They are widely used as 
support column, monuments, wall and footpaths.  
The mineral compositions of rocks are described by 
Fuenkajorn (2005).  The specimens have been pre-
pared to obtain rectangular blocks with nominal di-
mensions of 50×50×100 mm3 for the triaxial com-
pression tests. Testing is carried out under dry and 
saturated conditions.  Under dry condition the spec-
imen are oven dried for 24 hours before testing.  In 
order to saturate the rock specimens, the dry speci-

Effects of Pore Pressure on Strengths and Elasticity of Sandstones 

S. Khamrat & K. Fuenkajorn 
Suranaree University of Technology, Nakhon Ratchasima, Thailand 

ABSTRACT: The objective of this study is to experimentally determine the effects of pore pressure on the 
compressive strengths and elasticity of sandstones obtained from Phra Wihan, Phu Phan and Phu Kradung 
formations.  An indirect approach for determining the pore pressures are presented.  Rectangular rock speci-
mens (50×50×100 mm3) under dry and saturated conditions are axially loaded under different rates from 0.001 
to 10 MPa/s using polyaxial load frame.  The confining pressures are maintained constant between 0 and 12 
MPa.  The results indicate that the strengths and elastic modulus of the saturated specimens are lower than 
those of the dry specimens.  The saturated specimens show slightly higher Poisson’s ratio than the dry speci-
mens. The strengths obtained from the dry testing are used to quantitatively correct the loading rate effect 
from the saturated strengths, and hence the true effect of pore pressure can be revealed.  The pore pressures 
notably reduce the compressive strength and elastic modulus, and increase the Poisson’s ratio of the sand-
stones. 
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mens are submerged under water in pressure vacuum 
chamber and weighed every two hours until its weight 
is unchanged.  The results indicated that the saturated 
water contents (wave.) of PP sandstone, PW sandstone 
and PK siltstone have average water contents of 
2.05%, 4.91% and 1.53%, respectively. Table 1 sum-
marizes the physical properties of the rock samples. 

3 TESTING EQUIPMENT AND METHOD 

The triaxial compression tests are performed using a 
polyaxial load frame (Figure1). Constant and uni-
form lateral stresses (confining pressures) are ap-
plied to the rock specimens while the axial stress is 
increased at a constant rate until failure occurs.  
Fuenkajorn et al. (2012) give description of the pol-
yaxial load frame.  In this study, σ2 and σ3 are equal 
ranging from 0, 3, 7, 12 MPa, and the constant axial 
loading rates are from 0.001, 0.01, 0.1, 1 to 10 
MPa/s.  Perforated neoprene sheets are placed at the 
interface between loading platens and rock surfaces 
to minimize the friction while allowing seepage for 
saturated testing.  After installing the rectangular 
specimen into the load frame, dead weights are 
placed on the steel bar to obtain the pre-defined 
magnitude of the uniform lateral stress (σ3) on the 
specimen.  The test is started by increasing the verti-
cal stress at the predefined rate using the hydraulic 
pump.  Both the axial and lateral strains are moni-
tored.  The failure stresses are recorded and mode of 
failure examined. 

4 TEST RESULTS 

The compressive shear failure is observed for low 
loading rate specimens while extension failure is 
found in the high loading rate specimens.  Rock 
specimens under high loading rate show a higher 
strength than those under low loading rate.  This ef-
fect becomes larger under higher confining pres-
sures(Figure2).  Similar testing results have been ob-
tained by Li et al. (1999) and Masuda (2001). The 
strengths of the dry specimens are always greater 
than those of the saturated specimens.  These results 
generally agree with the experimental observations 
by Cobanoglu and Celik (2012), Masuda (2001), 
Hawkins and McConnell (1992), Vasarhelyi (2003, 
2005).  The differences in strengths between the sat-
urated and dry specimen depend on the loading 

Figure 1. Polyaxial load frame used in this study (Fuenkajorn et 
al. 2012). 
 
rate and confining pressure.  The rock specimens 
with higher porosity (PW sandstone) yield larger 
strength difference than those with a lower porosity 
(PP sandstone and PK siltstones).  The elastic modu-
lus of the rock tends to increase with loading rate, 
and tend to be independent of the confining pressure 
(Figure3).  In contrast to Yang et al. (2012), who 
have obtained the Young’s modulus increased non-
linearly with increasing confining pressure.  The in-
fluence of pore pressure on the rock deformability is 
reflected as the reduction of Young's modulus.  The 
Poisson’s ratios of saturated specimens are slightly 
higher than those of the dry specimens, and tend to 
be independent of the loading rate (Figure4).  These 
results generally agree with the experimental obser-
vations by Li et al. (2012), Vasarhelyi (2003, 2005), 
Yilmaz (2010).  Under loading rate of 0.001 MPa/s 
the elastic and Poisson’s ratio under dry and saturat-
ed condition are similar.  This suggests that the pore 
pressure has no effect on the rock strengths if there 
is sufficient time to allow water to flow out of the 
specimens.  The relations between elastic modulus 
and Poisson’s ratio with loading rate are power and 
logarithm equations representing good correlations: 

E = υ (∂σ1/∂t)χ                                 (1) 

ν = η ln (∂σ1/∂t) + ι                  (2) 

The parameters υ, χ, η, and ι are empirical parameters.  

5 ISOLATION OF LOADING RATE EFFECTS 

The objective of the section is to isolate the effect of 

loading rate from the rock strengths.  Here, dryf,1,
σ  

represents the original maximum principal stress 

Table 1. Physical property of rock specimens. 

Rock Types 
Dry density,  
ρdry (g/cc) 

Saturated density, 
ρsat (g/cc) 

Saturated water content, w 
(%) 

Effective porosity,  
n (%) 

PP Sandstone 2.42 ± 0.05 2.47 ± 0.04 2.05 ± 0.22 4.97 ± 0.51 
PW Sandstone 2.25 ± 0.06 2.36 ± 0.04 4.91 ± 0.38 11.00 ± 0.97 
PK Siltstone 2.53 ± 0.03 2.57 ± 0.02 1.53 ± 0.38 3.88 ± 0.98 
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Figure 2. Maximum principal stress at failure (f1,
σ ) as a func-

tion of loading rate (∂σ1/∂t) for dry and saturated specimens. 
 
of dry condition (from experimental results) under 
various loading rate and confining pressure.  *

1,
σ

dryf,  
is 

taken here as the adjusted maximum principal stress 
of dry condition corresponding to ∂σ1/∂t = 0.1 
MPa/s.  The increase of the strength with loading 
rate can be represented by a logarithmic equation: 

 
dryf,

σ
1, = α ln(∂σ1/∂t) + β (3) 

The parameters α and β are empirical constants.  
To correlate the strength from samples with iden-

tical confining pressure but with difference loading  

 
 

Figure 3. Elastic modulus (E) calculated as a function of load-
ing rate (∂σ1/∂t) for dry and saturated specimens. 
 
rate, Equation 3 can be rewritten as: 

dryf,1,
σ = α ln(∂σ1/∂t)i + β (4) 

*
1,

σ
dryf,

= α ln 0.1 + β  (5) 

where dryf,1,
σ  is the dry strength of the specimen, 

*
1,

σ
dryf,

is strength from dry specimen tested at the 

loading rate equal to 0.1 MPa/s.  By subtracting 
Equation 5 from Equation 4, we obtain: 

*
1,

σ
dryf,

= dryf,1,
σ  + α (ln 0.1− ln(∂σ1/∂t)i) (6) 
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Figure 4. Poisson’s ratio (ν) calculated as a function of loading 
rate (∂σ1/∂t) for dry and saturated specimens. 
 

The adjusted maximum principal stress at failure 
obtained from the dry testing are used to quantita-
tively correct the loading rate effect from the saturat-
ed strengths.  The adjusted maximum principal stress 
of saturated condition can be calculated from: 

∆ *
1,

σ
dryf,

= dryf,1,
σ − *

1,
σ

dryf,
 (7) 

*
1,

σ
satf,

= satf,1,
σ − ∆ *

1,
σ

dryf,
 (8)  

To calculate the pore pressure, in terms of the 
principal stresses at peak load conditions, the Mohr-
Coulomb criterion is applied here (Goodman 1989): 

σ1,f = σu,f + σ3 tan2 [45 + (φ/2)] (9) 

where σ1 is the major principal stress, σ3 is the con-
fining pressures and σu is the uniaxial compressive 
strength.  For a saturated specimens, Equation 9 in 
terms of the effective stress becomes: 

σ′1,f  − σ′3 = σu,f + [σ′3 tan2 (45 + φ/2) − 1] (10) 

Since the differential stress is unaffected by pore 
pressure, Equation 10 can be rewritten as: 

*
1,

σ
satf,

− σ3 = *σ
dryf,u,

+ (σ3 − Pw)[tan2 (45 + φ/2)−1] (11) 

Solving for Pw, in Equation 11 the following rela-
tion can be obtained: 

Pw = σ3 − [( *
1,

σ
satf,

− σ3) *σ
dryf,u,

] /  

 [tan2 (45 + φ/2) − 1]  (12) 

Figure 5 shows the results using linear regression 
to obtain the relationship between the adjusted max-
imum principal stress and pore pressure.  The best-
fit equation is: 

*
1,

σ
satf,

= λ + (κ⋅σ3) + ( ξ⋅Pw) (13) 

The parameters λ, κ and ξ are empirical constants. 
The adjusted maximum principal stress at failure 

decreases linearly with increasing pore pressure.  For 
all rock types, it is apparent that the strength of the 
high porosity rock (PW sandstone) is more sensitive 
to the pore pressure than those of the low porosity 
rock (PP and PK sandstone). 

Similar to the strength correction above, the effect 
of loading rate can be isolated from the elastic pa-
rameters. dry

E  and dry
ν  represent the original elastic 

modulus and Poisson’s ratio of dry condition (from 
testing results) under various loading rates and con-
fining pressures.  *dry

E  and
 

*ν
dry  represent the adjusted 

elastic modulus and Poisson’s ratio of dry condition 
corresponding to ∂σ1/∂t = 0.1 MPa/s.  The changes 
of the elastic modulus and Poisson’s ratio with load-
ing rate can be represented by Equations 1 and 2.  
Similar to Equation 6 it can be rewritten in a corre-
lated form as: 

*
dry

E = dry
E + υ ( χ0.1 − χ

1
)/( σ it∂∂ ) (14) 

*ν
dry= dry

ν + η (ln 0.1− ln(∂σ1/∂t)i)  (15) 

The adjusted elastic modulus and Poisson ratio 
under saturated condition can be determined as:  

*
satE  = satE  − ( dry

E
 
−
 

*
dry

E ) (16) 

*νsat = satν  − ( dry
ν − *ν

dry) (17) 

 Figures 6-7 show the adjusted elastic modulus 
and Poisson’s ratio as a function of pore pressure.  
The results indicate that the adjusted elastic modulus 
under changing pore pressure is likely to be similar 
to the adjusted maximum principal stress. 
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Figure 5. Adjusted maximum principal stress at failure (*
1,

σ
satf,

) 
as a function of pore pressure (Pw). 
 
The adjusted Poisson’s ratios slightly increase as 
pore pressure increases, which indicates that the sat-
urated rocks will deform more than the dry ones un-
der the same stress condition. 

6 DISCUSSIONS AND CONCLUSIONS 

The results indicate that the PP sandstone, PW sand-
stone and PK siltstone have average water contents 
of 2.05%, 4.91% and 1.53%. The strengths of the 
saturated specimens are lower than those of the dry 

 

Figure 6. Adjusted maximum principal stress at failure (*
satE ) as 

a function of pore pressure (Pw). 
 
specimens, particularly under high confining pres-
sures and high loading rates. This is because under 
high loading rates the pore water cannot be drained 
off, and hence resulting in a built-up of pore pres-
sure. The influences of pore pressure on the rock de-
formability are reflected as the reduction of Young’s 
modulus and slightly increase of Poisson’s ratios.  

After the effect of loading rate is isolated from the 
strength results, the maximum principal stress at 
failure deceases with increasing pore pressure. When 
pore pressure increases, the elastic modulus decreas-
es and the Poisson’s ratios increases.  
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Figure 7. Adjusted Poisson’s ratio of saturated specimen (*ν sat ) 

as a function of pore pressure (Pw). 
 
The relations between the compressive strength and 
elastic modulus with pore pressure can be best repre-
sented by linear equation.  This is different from the 
conclusions drawn by Vasarhelyi and Van (2006) 
and Yilmaz (2010), who found that the uniaxial 
compressive strength and elastic modulus decreased 
exponentially with increasing water content.  This 
may be explained by that the ranges of the water 
content and the induced pore pressure are relatively 
narrow, and hence the proposed linear relation is 
more suitable than the exponential relation.  The re-
sults can be used to assess the mechanical stability of 
these decorating and building stones as applied un-

der various moisture contents and for predicting the 
strength and deformation of rock embankments and 
foundations under dry and saturated conditions. 
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1 INTRODUCTION 

Compressive strength and deformation of rock salt 
are an important consideration for the design and 
analysis of underground structure.  The mechanic 
behavior of rock salt for underground storage has 
been studies for many decades (Hunsche and Hampel 
1999, Kwon and Kim 2005).  It is very important to in-
vestigate the time-dependent properties of rock salt in 
many engineering applications.  Many researchers 
have investigated the time-dependent behavior using 
uniaxial and triaxial tests (Jin and Cristescu 1998, 
Zang et al. 2012, Yang et al. 1999).  Studies have been 
carried out in strength and deformation of rock salt 
(Aubertin et al. 1999, Dubey and Gairola 2005, Fuen-
kajorn et al. 2012).  It has been found that the salt 
strength increases with increasing strain and loading 
rates.  They are also many other studies (Hashiba et al. 
2006, Fuenkajorn and Kenkhudthod 2010, Huang 
and Liu 2013) of strain and loading rate effect on me-
chanical properties of many types of rocks.  It was con-
cluded that the compressive strengths tend to in-
crease with strain and loading rates.  Investigation of 
the influence of temperature variation on the strength 
and deformation behavior in rock salt is important 
(Sheinin and Blokhin 2012, Sriapai et al. 2012, 
Vosteen and Schellschmidt 2003).  It is agree that the 
rock strength and elastic properties decrease as tem-
perature increases.  Study on the effect of tempera-
ture on the salt compressive strength and compres-

sion creep deformation has however never been at-
tempted. 

The objective of this research is to experimentally 
assess the influence of loading rate on compressive 
strength and deformability of the Maha Sarakham 
salt under elevated temperatures.  Uniaxial compression 
tests have been performed using a compression 
load frame with applied loading rates from 0.0001 
to 0.1 MPa/s, and temperatures from 273 to 373 
Kelvin (0 to 100 Celsius).  The strain energy density 
criterion is proposed to describe the salt strength as 
affected by the loading rates and temperatures. 

2 SALT SPECIMENS 

The salt specimens are prepared from 47 mm salt 
cores drilled from depths ranging between 270 and 
330 m by Siam Submanee Co., Ltd. in the northeast 
of Thailand.  The salt cores belong to the Lower Salt 
member of the Maha Sarakham formation.  Tabakh 
et al. (1999) describe the origin and geologic sequence 
of the Maha Sarakham salt.  The cores are dry-cut to 
obtain cylindrical shaped specimens with nominal 
dimensions of 47 mm diameter and 118 mm length.  
The average density is measured as 2.20 ± 0.02 
g/cm3.  No bedding is observed in the specimens. 

Before testing the specimens are wrapped with 
the plastic sheet to protect them from the surrounding 
humidity.  To test the salt specimens under elevated 
temperatures, they are wrapped with heating tape, 
foil and insulator for 24 hours before testing.  The 

Effects of Stress Rate on Strength of Rock Salt under 273-373 Kelvin 
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low temperature specimens are placed in cooling 
chamber for 24 hours before testing.  As a result the 
specimen temperatures are assumed to be uniform 
and constant with time during the mechanical testing 
(i.e., isothermal condition). 

3 TEST METHOD 

The uniaxial compression tests have been performed 
to determine the time-dependent properties of the 
Maha Sarakham salt under controlled loading rates 
from 0.0001 to 0.1 MPa/s.  After installing the 
salt specimen into compression load frame, it is 
diametrically loaded using a hydraulic cylinder and 
electronic pump.  An electronic load cell is used to 
measure the load increment.  The specimen defor-
mations are monitored and used to calculate the 
principal strains during loading.  Modes of failure 
are observed and photographs are taken. 

For the low temperature testing (273 Kelvin) the 
salt specimen and load frame are placed in a cooling 
chamber for 24 hours before the loading is started.  
A thermocouple connected to a data recorder 
monitors the specimen temperature.  The cooling 
chamber allows taking the load and strain measure-
ments during testing.  It can maintain temperature 
to the nearest ±2 Kelvin. 

For the high temperature testing (343 to 373 Kelvin) 
heating tapes connected to a temperature regulator, 
thermostat and power supply are wrapped around the 
specimen to maintain the desired temperatures while 
loading (Figure 1).  The specimen is heated for 24 
hours before loading is started.  The temperatures can 
be maintained to the nearest ±5 Kelvin. 

4 TEST RESULTS 

The specimens have been tested for each temperature 
level with loading rate range from 0.0001 to 0.1 
MPa/s until failure occurs.  Figure 2 show stress-
strains curves monitored from some salt specimens 
under various temperatures and loading rates.  Post-
test observations indicate that all salt specimens 
show of shear failure modes (Fig. 3).  

Table 1 summarizes the results from all salt 
specimens.  The specimens tend to show nonlinear 
behavior, particularly under high temperatures.  The 
results indicate that under the same loading rate 
(∂σ1/∂t), the compressive strength (σc) decreases 
with increasing specimen temperatures.  The mean 
stresses (σm) and strains (εm) and octahedral shear 
stresses (τoct,f) and shear strains (γoct,f) at failure are 
determined using the following relations (Jaeger et 
al. 2007). 

The effect of loading rate and temperature on the 
salt strength and deformability the applied octahedral 
shear stresses are plotted as a function of octahedral 
shear strain in Figure 4.  The shear stress-strain relations 

are nonlinear, particularly under low loading rates 
and high temperatures. 

5 ELASTIC PROPERTIES OF ROCK SALT 

The elastic modulus and poisson’s ratio for each 
specimen are determined from the tangent of the 
stress-strain curves at 40% failure stress, as shown in 
Table 1.  Based on this calculation the elastic modulus 
of the salt appears to increase with loading rate and 
decrease with temperature.  It ranges from 11 to 29 
GPa.  The poisson’s ratio of the salt range from 0.31 
to 0.42, and tend to be independent of the loading 
rate and temperature.  The elastic modulus and 
poisson’s ratio of the same salt determined by 
Fuenkajorn et al. (2012) under various loading rate 
are increase with loading rate and poisson’s ratio tend 
to be independent of the loading rate, Sriapai et al. 
(2012) under various temperature are decrease with 
temperature and Poisson’s ratio tend to be independ-
ent of the temperatures. Their results agree reasona-
bly well with the results obtained here. 
 

 
 
Figure 1. Salt specimen wrapped with the heating tape and  
insulator for high temperature testing at 343 and 373 K. 
 

 
 
Figure 2. Stress-strain curves obtained from some salt specimens 
with different loading rates (∂σ1/∂t) and temperatures (T).
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Table 1. Salt strengths and elastic properties under various loading rates and temperatures. 

Temperature ∂σ1/∂t σ1 σm εm τoct,f γoct,f E 
ν 

(Kelvin) (MPa/s) (MPa) (MPa) (10-3) (MPa) (10-3) (GPa) 

273 

0.1 38.8 12.9 14.6 18.3 53.0 29.6 0.33 
0.01 34.9 11.7 17.0 16.5 54.6 28.4 0.34 
0.001 33.2 11.1 17.6 15.7 56.4 26.5 0.31 
0.0001 29.8 9.9 19.9 14.0 57.0 25.8 0.32 

303 

0.1 37.2 12.8 20.8 17.6 64.2 25.3 0.31 
0.01 34.6 11.5 22.7 16.3 65.2 24.2 0.35 
0.001 32.6 10.9 24.5 15.4 69.7 23.6 0.34 
0.0001 29.2 9.7 25.3 13.8 72.6 21.1 0.34 

343 

0.1 35.8 12.6 21.4 16.9 81.4 19.7 0.34 
0.01 33.5 11.2 24.6 15.8 83.8 18.4 0.37 
0.001 31.1 10.4 26.1 14.7 93.0 16.9 0.34 
0.0001 26.6 8.9 27.5 12.5 96.9 15.3 0.42 

373 

0.1 34.6 11.5 29.7 16.3 100.9 14.5 0.35 
0.01 31.5 10.5 31.4 14.9 112.5 13.1 0.32 
0.001 28.1 9.4 36.0 13.3 117.6 12.4 0.32 
0.0001 25.2 8.4 48.2 11.9 125.7 11.0 0.38 

6 COMPRESSIVE CREEP STRAINS 

The total compressive strain is divided here into two 
parts; elastic strain (linear and recoverable strain) 
and plastic creep strain (time-dependent and 
nonrecoverable strain): 

c
c

e
cc εεε +=  (1) 

E/c
e
c σε =

 
(2) 

where σc is the compressive stress, E is the 
compressive elastic modulus.  The exponential 
creep law (Yang et al. 1999) is used to describe 
time-dependent strain of the salt: 

( )Ttc
c
c λexpσαε κβ −⋅⋅⋅=  (3) 

where α, β, κ and λ are empirical constants, t is 
elapsed time and T is the constant temperature in 
Kelvin.  Substituting Equations 2 and 3 into 1 the 
total strain can be defined as: 
 

 
 

Figure 3. Post-test specimens from uniaxial compressive 
strength testing under different loading rates (∂σ1/∂t) and 
temperatures (T). 
 

 

( )Tt
E c

c
c λexpσα

σ
ε κβ −⋅⋅⋅+=

 
(4) 

Similarly the creep parameters can also be derived in 
the forms of the octahedral shear strain: 

( )Tt
G oct
oct

oct λexpτα
2

τγ κβ −⋅⋅⋅+=
 

(5) 

where γoct is the octahedral shear strain, τoct is the 
octahedral shear stress and G is shear modulus. For 
the stress rate controlled condition the compressive 
stress at any loading time can be represented by: 

( )toctoct ∂∂= /ττɺ  (6) 

or  toctoct ⋅= ττ ɺ  (7) 

where octτɺ  is the octahedral shear stress rate (in 
MPa/s) and t is time (in seconds). 

Assuming that the salt elasticity varies linear with 
temperature (Sriapai et al. 2012): 

G = ψ⋅T + G0 (8) 

 

 
 

Figure 4. Octahedral shear stress (τoct) as a function of 
octahedral shear strain (γoct) for various loading rates 
(∂σ1/∂t) and temperatures (T). 
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where G0 is compressive shear modulus at 0 Kelvin 
and ψ is an empirical constant.  Substituting Equa-
tions 7 through 8 into 5 we obtain: 

( )
( )T

GT

t
oct

oct
oct λexptτα

ψ2

τ
γ κββ

0

−⋅⋅⋅+
+⋅−

⋅
= +

ɺ
ɺ

  
(9) 

For the Maha Sarakham salt they are defined as ψ = 
-54.044 GPa⋅Kelvin-1; G0 = 25.822 GPa; α = 0.01 
GPa-1; β = 2.018; κ = 0.129; λ = 1559.242 Kelvin. 
Good correlation (R2 = 0.954) between the proposed 
equation and the test data is obtained. Figure 5 
compares the test data with the back predictions. 
This equation can be used to predict the time-
dependent compressive deformation of salt under 
various constants temperatures. 

7 SALT COMPRESSIVE STRENGTH 

An empirical equation is proposed to predict the salt 
compressive strengths under various loading rates 
and temperatures: 

( ) ςω/expδ)/σln(σ ++⋅∂∂= Ttcc  (10) 

where σc is the salt compressive strength (MPa),  δ, 
ω and ς are empirical constants.  The unit of stress 
rate (∂σc/∂t) and temperature (T) are MPa/s and Kel-
vin.  For the Maha Sarakham salt the empirical con-
stants in Equation 10 are defined by the regression 
analysis as: δ = 1.300 s-1; ω = 605.764 MPa⋅Kelvin; 
ς = 32.968 MPa.  Good correlation is obtained (R2 = 
0.960).  Figure 6 compares the test results with the 
back predictions from the proposed equation. 

The variation of the octahedral shear strengths 
can be observed mean stress.  The linear relation 
between the octahedral shears strength and the mean 
stress at failure and can be best represented by: 

τoct,f = 1.412⋅σm + 0.022 (MPa)  (11) 

 

 
 
Figure 5. Octahedral shear stress-strain relations, test results 
(points) and back predictions (lines). 

8 OCTAHEDRAL SHEAR STRENGRH AND 
SHEAR RATE RELATION 

The octahedral shear stress at failure is calculated 
from the principal stresses at failure.  The octahedral 
shear stress and shear strains at dilation can be 
calculated from the major principal stresses and the 
three principal strains at dilation as follows: 

( ) ( ) ( )[ ] 212
3,2,

2
3,1,

2
2,1, σσσσσσ )31(τ

/

dddddddoct, / −+−+−=
  
(12) 

( ) ( ) ( )[ ] 212
3,2,

2
3,1,

2
2,1, εεεεεε )31(γ

/

dddddddoct, / −+−+−=
 
(13) 

where σ1,d is the magnitude of the major principal 
stress at dilation start to occur, and ε1,d, ε2,d and ε3,d 
are the principal strains at dilation. 
 An empirical equation is proposed to predict the 
octahedral shear stresses under various octahedral 
shear stress rates and temperatures: 

τoct,f = ln(∂τoct/∂t)⋅∋ + exp(η/T) + ι (MPa) (14) 

τoct,d = ln(∂τoct/∂t)⋅ ∋′ + exp(η′/T) + ι′ (MPa) (15) 

where ∋, ∋′, η, η′, ι and ι′ are empirical constants for 
the salt at failure and dilation, respectively.  The unit 
of shear rate (∂τoct/∂t) and temperature (T) are MPa/s 
and Kelvin.  For the Maha Sarakham salt the empirical 
constants in Equations 14 and 15 are defined by 
regression analysis as: ∋ = 0.613 s-1; ∋′ = 0.393s-1; 
η = 460.323 MPa⋅Kelvin ; η′ = 421.015 MPa⋅Kelvin; 
ι = 14.936 MPa and ι′ = 5.766 MPa.  Good correlation 
is obtained (R2 = 0.962 at failure and R2 = 0.874 at 
dilation). 

9 OCTAHEDRAL SHEAR STRENGRH AND 
SHEAR STRAIN RELATION 

This section proposes shear strength and dilation 
criteria that take the corresponding shear strains to 
 

 
 

Figure 6. Uniaxial compressive strengths as a function of loading 
rate, test results (points) and back predictions (lines). 
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account.  From the test results the octahedral shear 
stress can be calculated as a function of shear strain 
for various shear rates and temperatures.  The 
empirical equations can be written as: 

)/exp(ζ)/τln(γτ Ttoctfoct,foct, ϕϖ
ϑ

+⋅∂∂+⋅=
 

(16) 

T)toctdoct,doct, /exp(ζ)/τln(γτ ϕϖ
ϑ ′+′⋅∂∂+⋅′=

′

 (17) 

where ϖ, ϖ′, ϑ, ϑ′, ζ, ζ′, ϕ are ϕ′ are empirical constants 
for the salt at failure and dilation, respectively.  The 
unit of shear strain (γoct), shear rate (∂τoct/∂t) and 
temperature (T) are strain, MPa/s and Kelvin.  For 
the Maha Sarakham salt the empirical constants in 
Equations 16 and 17 are defined by regression 
analysis as: ϖ = 37.500 MPa; ϖ′ = 17.169 MPa; ϑ 
= -0.165; ϑ′ = -0.165; ζ = 0.548 s-1; ζ′ = 0.265 s-1; ϕ = 
-175.119 MPa⋅Kelvin and ϕ′ =-238.562 MPa⋅Kelvin.  
Good correlation is obtained (R2 = 0.979 at failure 
and R2 = 0.970 at dilation). 

10 STRAIN ENERGY DENSITY CRITERION 

The strain energy density principle is applied to 
describe the salt strength and deformability under 
different loading rates and temperatures.  A similar 
approach has been used by Fuenkajorn et al. (2012) 
to derive a loading rate-dependent strength for salt.  
The distortional strain energy at failure (Wd) and at 
dilation (Wd,d) can be calculated from the octahedral 
shear stresses and strains for each salt specimen 
using the following relations (Jaeger et al. 2007): 

Wd  = (3/2)⋅τoct,f⋅γoct,f  (18) 

Wd,d  = (3/2)⋅τoct,d⋅γoct,d (19) 

 The distortion strain energy at dilation (Wd,d) is 
presented as a function of the mean strain energy 
density at dilation (Wm,d) which can be calculated 
from σm and εm as follows: 

Wm,d  = (3/2)⋅σm,d⋅εm,d  (20) 

Figure 7 shows a linear relation of Wd,d -Wm,d which 
can be represented by: 

Wd,d  = 1.370⋅Wm,d - 0.004  (MPa) (21) 

 The proposed criterion considers both stress and 
strain at failure, and hence isolating the effect of 
stress rate and temperature.  If the salt temperature is 
known its strength can be determined from Equation 
21 regardless the loading rate. 

11 DISCUSSIONS AND CONCLUSIONS 

The effect of loading rate on compressive strength 
and deformability are determined for cylindrical salt 
specimens obtained from Maha Sarakham salt.  The 
compression load frame applies axial stresses at 
constants rates of 0.0001, 0.001, 0.01 and 0.1 MPa/s. 
The testing temperatures are maintained constant of 
273, 303, 343 and 373 Kelvin. 

 The failure stresses increase with the loading 
rates, these agree with the experimental results on 
rock salt performed by (Fuenkajorn et al. 2012, 
Dubey and Gairola 2005).  The testing is assumed to 
be under isothermal conditions (constant temperature 
with time during loading).  The decreases of the 
compressive strengths with increasing temperatures 
agree with the experimental results (Sriapai et al. 
2012, Vosteen and Schellschmidt 2003).  Their re-
sults indicated that the compressive strengths of the 
salt decrease with increasing temperatures.  The de-
crease of the salt strength as the temperature in-
creases suggests that the applied thermal energy be-
fore the mechanical testing makes the salt weaker, 
and more plastic, failing at lower stress and higher 
strain with lower elastic moduli.  The salt elastic 
modulus varies from 11 to 29 GPa.  The Poisson’s 
ratio from 0.31 to 0.42, and tend to be independent 
of the loading rate and temperature.  Under the 
range of the tested parameters the salt shows non-
linear behavior particularly under low loading rates 
and high temperatures.  The exponential creep law 
represents the salt creep under compression and iso-
thermal condition.  It can well describe the creep 
strain for all tested temperatures.  Several forms of 
the strength and dilation criteria have been derived.  
The τoct,f - ∂τoct/∂t and τoct,d - ∂τoct/∂t criteria are 
the simplest.  They do not consider the induced 
strains, but incorporate the effects of the shear rate 
and temperature into their formulation.  The shear 
strain induced at dilation and failure are added into 
the formulation of the τoct,f - γoct,f and τoct,d - γoct,d 
criteria to implicitly consider the rate and temperature 
effects.  Assuming that the rock salt is non-linearly 
elastic before failure, the distortional strain energy 
(Wd,d) at dilation can be calculated as a function of 
mean strain energy (Wm,d).  For given Wm,d the Wd,d 

decreases with increasing temperature.  The strain 
energy criterion agrees well with the strength results 
from different temperature. 
 

 
 

Figure 7. Distortional strain energy at dilation (Wd,d) as a 
function of mean strain energy at dilation (Wm,d). 
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1 INTRODUCTION 

The effects of temperature on deformability and 
strength of rocks have long been recognized 
(Vosteen and Schellschmidt 2003, Shimada and Liu 
2000).  A number of new topics have been raised, re-
lated to rock mechanics, given an increasing demand 
for underground storage of nuclear waste, natural gas 
and petroleum, as the rate of exploration for energy 
resources on a worldwide scale accelerates (Xu et al. 
2008).  The rock temperature around the nuclear 
waste in such conventional storage, therefore, may 
not rise beyond 250°C (Bergman 1980).  But, in the 
case of non-conventional or direct burial of nuclear 
waste the rock temperature may be very high and 
sometimes exceeds the melting point of the rock 
(Logan 1973, Heuze 1981).  The mechanical behav-
ior of rocks essentially depends upon mineralogy, 
structure, temperature, stress and time (Etienne and 
Houpert 1989).  The knowledge of thermo-
mechanical behavior of rock is imperative because 
high temperature leads to development of new mi-
cro-cracks or extension/widening of pre-existing mi-
cro-cracks within the rocks.  This phenomenon af-
fects the strength of rocks (Dwivedi et al. 2008). 

The objective of this study is to develop a multi-
axial strength criterion for granite under various 
temperatures and confining pressures.  The predicta-
bility of the proposed criterion is verified by the re-
sults of uniaxial and triaxial compressive strength 
and Brazilian tensile strength tests on granite speci-

mens are tested under nominal temperatures of 273, 
303, 373, 573 and 773 K (0-500°C). 

2 GRANITE SPECIMENS 

The granite specimens are prepared from Tak Batho-
liths, western Thailand.  The granite shows an ex-
tended compositional range, calc-alkaline, rich ac-
cessory minerals and K-feldspar (Mahawat et al. 
1990).  The granite specimen sizes are 5×5×10 cm3.  
The Brazilian test specimens are machined using a 
lathe to obtain 5.4 cm diameter circular disk with a 
thickness of 2.7 cm. 

To test the granite specimens under elevated tem-
peratures, they are heated by heater coil, thermocou-
ple and thermostat for 24 hours before testing.  A 
digital temperature regulator is used to maintain con-
stant temperature to the specimen.  The changes of 
specimen temperatures between before and after test-
ing are less than 5 K.  As a result the specimen tem-
peratures are assumed to be uniform and constant 
with time during the mechanical testing (i.e., iso-
thermal condition). 

3 STRENGTH TESTING 

A polyaxial load frame (Sriapai et al. 2013) has been 
used to apply axial stress and lateral stresses to the 
granite specimens.  The test frame utilizes two pairs 
of cantilever beams to apply lateral stresses to the 
specimen.  The axial stress is applied by a hydraulic 

Effects of Temperatures on Strength and Deformability of Tak Granite 

K. Rodklang & K. Fuenkajorn 
Suranaree University of Technology, Nakhon Ratchasima, Thailand 
 

 
 

 
 

 
 

ABSTRACT: Strength of granite is an important parameter dictating the long-term stability of foundation and 
storage borehole.  The objective of this study is to experimentally determine the effect of elevated tempera-
tures on the compressive strengths of Tak granite.  Failure strengths are determined for various temperature 
and confining pressures.  The confining stresses are maintained at 0, 3, 7, to 12 MPa using a polyaxial load 
frame.  The specimens are prepared to obtain rectangular block specimens with nominal dimensions of 
5×5×10 cm3.  The testing temperatures are varied from 273 to 773 K.  Loading the specimens at different con-
fining stress is revealing the effects of temperature on the mechanical behavior of rocks.  The distortional 
strain energy density at failure is determined to describe the rock strength as a function of mean strain energy.  
The proposed strength criterion is useful to predict the strength and deformation of rock around borehole un-
der elevated temperatures. 

International Conference on Advances in Suranaree University of Technology 
Civil Engineering for Sustainable Development 27-29 August 2014 

 

:297:



cylinder connected to an electric pump.  The frame 
has an advantage over the conventional triaxial 
(Hoek) cell because it allows a relatively quick in-
stallation of the test specimen under triaxial condi-
tion, and hence the change of the specimen tempera-
ture during testing is minimal. 

A total of twenty specimens have been tested for 
each temperature level with the confining (lateral) 
stresses varying from 0, 3, 7 to 12 MPa.  They are 
loaded axially at a constant rate of 1 MPa/s until 
failure occurs. Figure 1 shows stress-strain curves 
monitored from some of the granite specimens under 
various temperatures and confining pressures.  For 
all specimens the two measured lateral strains in-
duced by the same magnitude of the applied lateral 
stresses are similar.  Some discrepancies may be due 
to the intrinsic variability of the granite. 

The results indicate that the uniaxial compressive 
strengths (σc) of granite decrease non-linearly with 
increasing temperature (T) and can be represented 
best by (Figure 2)  

0.522358.60σ −⋅= Tc   (1) 

From the triaxial compressive strength results, 
under the same confining pressure (σ3) the maxi-
mum principal stress at failure (σ1) decreases with 
increasing specimen temperature. 

The Brazilian tensile strength of the granite has 
been determined from disk specimens with tempera-
tures ranging from 273, 303, 373, 573 to 773 K.  Ex-
cept the pre-heating and cooling process, the test 
procedure, sample preparation and strength calcula-
tion follow the ASTM standard practice (ASTM 
D3967-08). The tensile strength (σB) decreases non-
linearly with increasing specimen temperature (T), 
and can be represented by (Figure 3): 

 

 

 
 

Figure 1. Stress-strain curves obtained from some granite specimens with different temperatures. numbers in brackets indicate σ1, σ2 
and σ3 at failure. 
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0.63284.98σ −⋅= T
B

     (2) 

The maximum principal stresses at failure from 
the compressive and tensile testing can be present-
ed as a function of the minimum principal stress in 
Figure 4.  Linear relations can be observed at all 
temperature levels.  The higher temperature im-
posed on the granite specimen, the lower failure 
envelope is obtained. 

Based on the Coulomb criterion the cohesion (c) 
and internal friction angle (φ) can be determined 
from the strength results for each temperature level 
using the following relations (Jaeger et al. 2007): 

( ) ( )[ ]24πtanσσσ 2
31

φ++= c     (3) 

( ) ( )[ ]24πtan2σ φ+⋅⋅= cc                  (4) 

It is found that the cohesion decrease non-linearly 
and friction angle decrease linearly. It is found that 
the cohesion decrease non-linearly and friction an-
gle decrease linearly with increasing temperature 
(Figure 5) which agrees reasonably well with the 
non-linear drop of the uniaxial and tensile strengths 
as the temperature increases. 

To incorporate the intermediate principal stress 
(σ2) the test results can be presented in terms of the  

 

 
 

Figure 2. Uniaxial compressive strengths of granite as a function 
of temperature. 
 

B
(M
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Figure 3. Brazilian tensile strengths of granite as a function of 
temperature. 

octahedral shear stress at failure (τoct,f) as a func-
tion of mean stress (σm), as shown in Figure 6, 

where (Jaeger et al. 2007): 

( ) ( ) ( )[ ]
2

1

2
13

2
32

2
21

σσσσσστ
3
1







 −+−+−=

oct.f
 (5) 






 ++=

321
σσσ

3
1σm  (6) 

The diagram in Figure 6 clearly indicates that 
the effect of temperature on the granite strength is 
larger when the granite is under higher confining 
pressures. 
 

 
 

Figure 4. Major principal stresses at failure as a function of 
confining pressure. 

 

 

Figure 5. Cohesion and internal friction angle of granite as a 
function of temperature. 
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Figure 6. Octahedral shear strengths of granite as a function 
of mean stress. 

4 STRAIN ENERGY DENSITY CRITERION 

The strain energy density principle is applied here 
to describe the granite strength and deformability 
under different temperatures.  It is assumed that 
under a given mean strain energy and temperature 
the distortional strain energy required to fail the 
granite specimens are constant.  Regression shows 
that the distortional strain energy (Wd) increases 
linearly with the mean strain energy (Wm): 

Wd = A ⋅ Wm + B                     (7) 

The parameters A and B are empirical constants 
depending on the strength and cohesion of the 
granite under each temperature.  They can be de-
termined by regression analysis on the test data.  It 
is interesting to note that the increasing rates of Wd 
with respect to Wm are virtually the same for all 
temperature levels. At a given mean strain energy 
the higher temperature results in lower distortional 
strain energy required to fail the granite specimen. 

Assuming that for each temperature level the 
granite is linearly elastic prior to failure, Wd and 
Wm can be determined for each specimen using the 
following relations (Table 1) (Jaeger et al. 2007): 









=

G
W oct

d

2τ
4
3     (8) 









=

K
W m

m
2

2σ
 (9) 

The elastic parameters G and K can be defined 
as a function of the testing temperature, and hence 
the granite strengths from different temperatures 
can be correlated (Table 1).   

0.2868.11 −⋅= TE       (10) 

0.2826.09 −⋅= TG       (11) 

0.2957.07 −⋅= TK                        (12) 

( ) 0.29 106 6ν +⋅⋅−= − T                    (13) 

The elastic, shear and bulk moduli decrease 
with increasing temperature.  The Poisson’s ratio 
however tends to be independent of the tempera-
ture. By substituting Equations (11) into (8) and 
(12) into (9) the Wd at failure can therefore incor-
porate the effect of specimen temperature into the 
strength calculation. 

The distortional strain energy for each granite 
specimen at failure, that implicitly takes the tem-
perature effect into consideration, is plotted as a 
function of the mean strain energy in Figure 7. The 
data can be described best by: 

Wd = ATh ⋅ Wm + BTh               (14) 

The parameters ATh and BTh are empirical con-
stants depending on the strength and thermal  
response of the rock.  For the Tak granite ATh = 
4.49 and BTh = 0.09 MPa.  A good correlation is 
obtained between the test results and the proposed 
criterion (R2 = 0.992). 

5 DISCUSSIONS AND CONCLUSIONS 

This study experimentally determines the granite 
strengths under different constant temperatures 
separately.  For each temperature level the testing 
is assumed to be under isothermal condition (con-
stant temperature with time during loading).  For 
this simplified approach the granite specimens sub-
ject to different temperatures have been taken as 
different materials.  As a result the induced thermal 
stress or thermal energy imposed on the granite 
specimens has not been explicitly incorporated into 
the initial strength calculation. This approach is 
different from the conventional thermo-mechanical 
analysis. 

The decrease of the granite strength as the tem-
perature increases suggest that the applied thermal 
energy before the mechanical testing makes the 
granite weaker, and more plastic – failing at lower 
stress and higher strain with lower elastic and shear 
modulus. The temperature effect is larger when 
granite is under higher mean stress.  In order to 
consider the temperature dependency of the failure 
stress and strain and elastic properties the strain 
energy density concept is applied.  Assuming that 
the granite is non-linearly elastic before failure, the 
distortional strain energy (Wd) at failure can be cal-
culated as a function of mean strain energy (Wm). 
The differences of Wd from one temperature to the 
other therefore correspond to the difference of 
thermal energy imposed on the specimens. 

The single multi-axial strength criterion for 
granite under various confining pressures and tem-
peratures implicitly considers the effect of the 
thermal energy by incorporating the empirical 
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Table 1. Elastic parameters and strain energy density at failure. 

 
equations between the elastic parameters and tem-
perature into the Wd–Wm relation. The strain energy 
criterion agrees well with the strength results from 
different temperature levels.  Since the analysis is 

 

W
d

(M
Pa

)

 
 

Figure 7. Distortional strain energy with temperature consid-
eration as a function of mean strain energy. 

intended to determine the short-term strength, the 
long-term deformations induced by the mechanical 
and thermal loadings are not considered here. 
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1 INTRODUCTION 

The mechanical and hydraulic behavior of crushed 
salt is interest to the preferred backfill material for 
seal system of the project that related salt under-
ground mine (Brodsky et al. 1995, Korthaus 2002, 
Callahan 2002, Stührenberg 2007). Crushed salt has 
been widely recognized as the most suitable backfill 
material. The function of the crushed salt backfill is 
to act as a geotechnical long-term barrier against in-
flowing water from entering the repository and to 
prevent gases and brine from migrating out of the 
repository, voids in crushed salt close and heal in re-
sponse to applied loads. The crushed salt can be 
compacted and its initial porosity and permeability 
will decrease with increasing of density (Mellegard 
and Hansen 1999, Hansen and Mellegard 2002, 
Salzer et al. 2007). The compaction of crushed salt 
increase with increasing brine content until the op-
timum brine content is reached (5%), and decreases 
with further brine content increase. The optimum 
brine contents of the compaction increase with the 
largest particle size and with the larger particle con-
tent. Over long time periods, the crushed salt is ex-
pected to gradually reconsolidate into a material 
comparable to intact rock salt. For crushed salt em-
placed in an opening in a rock salt formation, the 
consolidation is driven by the creep closure of the 
adjacent rock. The primary advantages of crushed 

salt are availability, low cost and obvious compatibility 
with host rock (Stromont and Finley 1996). Present 
German concepts on nuclear waste repositories in 
rock salt formations also envisage the use of crushed 
salt as backfill material for disposal and access drifts 
as well as for borehole plugs. 

2 CRUSHED SALT SPECIMENS 

Crushed salt used in this study is prepared from the 
Middle member of the Maha Sarakham Formation in 
the Korat basin, northeastern Thailand. The salts are 
crushed by hammer mill until has grain size ranging 
from 0.075 to 4.75 mm. Saturated brine is prepared 
by mixed pure salt with distilled water in plastic 
tank. The proportion of salt to water is about 39% by 
weight. Specific gravity of the saturated brine 
(S.G.B) can be calculated by S.G.B = ρBrine/ρH2O, 

where ρBrine is density of saturated brine (meas-
ured with a hydrometer, kg/m3) and ρH2O is density 

of water equal 1,000 kg/m3. The specific gravity of 
the saturated brine in this study is 1.211 at 21°C. The 
optimum brine content are performed by applying 
axial stresses on loading steel piston to the crushed 
salt mixed with 0, 5 and 10% of saturate brine are 
installed in test tube. The axial stresses are varies 
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ABSTRACT: The objective of this study is to determine the strength and permeability of crushed salt as af-
fected by applied stresses and consolidation period. The crushed salt has grain sizes ranging from 0.075 to 
4.76 mm. The optimum brine content is determined as 5% by weight. The consolidation tests are performed 
by applying constant axial stresses to the crushed salt samples installed in the 54 mm diameter steel cylinders. 
The axial stresses are 2.5, 5, 7.5 and 10 MPa. The permeability is continuously monitored while the uniaxial 
compressive strengths are measured after the samples have been consolidated for 3, 5, 7, 10 and 15 days. The 
axial strains are monitored and used to calculate the magnitude of the consolidation for each specimen. The 
consolidation magnitude and density of the crushed salt samples increases with the applied stresses.  The uni-
axial compressive strength increases with the consolidation. The porosity and intrinsic permeability decreases 
as the consolidation increases.  The test results are used to develop a set of empirical equations to design the 
initial installation parameters in terms of the physical, mechanical and hydraulic properties of the crushed salt. 
The consolidated crushed salt is tentatively used as sealing materials in the voids and gaps occurred in the un-
derground salt and potash mines. 
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from 5, 10, 15 and 20 MPa. All tests are conducted 
under ambient temperature for 96 hours. At the 5% 
and 10% of brine content by weight density are re-
semble. Crushed salt samples for all tests are pre-
pared from dry crushed salt mixed with the saturated 
brine. The proportion of saturate brine to crushed 
salt in this study is 5% by weight. 

3 CONSOLIDATION TESTING 

The consolidation tests are performed by applying 
constant axial stresses on loading steel pistons to the 
crushed salt samples installed in the 54 mm diameter 
steel cylinders (Fig. 1). The constant axial stresses 
are 2.5, 5, 7.5 and 10 MPa. All tests are conducted 
under ambient temperature for 3, 5, 7, 10 and 15 
days, for each condition. The axial displacements are 
continuously measured as a function of time by dial 
gages to calculate the changes of axial strain, densi-
ty, and void ratio. The gas (N2) flow testing is per-
formed to determine intrinsic permeability (k) of 
crushed salt consolidation that changes over time. 
The flow rates under constant head are continuously 
monitored every 6 hours. Nitrogen gas (N2) is inject-
ed under 10 psi into the tube test to measure perme-
ability of crushed salt sample. The uniaxial compres-
sive strength test procedure follows the ASTM 
(D2938) standard practice and the ISRM suggested 
methods. The compressive strength of the consoli-
dated crushed salts samples is determined by axially 
loading the crushed salt cylinder (after removing 
from the steel tube) with a nominal diameter of 54 
mm and L/D ranging from 2 to 3. Uniaxial compres-
sive strengths measurements are made after 3, 5, 7, 
10 and 15 days of consolidation. Results indicate 
that the consolidation magnitude and density of the 
crushed salt samples increase with applied axial 
stresses and consolidation time (Fig. 2). The perme-
ability results indicate that when the consolidation 
increases the intrinsic permeability of crushed  
 

 
 

Figure 1. Test arrangements for consolidation testing. 

 
 

Figure 2. Axial strain (εax) [a] and density (ρ) [b] as a function of 
time (t) for different axial stresses (σax). 

 
salt decreases as shown in Figure 3.The uniaxial 
compressive strengths measurements are made after 
3, 5, 7, 10 and 15 days of consolidation, after remov-
ing from the steel tube.The results indicate that the 
uniaxial compressive strength, elastic modulus, 
increase with the axial stress and consolidation 
duration. The Poisson′s ratio decreases as the ax-
ial stresses and consolidation increases. The re-
sults are shown in Figures 4 and 5. 

The test results are calculated based on the uni-
axial strain condition (ε1≠0, ε2=ε3=0, σ2=σ3≠0). The 
axial strains from the measurement results represent 
the volumetric strain of crushed salt specimens. 
Poisson’s ratio from the uniaxial compressive 
strength and axial strain is used to calculate the lat-
eral stresses (σ3) as follows (Jaeger et al. 2007) 

σ2 = σ3 = [ν/(1-ν)]σ1 (1) 

where σ2 and σ3 are lateral stresses, ν is Poisson’s 
ratio and σ1 is consolidation stress (σax). The mean 
stresses (σm) are also determined using the following 
relations (Jaeger et al. 2007): 

σm=(σax+2σ3)/3 (2) 

where σm is mean stress, σ3 is consolidation stress, 
σ3 is lateral stress. Mean stresses decrease with the 
increase of axial stresses and time.  
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Figure 3. Intrinsic permeability (k) as a function of time (t) for 
different axial stresses (σax). 

Figure 4. Uniaxial compressive strength (σc) as a function of 
consolidation time (t) for different consolidation stresses (σax). 

4. PREDICTIONS

All t he results are used to develop a set of empirical 
equation as a function of mean stress and time. The 
relationships between density and mean stress are 
non-linear which can be represented by sets of pow-
er equations: 

( )FE
m

tD ⋅⋅+= σ
0

ρρ (g/cm3)  (3) 

where ρ is density at over time, ρ0 is initial density 
(g/cm3), σm is mean stress (MPa), t is time for con-
solidation (days), D, E and F are empirical con-
stants. Regression analysis on the test data using 
SPSS statistical software can determine these con-
stant D=0.088, E=0.833 and F=0.176. Good correla-
tion (R2 0.915) between the constitutive equation 
and the test data is obtained. The equation can be 
used to predict density occurred at consolidation pe-
riods and under any mean stresses. The predictions 
of density under varied mean stresses ranging from 1 
to 4 MPa and consolidation time for 12 months are 
shown in Figure 6.The relationship between intrinsic 
permeability and mean stress is non-linear which 

Figure 5. Elastic modulus (E) and Poisson’s ratio (ν) as a func-
tion of time (t) for different consolidation stresses (σax). 

Figure 6. Predicted density (ρ) time curves for different mean 
stress (σm). 

can be represented by sets of exponential equations: 

( )tk m ⋅⋅⋅= σβexpα (m2)  (4) 

where k is intrinsic permeability of crushed salt spec-
imen (m2), σm is mean stress (MPa), t is time for 
consolidation (days), α and β are empirical con-
stants. Regression analysis on the test data using 
SPSS statistical software can determine these con-
stant are α=6.837×10-7and β= − 0.037. Good corre-
lation (R2 = 0.966) between the constitutive equation 
and the test data is obtained. The equation can be 
used to predict the intrinsic permeability occurred at 
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any consolidation periods and under any mean 
stresses. The prediction of intrinsic permeability un-
der varied mean stresses ranging from 1 to 4 MPa 
and consolidation time for 12  months show in Figure 
7. The uniaxial compressive strength results are used 
to develop a set of empirical equation as a function 
of mean stress and time. That the relationship is non-
linear which can be represented by sets of power 
equations: 

ηδσσ tmc ⋅⋅ϕ=  (MPa) (5) 

where σc is uniaxial compressive strength of crushed 
salt specimen (MPa), σm is mean stress (MPa), t is 
time for consolidation (days), ϕ, δ, and η are empiri-
cal constants. Regression analysis on the test data us-
ing SPSS statistical software can determine these 
constant ϕ=0.075, δ=1.821, η=0.479. Good correla-
tion (R2 = 0.998) between the constitutive equation 
and the test data is obtained. The equation can be 
used to predict the uniaxial compressive strength at 
consolidation periods and under any mean stresses. 
The predictions of uniaxial compressive strength un-
der varied mean stresses ranging from 1 to 4 MPa and 
consolidation time for 12 months show in Figure 8. 

5. DISCUSSION AND CONCLUSIONS  

The compaction of crushed salt increase with in-
creasing brine content until the optimum briner con-
tent is reached, that equal to 5% brine by weight 
(Ran, Deamen and Zeuch 1995). The volumetric 
strain and density increases with applied consolida-
tion stresses and consolidation time. The crushed salt 
can be compacted and its initial void ratio and per-
meability will decrease with increasing of the density 
(Mellegard and Hansen 1999, 2002, Stührenberg 
2007, Salzer et al. 2007). The highest density ob-
served for 10 MPa consolidation stress for 15 days 
which equal to 2.04 g/cm3. The test results are used 
to develop a set of empirical equation as a function 
of mean stress and time. The empirical equation can 
be used to predict the volumetric strain and density 
occurred after time periods and under any mean 
stresses. The predictions indicate that the density of 
consolidated crushed salt will be similar intact salt 
(2.2 g/cm3) after 12 months under mean stress equal 
4 MPa. The void ratio and intrinsic permeability de-
creases as the consolidation increases. The lowest in-
trinsic permeability is observed for 10 MPa consoli-
dation stress which equal to 1.1 x 10-8 m2 after 15 
days of consolidation. The test results are used to 
develop a set of empirical equation as function of 
mean stress and time. The empirical equation can be 
used to predict the intrinsic permeability will be oc-
curred after time periods and under any mean stress-
es. The equation indicate that intrinsic permeability 
will be reduced to an order of magnitude of the per-
meability of intact salt  

 
 
Figure 7. Predicted intrinsic permeability (k) as a function time 
(t) for different mean stress (σm). 

 

 
 

Figure 8. Predicted uniaxial compressive strength (σc) as a 
function of time (t) for different mean stress (σm). 

 
(≈1.0x10-21 m , Loken and Statham 1997) after 
around 10 months of consolidation and under the 
consolidation stress over 3 MPa. The uniaxial com-
pressive strength and elastic modulus increase with 
the consolidation magnitude. The lowest compres-
sive strength is observed for 2.5 MPa consolidation 
stress at 3 days. The highest compressive strength is 
observed for 10 MPa consolidation stress which 
equal to 8.1 MPa. The elastic modulus is 4.10 GPa 
after 15 days of consolidation. The test result results 
are used to develop a set of empirical equation as a 
function of mean stress and time. The empirical 
equation can be used to predict the compressive 
strength will be occurred after time periods and un-
der any mean stresses. All test results are used to de-
velop set of empirical equation to predict the me-
chanical and hydraulic properties of crushed salt 
consolidated. The equations have good determined 
properties and behavior of crushed salt in limited of 
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time, that incomprehensive determined for over long 
time  
because the shortly rang of testing time. 
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1 INTRODUCTION 

Rock salt around storage caverns will be subject to 
cycles of loading due to the fluctuation of cavern 
pressures during product injection and retrieval peri-
ods.  Depending on the types of stored products (e.g. 
petroleum, liquefied gas or compressed-air) and on 
the designed operating schemes, the injection-
withdrawal durations can range from daily to annual, 
and the minimum and maximum cavern pressures can 
be as low as 20% and as high as 90% of the in-situ 
stresses at the casing shoe (cavern top).  A difficulty 
arises in determining the representative properties of 
the salt under such cyclic loading states. Since the salt 
properties are loading path dependent (non-linear), 
the laboratory determined properties under static 
loads (as commonly practiced) may not truly repre-
sent the actual in-situ salt behavior under cyclic load-
ing. 

The effect of cyclic loading on the elasticity and 
strengths of geologic materials has long been recog-
nized (Haimson 1974, Allemandou and Dusseault 
1996, Bagde and Petros 2005).  A common goal of 
their studies is to determine the fatigue strength of 
the materials.  It has been found that loading cycles 
can reduce the material strength and elasticity, de-
pending on the loading amplitude and the maximum 
applied load in each cycle (Zhenyu and Haihong 

1990, Singh et al. 1994, Ray et al. 1999, Kodama et 
al. 2000).  Rare investigation has however been 
made to identify the cyclic loading effect on the 
time-dependent properties and behavior of soft and 
creeping materials such as salt, particularly within 
steady-state phase or long term salt behavior. 

The objective of this study is to determine salt 
creep (time-dependent) properties under cyclic load-
ing.  Conventional creep tests are performed to de-
termine the creep properties of the rock salt.  A con-
solidation load frame (Jandakaew 2007) is used to 
apply constant axial stresses to the cylindrical salt 
specimens with a nominal diameter of 100 mm.  The 
cyclic loading test is performed to simulate the stor-
age caverns (during gas injection-withdrawal) condi-
tion.  The effect of cyclic loads is assumed after 
specimens are statically loaded.  Exponential creep 
law is used to describe the time-dependent defor-
mations of the salt specimens under various testing 
configurations. 

2 SALT SAMPLES 

The salt specimens are prepared from 100 mm di-
ameter salt cores drilled by Asean Potash Mining 
Co. from depths between 70 m and 100 m in the Kho-
rat basin, northeast Thailand.  The salt cored belongs 
to the Middle salt member of the Maha Sarakham 

Salt Creep under Cyclic Loading and Elevated Temperatures  
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ABSTRACT: Laboratory tests including uniaxial creep tests and cyclic loading test have been performed to 
assess the influence of loading cycles and temperature on the time-dependent behavior of the Maha Sarakham 
salt.  The salt specimens are cylindrical shaped with 100 millimeters in diameter.  They are axially loaded us-
ing dead weight loading device for uniaxial creep test and cyclic loading test.  The axial load was pre-
calibrated with a electronic load cell to obtain an equivalent axial stress on the specimen.  The constant axial 
stresses are 6.5, 10, 13, and 16 MPa.  After static loading for 21 days the applied stresses are alternated from 0 
to the maximum selected stress.  Each cycle takes 24 hours.  The salt specimens are continued to subject to 
the alternated loads for 21 days.  The temperatures have been changed for all stresses condition from 30 °C 
(300 K) to 100 °C (373 K).  Under static load the steady-state creep strains presented in terms of the octahe-
dral shear strain with time can be best described by exponential relations.  The calibration of the steady-state 
creep phase using exponential model can be determined the time-dependent behavior of salt both of static and 
cyclic loading tests.  The cyclic loading induces a higher creep strain than does the static loading for all ap-
plied stress levels. 

International Conference on Advances in Suranaree University of Technology 
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Figure 4. Axial and lateral strains (εaxial, εlat) as a function of time (t) for static and cyclic loading under constant axial stresses of 
6.5, 9.6, 13, and 16 MPa at room temperature (300 K) and at elevated temperature (373 K). 
 
The applied axial stress under unloaded condition at 
1 MPa, the axial strain is decreases with instantane-
ous, transient and steady-state creep phase.   Even 
though the axial is loaded the axial strain increases 
by instantaneous, transient and steady-state phase 
similar with unloaded condition. 

5 CREEP CALIBRATIONS 

To consider both axial and lateral creep strains, the 
octahedral shear strains (γoct) of the measured de-
formations are determined using the following rela-
tion (Jaeger et al. 2007): 

γ
oct

= 1
3
��ε1-	ε2�

2
+�ε1-	ε3�

2
+�ε2-	ε3�

2�
1
2
 (1) 

where γoct  is the octahedral shear strains, ε1, ε2  
and ε3 are the major, intermediate and minor princi-
pal strains measured during the tests.  For these con-
ditions of the intermediate and minor principal 
stresses are zero (σ2 = σ3 = 0), and σ1 represents the 
applied axial stress.   

Figure 5 compares the octahedral shear strains 
under static and cyclic loading tests.  The test results 
show that the salt creep increases with time and 
tends to be nearly constant at steady-state creep 
phase. 

To assess the effect of the time-dependent proper-
ties on salt for static tests and cyclic loading tests, an 
exponential creep models (Senseny 1983) are used 
to describe behavior of the salt.  The salt properties 
calibration uses regression analysis method.  The 
exponential law presents the creep behavior of salt 
as a function of constant stress and time using fol-
lowing exponential relation: 

ε(t)=B'σmtnexp �-λ
T
�  (2) 

 The calibration by SPSS statistical software 
(Wendai 2000) determines the creep parameters for 
all salt specimens.  The exponential creep model is 
modified from Equation 2 in terms of the octahedral 
shear stress (τoct) as a function of time, stress and 
temperature for the steady-state phase following 
Equations 3. 

γ	
oct

 (t)=κτ
oct

β tγ-1exp �-λ
T
� (3) 

 where γ	 oct	 is the octahedral shear strains rate, τoct 
are the applied constant octahedral shear stress, β is 
stress exponent, κ is stress constant, T is temperature 
(Kelvin), t is time, γ is time exponent and λ is constant 
creep parameter.  Figure 6 shows the calibration results 
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of the steady-state creep phase by using Equation 3.  
The calibrated parameters of steady-state creep phase 
under various temperature are summarizes in Table 1.  
The coefficient of correlation (R2) is 0.976.   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 5. Octahedral shear strains under static and cyclic load-
ings as a function of time for constant axial stresses of 6.5, 9.6, 
13, and 16 MPa under room and elevated temperature. 
 
 For cyclic loading test, the calibration assumes un-
der a steady-state phase by using Equation 3 to predict 
the maximum creep deformation for each cycle during 
cyclic load.  The results of calibration of cyclic loading 
tests under various temperatures are shown in Figure 6.  
The creep rates under cyclic loading phase are slightly 
higher than that under static loading phase at high 
stress level.  The coefficient of determination (R2) is 
0.979.  The strain rate (γ	 oct) of cyclic loading phase is 
increases with increasing the octahedral shear stress.  
For room temperature, γ	 oct	 is 0.06 and 0.07 for τoct = 
7.5 MPa under static and cyclic loadings, and γ	 oct	 is 
0.03 and 0.03 for τoct = 3.1 MPa under static and cyclic 
loading.  For elevated temperature, γ	 oct	 is 0.05 and 
0.06 for τoct = 6.13 MPa under static and cyclic load-
ings, and γ	 oct	 is 0.03 and 0.04 for τoct = 3.1 MPa under 
static and cyclic loading.  The parameters are summa-
rized in Table 1. 

Table 1.  Creep parameters of steady-state creep phase of 
uniaxial creep tests and cyclic loading test. 

Deformations 
phases 

Creep parameter R2 

Static phases 

κ  = 2.062 
β = 0.782 
γ = 1.116 

λ = 119.103 

0.976 

Cyclic phases 

κ  = 1.402 
β = 0.979 
γ = 1.172 

λ = 154.364 

0.979 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 6. Octahedral shear strains under static and cyclic load-
ing as a function of time and curves fitted using an exponential 
law for constant axial stresses of 6.5, 9.6, 13, and 16 MPa. 

6 DISCUSSIONS AND CONCLUSIONS 

The effects of static loading and cyclic loading are 
determined from the cylindrical salt specimens ob-
tained from the Maha Sarakham formation.  Dead 
weight loading device applies constant and uniform 
stresses along the axial direction of the salt core 
specimen of 6.5, 10, 13 and 16 MPa. 
 The calibration of the steady-state creep phase us-
ing exponential model can be represented best by 
exponential law.  The creep strain magnitude and 
rate under cyclic loading is slightly higher than un-
der static loading.  The strain rate under cyclic load-
ing increases with increasing the octahedral shear 
stress.  The differences of temperature on the speci-
mens have been affected to the octahedral shear 
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strains in each condition which are increased when 
the temperature increases particularly, under high 
axial stresses. 
 The results suggest that the property parameters 
obtained from the static (creep) test can under-
estimate the cavern deformation when it subjects to 
cavern pressure fluctuation, as compared to those 
from the cyclic loading test.  This implies that re-
sults from the conventional uniaxial creep testing 
could lead to a non-conservative design and stability 
analysis for the salt caverns that subject to injection 
and retrieval of the stored products. 
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1 INTRODUCTION 

From the beginning of the 20th century to the 
present, there has been a great development of 
model test. In the 1960s, Fumagalli (1968) carried 
on the groundbreaking engineering geology 
mechanical model test research in Italy structural 
model test research institute. Soon afterwards, 
scholars in many countries developed model test 
research, which made the model test get a rapid 
and extensive development. (Ashby, 1971; 
Stewatr, 1994; Baumgargarter, 1979; Bray, 1981; 
Chen, 1984; Shen, 2001; Luo, 2005) 

Geomechanics model test methods mainly 
include conventional model test method and 
geotechnical centrifuge model test method. 
Conventional model test is taken in 1g 
gravitational field, which reduces the prototype 
size n times according to the similarity theory. 
However, it is difficult to obtain the model 
material (E. Fumagalli, 1979). Geotechnical model 
test simulates gravity field by centrifugal force 
field so as to make the stress level of the model be 
the same with the prototype which can overcome 
the defect of conventional model test. Since the 
sixties and seventies of the 20th century, 
geotechnical centrifuge model test has been widely 
used in the world (Bao, 1991; Pu, 1996; Huang, 
1998; Yu, 2008). However, there are also some 

deficiencies. First, the centrifugal inertia force is 
not completely similar with the gravitational force 
field. Secondly, the Coriolis acceleration also can 
cause some unavoidable error. Finally, the 
irregular change of the stress state during the 
accelerating and braking progress is also a problem 
without suitable solution (Zhang, 1995). 

Geomechanics magnetic model test method 
imitates the idea of the centrifuge model test 
method to simulate the gravitational force field by 
external magnetic force field (Luo, 2009 and 
2011). Theoretically, in the magnetic field with 
uniform magnetic flux density gradient, the 
ferromagnetic materials will be subject to external 
uniform magnetic force, whose size and direction 
are all similar to the gravity. The left bank high 
slope of Jinping I Hydropower Station is taken as 
an example to verify the engineering application 
value of the Geomechanics magnetic model test 
method. A numerical simulation model is built 
according to the principle of geomechanics 
magnetic model test to study the safety factor of 
the high slope by overload method. The results is 
compared with a 3d conventional model test which 
is carried out by Tsinghua University (ZHOU, 
2008). 

Principle of Geomechanics Magnetic Model Test and Its Application in 
Geomechanical Engineering Problems 

J. Bi, X. Luo & H. Shen 
Shanghai Jiao Tong University, Shanghai, China. 

 

 
 
 

 

ABSTRACT: Geomechanics magnetic model test method is a new geomechanics model test method 
employing electromagnetic force to simulate gravity. A magnetic field with uniform magnetic flux density 
gradient can be generated by electromagnetic or permanent magnetic method, in which the ferromagnetic 
materials in the similar materials can obtain a uniform magnetic force. In the model, the time t and the 
geometric dimension l are both reduced with n times, while the acceleration of gravity g is amplified with n 
times, at the same time all the similarity ratio of other basic material physical parameters keeps 1. 
Theoretically, the prototype material or similar material after proper treatment can be applied in the 
geomechanics magnetic model test so as to reduce the difficulty of the geomechanics model test. Taking the 
left bank high slope of Jinping I Hydropower Station as an example and designing the process of 
geomechanics magnetic model test, the safety factor is calculated by over-loading method and revolving 
model method. The main factors influencing the slope stability is evaluated, which is consistent with the 
conventional model test results. 
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2 BASIC PRINCIPLES OF GEOMECHANICS 
MAGNETIC MODEL TEST 

Geomechanics magnetic model test simulates 
gravity by magnetic force. Based on the three basic 
principles of similarity theory (Chen, 1979 and 
1980), if the geometric dimensional is shrinked n 
times and at the same time the bulk density of the 
model is n times of the prototype, the similarity 
criterion of each parameter in geomechanics 
magnetic model test can be obtained for: 
ϕ*= ϵ*= µ*= 1, p*=σ*= 1, ρ*= 1, k*=ν*= q*= 1, 
t*= 1, l*= u*= 1, g*=1/n. So the prototype materials 
or similar material after appropriate treatment can 
be used in the model test, which reduces the 
difficulty of the acquisition of the model material. 

According to the electromagnetic theory, the 
magnetic force of the ferromagnetic materials can 
by calculate by 

s

B
F M V
α

α

∂
=

∂  
or

 
s

B
F m
α

σ
α

∂
=

∂  
(1) 

Where m stand for the mass of the magnetic 
substance, Ms is the saturation magnetization 
intensity, σs is the saturation magnetization 
intensity of unit mass, V is volume, and B is the 
magnetic flux density of the magnetic field. 

When the magnetic force, Fα, equals to n times 
of the gravity, we can get 

1
m

s

B m
F n g ng

V M
α

α

∂
= ⇔ = ⋅ ⋅

∂
 (2) 

Therefore, in the geomechanics magnetic model 
test, the m is a fixed value, with the assumption 
that Ms is also a constant, if the magnetic force 
must keep n times of gravity, the gradient of the 
magnetic flux density must be uniform. 

As for the most common ferromagnetic 
material, electrical pure iron, the saturation 
magnetization intensity Ms is 1703×103A/m2 under 
normal temperature, and its density is 7800kg/m3. 
Then: 

( )-10.044 T m
B

n
α

∂
= × ⋅

∂
 (3) 

So if the magnetic force of the iron is wanted 
to be n times of gravity, the magnetic flux density 
gradient should be n×0.044T/m. In geomechanics 
magnetic model test, the magnetic force is in direct 
proportion to the magnetic flux density gradient, 
and the magnetic flux density gradient can be 
controlled by the electric current. Therefore, the 
purpose of loading or overloading the model can 
be achieved by increasing the current. 

3 GEOMECHANICS MAGNETIC MODEL OF 
LEFT BANK HIGH SLOPE OF JINPING I 
HYDROPOWER STATION 

Keeping the main geological characteristics, the 
model of left bank high slope of Jinping I 
Hydropower Station is simplified for convenient. 
The profile sketch of the simplified model is 
shown in Figure 1. 

 

 
Figure 1. The profile sketch of the simplified model. 

 
There are four rock formations and three fault in 

the model, and the mechanics parameters are listed 
in Table 1. 

 
Table 1. Mechanic parameters of the left bank high slope of 
Jinping I Hydropower Station. 
Geological  
entity 

E(GPa) f(tanϕ) c/MPa µ 

II 31.0 1.35 2.00 0.25 
III1 14.6 1.07 1.50 0.25 
IV1 2.56 0.70 0.60 0.35 
IV2 1.40 0.60 0.40 0.30 
f5 0.4 0.3 0.02 0.35 
f8 0.4 0.3 0.02 0.28 
f42-9 0.4 0.3 0.02 0.35 
 

According to the similar theory, ratio of 
similitude of relevant parameters are as the 
following Table 2. 
 
Table 2. Ratio of similitude of relevant parameters. 
Items Ratio of similitude 

Dimension 1000/1 

Volume weigh γ 1/100 

Stress σ 10/1 

Cohesion c 10/1 

Elasticity modulus E 10/1 

Poisson’s ratio µ 1/1 

Displacement s 1000/1 

Strain ϵ 1/1 

Internal friction angle ϕ 1/1 
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There is an optimal ratio of ferromagnetic 
materials in the similar material. In this proportion, 
not only the physical and mechanical parameters of 
the model material can be guaranteed to be similar 
with the prototype, but also the magnetic force of 
the model can reach a higher standard. In the 
geomechanics magnetic model test, the 
ferromagnetic is iron, whose density is 
ρFe=7800kg/m3. Density of rock-soil body is the 
same as the prototype. The volume fraction of the 
iron can be got by the following equation. 

( ) ( )1 1s sm Fe s Fe

sp

gV n gV
n

gV

β ρ β ρ

ρ

− + +
=  (4) 

where βs is the volume fraction of iron, nFe is the 
multiple of increased body force of iron, n is the 
multiple of increased body force of the whole 
model, ρsm is the density of the model, ρsp is the 
density of the prototype, and ρFe is the density of 
iron. The volume fraction of iron in every part of 
the model can be written as: 

( )1
sp sm

s
Fe Fe sm

n

n

ρ ρ
β

ρ ρ

−
=

+ −
 (5) 

In equation 5, the n is a specified value which 
depends on the ability of the magnetic field 
generator to produce gradient magnetic field and 
the similarity ratio of the geometric dimension. 
βs，ρsm and nFe are variables. Generally, βs should 
be 0.3-0.5 to ensure the magnetic force value. The 
density of other materials in the model except iron 
is between 1000kg/m3 and 3000kg/m3, in this case, 
which is the same with the prototype, namely 
ρsm=ρsp, and nFe is not bigger than 100. In a 
uniform gradient magnetic field, the magnetic 
force of iron will be a constant in the entire model, 
here we assume nFe=80. Thence, the desired 
volume friction of iron in each part of the model is 
shown in Table 3. 

 
Table 3. Volume friction of iron in each part. 
Geological  
entity 

ρsm(kg/m3) βs ρav(kg/m3) 

II  2940 0.463 5189 
III1 2730 0.430 4908 
IV1 2670 0.420 4825 
IV2 2000 0.314 4374 
f5 2000 0.314 4374 
f8 2300 0.362 4289 
f42-9 2000 0.314 4374 

 
Table 3 shows that, in the case of ρsm=ρsp and 

nFe being a constant, the bigger the density of the 
prototype is, the more the iron is to be needed. 

4 NUMERICAL SIMULATION ANALYSIS OF 
LEFT BANK HIGH SLOPE OF JINPING I 
HYDROPOWER STATION 

In order to guarantee the uniformity and 
arbitrariness, the distribution of iron in the model 
is determined by a random function and consistent 
with the volume fraction in Table 3. The iron 
distribution of magnetic model of the left bank 
high slope of Jinping I Hydropower Station is as 
shown in Figure 2, where the black areas represent 
for iron powder. The model is put into the 
magnetic field with uniform magnetic flux density 
gradient, so that iron in the model will be subject 
to a uniform magnetic force. The magnitude of 
magnetic force can be adjusted by current in the 
electric solenoid. 

 

 

Figure 2. Distribution of iron in the model of left bank high 
slope of Jinping I Hydropower Station. 

 
During the experiment process, at first, the 

current is maintained at a constant value that can 
keep the body force of the model being 80 times of 
gravity. When the deformation of the slope is 
steady, the current increases gradually till the slope 
failed, and at this moment, the magnetic force of 
iron is about 96.8 times of the its own weight. 
Adding the magnetic force to gravity, the multiple 
is (96.8+1)/(80+1)=1.2074 compared with the 
initial condition. Due to the different iron volume 
friction, the multiples of each part in the model are 
not all same. The result is listed in Table 4. 

 
Table 4. Multiples of overload of each part in the magnetic 
model test compared with gravity of prototype. 
Geological  
entity 

n 

II  120.6293 
III1 120.6224 
IV1 120.6205 
IV2 120.5985 
f5 120.5985 
f8 120.6084 
f42-9 120.5985 
Average value 120.6149 
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The safety factor of left bank high slope of 
Jinping I Hydropower Station can be represented 
by the average value, namely 120.6. This is 
overload method. From equation 4, the multiple of 
increased body force of the whole model n can be 
derived as: 

( ) ( )1 1s sm Fe s Fe

sp sp

n
n

β ρ β ρ

ρ ρ

− +
= +  (6) 

As the test from beginning to the end, the ratio 
of magnetic force and gravity of iron increases 
from nFe to nFe

’ and the ratio of the whole model 
increases from n to n’. The safety factor will be as 
follow: 
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Therefore, the safety factor can be easily 
approximately obtained by equation (7).  

Figure 3 to Figure 6 are the distribution of 
displacement, stress and plastic strain, respectively, 
when the magnetic model of slope is unstable. 

It is observed that the horizontal displacement 
of the outside part of fault f42-9 is the largest in 
the model. The maximum stress is also located at 
fault f42-9 and its surrounding rock formation. The 
volumetric plastic strain graph also shows that 
plastic deformation takes place in fault f42-9 
firstly. So a conclusion can be drawn that the 
stability of the whole slope is mainly controlled by 
fault f42-9, where should be paid attention in the 
process of excavation and taken reinforcement 
measures in a timely manner. 

 

 

Figure 3. Y component of displacement of the left bank high 
slope of Jinping I Hydropower Station model. 

 

Figure 4. X component of displacement of the left bank high 
slope of Jinping I Hydropower Station model. 

 

 

Figure 5. Stress of the left bank high slope of Jinping I 
Hydropower Station model. 

 

 

Figure 6. Volumetric plastic stain of the left bank high slope 
of Jinping I Hydropower Station model. 

 
In the conventional model test carried out by 

Tsinghua University, the safety factor of left bank 
high slope of Jinping I Hydropower Station 
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obtained by revolving model method is 1.92. 
Though because of the difference of test methods, 
the safety factor is not same between the revolving 
model test method and geomechanics magnetic 
model test method, the stability evaluation on the 
slope is consistent that fault f42-9 is the main 
factor affecting the slope stability, which is same 
as the actual situation. The geomechanics magnetic 
model reflects the real mechanical properties of the 
left bank high slope of Jinping I Hydropower 
Station. 

5 CONCLUSION AND DISCUSSION 

Geomechanics magnetic model test takes 
advantage of magnetic force to simulate gravity. 
Theoretically, under the condition that the gradient 
of the magnetic flux density is uniform, the 
magnetic force of the ferromagnetic materials in it 
will be uniform, which is same as gravity. 
According to the similarity theory, if the similarity 
ratio of dimension is n and the similarity ratio of 
bulk weight is 1/n, the model material can be got 
through prototype material. Thereby, the 
acquisition of the model material in geomechanics 
magnetic model test is much easier than 
conventional model test.  

Taking the left bank high slope of Jinping I 
Hydropower Station as an example, a numerical 
simulation of geomechanics magnetic model test is 
conducted. The following conclusion can be 
drawn: 

(1) In geomechanics magnetic model test, the 
similar material is a mixture of ferromagnetic 
materials and geomaterials. The volume fraction of 
the ferromagnetic materials can be calculated on 
the basis of similarity theory. And the volume 
fraction is related to the corresponding rock-soil 
mass density. 

(2) The results of geomechanics magnetic 
model test show that in the left bank high slope of 
Jinping I Hydropower Station, fault f42-9 is the 
critical factor affecting the slope stability. 
Compared with the conventional model test, the 
safety factor of geomechanics magnetic model test 
is a little smaller, but the evaluation of the slope 
stability is consistent. 

(3) As a new model test method, geomechanics 
magnetic model test method has been proposed for 
only ten years up to now. Although the previous 
studies have made certain achievements, there are 
still many problems need to be in-depth studied. In 
terms of the theory and the numerical simulation 
results, geomechanics magnetic model test has its 
own practical engineering application value. 
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1 INTRODUCTION

People are afraid of earthquakes because of its re-
leasing large energy, long duration and high ran-
domicity, such as the Wenchuan earthquake, China, 
it resulted in significant property damage and casu-
alities in 2008. In particular, the slope disasters 
showed very strong dynamic response due to their 
unique features with a single or multiple free-faces 
(e.g., Xu & Huang 2008). Therefore, so many re-
searchers have been focused on the dynamic re-
sponse law of horizontal and vertical PGA amplifi-
cation of slope at home and abroad. 

Sergio A. Sepù lveda et al. (2005) have studied 
the Pacoima Canyon, immediately north of Los An-
geles, California and found a PGA of 1.58g was 
recorded on the bridge, while the accelerations in 
surrounding areas and at the bottom of the canyon 
were generally less than 0.50g. Then they suggested 
the existence of topographic amplification of the 
ground motion, namely, an effect caused by the in-
teraction of the incoming seismic waves with cer-
tain geomorphic features such as steep slopes. R. Q. 
Huang (2013) recorded, monitored and modeled the 
Wenchuan waves and also found the parts of prom-
inent terrains had evident topographic amplifica-
tions effects on seismic loading and both the dip 
and anti-dip slopes had significant PGA amplifica-
tions at the upper top region. On the basis of the 
calculations of Fourier spectra and acceleration re-
sponse spectra of near-field acceleration records of 
the 2008 Wenchuan Earthquake,, HOE I. LING et 
al. ( 1998 ) applied a log-spiral failure mechanism 
to discussing the stability and permanent displace-

ment of a slope subjected to combined horizontal 
and vertical accelerations, meanwhile, if the hori-
zontal acceleration is large, the corresponding verti-
cal acceleration may play an important role on sta-
bility and permanent displacement. S. G. Xiao 
( 2010 ) analyzed the natural frequencies of a range 
of slopes with different geometric characteristics, 
especially height and slope ratio.  

This paper applied numerical simulation for 
studying the effect of the geometric characteristics 
on the dynamic response law of rock slope under 
earthquake to find out the inner correlation between 
the horizontal and vertical PGA amplification and 
slope face or slope shoulder. 

2 PARAMETERS OF DYNAMIC MODEL 

2.1 Geometric Parameters and Mechanical 
Parameters 

In order to study the relationship between the dy-
namic response law of horizontal and vertical PGA 
amplification of slope face and shoulder and the ge-
ometric characteristics, a 2-dimension rock slope is 
defined as model (Figure1). The height and width in 
front of the slope are h=10m, Wf=200m, respective-
ly.  

ABSTRACT: The paper selects the Kobe wave data and uses time-history method to simulate the rock slopes 
with different geometric parameters under earthquake, especially the gradient and height. The dynamic re-
sponse law of horizontal and vertical PGA amplification on the slope face and shoulder is modeled by the fi-
nite element- infinite element coupling method in detail: the correlation becomes more obvious and complex 
with the increasing height or gradient; and once either the height or the gradient is unchanged, the correlation 
shows completely different characteristics. Those conclusions can be used to study the dynamic response law 
of rock slope under earthquake further, and the researchers can also predict horizontal or vertical PGA ampli-
fication of slope face and slope shoulder whose height is under 300m and gradient is under 2.0 by the law. 
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Figure 1. Stetch of rock slope. 
 
Table 1. Physico-mechanical parameters of rock material. 

E(GPa)  ν c（MPa） ψ(。) ρ（km/m3
） ζ 

50 0.25 1.5 50 2500 0.005 

 
 
The height of the slope is H, The width of the 

slope is W. The height and width behind the slope 
are H+h,Wb,. Moreover, Wf+W+Wb=1200m. The 
angle of the slope is defined as α, the gradient of 
the slope can be expressed as i=tanα. The vertical 
distance from any point on the slope face to the 
level where the foot of the slope is is E.  

The paper takes biotite granite slope as the ob-
ject and its dynamic physico-mechanical parame-
ters are all shown in Table 1. 

2.2 The Objects of Numerical Simulation  

There are 9 different types in this paper which are 
named as MH-i. H stands for the height of slope, 
H=100m, 200m and 300m; i stands for the height 
of slope, i=0.5, 1.0, 2.0. The specific types are 
shown in Table 2.  
 
Table 2. The different types of rock slope. 

Type Height H (m) Gradient i 
M100-0.5 100 0.5 
M100-1.0 100 1.0 
M100-2.0 100 1.0 
M200-0.5 200 0.5 
M200-1.0 200 1.0 
M200-2.0 200 2.0 
M300-0.5 300 0.5 
M300-1.0 300 1.0 
M300-2.0 300 2.0 

2.3 Boundary Conditions 

The process can be divided into two steps in the 
numerical simulation on the dynamic response law 
of a semi-infinite slope under earthquake: the step 
1 is a static analysis; the step 2 is a kinetic analysis. 

The fixed boundaries and free-field boundaries 
are applied for the static step. The horizontal direc-
tion constrains are set on the left and right of the 
slope, both the horizontal and vertical direction 
constrains are set on the bottom of slope. The in-
site stress balance process is carried out to make 
the model achieve an effective node load and ex-
ternal load equilibrium formed by in-site stress in 
the model. Actually, the software can only make 
the displacement of each point reach 10-6m, but the 
impact of remaining displacement can be ignored. 

The finite element-infinite element coupling 
method is used to study kinetic analysis process 
with free-field boundary. There are some elements 
in the front and on the back of slope set to CINPE4 
(shown in Figure1), and the slope is set to CPE4R 
(shown in Figure1) at the same time. The constrain 
set in step 1 are released. And it is noted that Ray-
leigh damping is applied for those models. 

2.4 Seismic Load 

In order to simulate different types of rock slope 
under seismic loads to find the dynamic response 
law of horizontal and vertical PGA amplification, 
Kobe wave data is put in. The time-history curve 
of horizontal seismic wave acceleration is shown 
in Figure2(a), the peak acceleration is 0.834g and 
the total time duration is 40s; the time-history 
curve of vertical seismic wave acceleration is 
shown in Figure2(b), the peak acceleration is 
0.556g as specification sets. The total time dura-
tion is as long as that of time-history curve of hori-
zontal seismic wave acceleration.
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Figure 2. Time-history curve of seismic wave acceleration. 

3 DYNAMIC RESPONSE LAW OF SLOPE 
FACE  

In order to facilitate research and analysis of dynam-
ic response law of slope, the height ratio can be de-
fined as E/H. this paper assumes the PGA at any 
point on the face of slope is Amax during earthquake, 
so the horizontal PGA can be expressed as Ah,max and 
the vertical PGA can be expressed as Av,max. Then 
the horizontal and vertical PGA amplification can be 
defined by formulas (1) and (2): 

h,max
hK =

h

A

A
 (1) 

v,max
vK =

v

A

A
 (2) 

Where Ah,max=the horizontal PGA of any point on 
the face of slope; Ah=the horizontal PGA at the foot 
of slope; Kh=the horizontal PGA amplification of 
any point on the face of slope; Av,max=the vertical 
PGA of any point on the face of slope ;Av=the verti-
cal PGA at the foot of slope; Kv=the vertical PGA 
amplification of any point on the face of slope. 

3.1 The Effect of Gradient on Slope Face  

When studying the effect of gradient on the dynamic 
response law of horizontal and vertical PGA ampli-
fication, the paper chooses the heights of slope are 
100m, 200m and 300m. And the gradient can be 
changed for each height, i=0.5, 1.0 and 2.0. Finally, 
there are 6 curves shown in Figure3. 
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Figure 3. The effect of gradient on slope face. 

Compared the Figure 3(a)with Figure 3(b), there is 
no significant correlation between the horizontal and 
vertical PGA amplification and height ratio when 
H=100m, however, compared the Figure 3(a), Figure 
3(c) with Figure 3(e), the horizontal PGA amplifi-
cation increases obviously with the height ratio in-
creasing, especially when the height ratio E/H>0.7， 
the increasing rate is relatively larger, what is more , 
the height can promote the trend when the height 
H=300m whose horizontal PGA amplification has a 
significant growing trend. 

Based on the analysis of Figure 3(b), Figure 3(d) 
and Figure 3(f), even when the height of slope is 
H=200m, the vertical PGA amplification does not 
show intensive correlation with height ratio, while as 
the height ratio raises, the curve of vertical PGA 
amplification goes up, then down, and continually 
goes up when H=300m, but this clear trend is affect-
ed by gradient: on the one hand, the obvious differ-
ence of the vertical PGA amplification exists in 
Figure 3(f) when E/H=1.0 which is better than that 
in Figure 3(b) and Figure 3(d); on the other hand, the 
performances of the vertical PGA amplification are 
very close, and that of slope shoulder(i=0.5) exceeds 
from behind. 

3.2 The Effect of Height on Slope Face 

This paper selects i=0.5, i=1.0 and i=2.0 to discuss 
the effect of height on the dynamic response law of 
slope face, when the height is changed from 100m to 
300m. The curves obtained from numerical simula-
tion are as follows in Figure4. 
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Figure 4. The effect of height on slope face. 

When the height of slope is 100m, the horizontal 
PGA amplification in the three types of model does 
not change strongly (Figure 4(a), Figure 4(c) and 
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Figure 4(e)), while it increases with the height ratio 
increasing at H=200m and H=300m, particularly, the 
performance is extremely obvious at i=1.0 and i=2.0, 
which is different from that at i=0.5. 

When comparing Figure 4(b)，Figure 4(d) and 
Figure 4(f), we can find The curves (H=200m and 
H=100m) of vertical PGA amplification are very 
close when i=0.5, 1.0 and 2.0, while the curve 
(H=300m) keeps away from them. But as the gradi-
ent rises, the distance is reducing. 

Meanwhile, the horizontal and vertical PGA am-
plification express more intensive changing law 
(H=200m, H =300m) than that when H=100m. But 
The PGA amplification on both directions (H=300m, 
i=2.0) keeps more obvious increasing trend than any 
of others. 

It suggests that the gradient and the height have 
an important effect on the dynamic response law of 
the horizontal and vertical PGA amplification on the 
slope face. And the influence of height expresses 
more clear than that of gradient, the reason is that the 
total width of models we simulate is kept constant 
(Wf+W+Wb=1200m), which may affect the simula-
tion results, but those conditions can easily happen 
in site. 

Therefore, we can guess: once there is a slope 
whose height is more than 300m or the gradient is 
more than 2.0, a more complex law will exist, but its 
trend is more or less as the same as the curves in 
Figure3 or Figure4. It is helpful for the researchers to 
infer the changing trend and ranges of the horizontal 
and vertical PGA amplification once H<300m and 
i<2.0.0. Also, it offers an effective method to study 
the slope whose H>300m or i>2. 

3.3 The Effect of Height and Gradient on Slope 
Shoulder  

Firstly, the paper discusses the effect of gradient at 
slope shoulder (E/H=1), and draws the curves in 
Figure 5 to describe the dynamic response law of 

horizontal and vertical PGA amplification at shoul-
der of slope under on the condition that the height of 
slope  is unchanged.  

From Figure 5(a), once the height keeps constant, 
the horizontal PGA amplification goes up as gradi-
ent increasing, and the increasing rate is decreasing 
but remains more than zero, the difference between 
H=100m and H=200m is larger than that between 
H=200m and H=300m.  

Interestingly, the vertical PGA amplification does 
show the same laws a the horizontal PGA amplifica-
tion when the height is 100m, but the increasing 
trend becomes vague when the height is 200m, and 
the increasing rate is lower than zero when the 
height is 300m but it does not lower than the slope 
whose height is 200m or 100m. But once the gradi-
ent keeps unchanged, the vertical PGA amplification 
of slope shoulder (H=300m) is more than that of 
slope shoulder (H=200m), and the same law is 
shown between the slope (H=200m) and the slope 
(H=100m). 

And then this paper studies the effect of height at 
slope shoulder (E/H=1) by the same method, but the 
gradient remains unchanged, the height goes from 
100m to 300m. Finally, there are two figures ((Fig-
ure 6(a) and Figure 6(b)) )drawn in Figure 6. 

As can be seen from the Figure6, the horizontal 
and vertical PGA amplification go up with the in-
creasing height, but the increasing rate of horizontal 
PGA amplification is becoming less, while that of 
vertical PGA amplification becomes complex: 

(1) The increasing rate decreases but more than 0, 
if  i=0.5; 

(2) The increasing rate does not change obviously 
and almost keeps constant, if i=1.0; 

(3) The increasing rate becomes rising, if i=2.0. 
Therefore, the gradient has a strong effect on the in-
creasing rate of vertical PGA amplification. Howev-
er, the vertical PGA amplification still increases 
when the height rises, if i<2.0. 
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Figure 5. The effect of gradient on slope shoulder.  
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Figure 6. The effect of height on slope shoulder. 
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Figure 7. Proving simulation (H=150m, i=1.5). 

 
Meanwhile, the significant law of the horizontal 

or vertical PGA amplification is that the distinct gap 
between the slope (i=0.5) and the slope (i=2.0) when 
H=300m is very larger than that of slope when 
H=100m. It means once the height is increasing, the 
gap between the slope of different height but the 
equal difference is rising.   

According to Figure5 and Figure6, the horizontal 
and vertical PGA amplification go up with the in-
creasing height or gradient except the model 
(H=300m) which do the opposite. Though the in-
creasing rate is changing, the rate of horizontal PGA 
amplification is decreasing with the height or gradi-
ent increasing, the rate of vertical PGA amplification 
shows distinct law.  

3.4 Proving simulation 

As shown in Figure5 and Figure6, if the slope is 
consist of biotite granite, it is easy to infer the range 
of horizontal and vertical PGA amplification of 
slope shoulder once the height is 100m-300m and 
the gradient is 0.5-2.0. Accordingly, a slope whose 

height is 150m and gradient is 1.5 but dynamic phys-
ico-mechanical parameters are all the same is taken 
for instance, the simulation results are as follows:  

The horizontal and vertical PGA amplification of 
slope shoulder are 1.47 and 1.31, respectively, which 
is content with the Figure7. Otherwise, Kh>Kv. The 
data not only conform to the range of the curve hori-
zontal and vertical PGA amplification of slope 
shoulder but also to its changing trend. 
In fact, the change of gradient or height can lead the 
length of free-face which is considered as the area of 
rock slope in two-dimension to be changing, that is 
the reason impacting the curves., especially at slope 
shoulder where there can be thought as having two 
free-face.  

4 CONCLUSIONS 

As a result, the dynamic response laws of PGA am-
plification at slope face and shoulder can be listed as 
follows: 
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(1) Once the height is constant, either at horizon-
tal or vertical direction, the PGA amplification is ris-
ing when the height ratio increases. And the trend is 
vague when the height or gradient is small, but it be-
comes obvious with the height goes up; 

(2) Once the gradient is constant, the effect of 
gradient is less obvious than that of height on slope, 
the dynamic response law only become very appar-
ent at i=2.0; 

(3) The height remains unchanged, horizontal and 
vertical PGA amplification of slope shoulder in-
creases as the height ratio increases (H=100m and 
H=200m), especially, the increasing rate of horizon-
tal PGA amplification goes down but more than zero 
(H=300m), while that of vertical PGA amplification 
goes down even less than zero(H=300m); 

(4)The gradient remains unchanged, horizontal 
and vertical PGA amplification of slope shoulder 
keep rising as the gradient rising (i=0.5,1.0 and 2.0), 
the increasing rate of horizontal PGA amplification 
decreases whatever the gradient is, but the increasing 
rate of vertical PGA amplification may increase with 
the gradient decreasing.Those conclusions carried 
out by the finite element- infinite element coupling 

method can prove to be guidance for predicting the 
dynamic response law of horizontal and vertical 
PGA amplification of slope face and shoulder.   
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Tunneling 





1 INTRODUCTION 

1.1 Tunnel at the outset 

The Metropolitan Waterworks Authority (MWA) was 
one of leading firms in Thailand which had em-
ployed Tunnel Boring Machines (TBM) extensively 
in construction of its transmission system, throughout 
the past 30 years. Various TBM types, including, 
manual, semi-mechanical, mechanical and EPB were 
employed in tunneling projects with diameters of 
TBM ranging from 3.16 to 4.56 m., for the construc-
tion of tunnel ID ranging from 2.0 to 3.4 m. The 
tunnels were constructed mostly in a stiff clay layer 
at 17-20 m. from ground surface, but some went 
down to 30 m., when running across Chao Phraya 
River. 

1.2 New Era of Water Transmission Tunnels 

Tunnelling becomes a common practice for MWA. 
EPB (Earth Pressure Balanced) shield machines 
were employed, enabling excavation in all types of 
soil profile of Bangkok possible. Having been 
equipped with higher efficiency back-up system, 
such as GYRO, the excavated alignment could be 
easily controlled. Newly developed  segments, both 
steel and RC, straight and tapered, facilitate tunnel-
ing through all radius of curvature, some cases, R < 
50m. Recently, MWA succeeded in projects under 
the 7

th
 Bangkok Water Supply Improvement Project

with total length of 50 km. of tunnels constructed 
and 14 EPB TBMs adopted.  

Large-Scale Transmission Tunnel Rehabilitation Project for Sustainable 
Water Supply Management in Bangkok Urban Area a Case Study of 
Metropolitan Waterworks Authority Bangkok, Thailand 

D. Klahan, B. Vongsa, M. Panaim, P. Traidate & W. Phakjarung 
Metropolitan Waterworks Authority, Bangkok, Thailand 

ABSTRACT: Metropolitan Waterworks Authority (MWA) has been involving in the construction of 
underground tunnel using Tunnel Boring Machine (TBM) for more than 30 years.  Treated water has been 
conveyed through the large-scale transmission tunnel networks, with the total length of 187 kilometers, to the 
distribution pumping stations around and inside the metropolitan boundary. At the outset, the typical tunnel 
sections, both primary and secondary linings, were designed to be reinforced concrete. Having been in use for 
long term, there are some leakages detected, which caused severe effect to the road surface and to some 
extents to the above ground structures. MWA, therefore, launched the tunnel rehabilitation project, 
comprising of 4 routes, with total length of 14 km, with an aim at surveying the leakage points by employing 
the so-called Geophysical Surveying Method, filling the voids detected along tunnel alignment with proper 
materials and installing Steel Pipes (MS-Tube) inside the existing tunnels as secondary lining to strengthen 
the structure and to increase water pressure resistant capability.  

This paper is aimed at describing the method of Tunnel rehabilitation, which has been acceptably and 
technically proven to be one of the proper solutions for rehabilitation of large-scale tunnel, since it was once 
successfully adopted in the previous tunnel repair project from Bangkhen Water Treatment Plant to Pradipat 
Valve Chamber. Such repaired tunnel has been in use well until now without any leakage encountered. Pipes 
inserted inside of tunnel were electrically welded, then, infilling mortar was grouted into the annulus around 
the inside of tunnel and outside of inserted pipes, leading to final tunnel section with considerably higher 
sectional modulus. Some challenges, for example, when performing underground works nearby the MRT 
Tunnel and preventive measures to cope with which employed FEM analysis in conjunction with installation 
of a series of geotechnical instrumentation as well as setting out the Trigger Level for monitoring, were also 
discussed.    

International Conference on Advances in Suranaree University of Technology 
Civil Engineering for Sustainable Development 27-29 August 2014 
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1.3 Background of the problems 

The initial east-bank water transmission network 
consisted of tunnels built solely from Reinforced 
Concrete. Unlike the modern tunnels, olds tunnels 
were without internal steel linings. (Figure 1). A 
problem that may arise when an underground 
leakage enlarges, is Sink Hole underneath the roads 
(Figure 2) Sink Hole may cause the road’s structure 
or nearby buildings to collapse. It may also cause 
further damage to tunnel structure itself. Damage 
caused water loss accounted for millions bath per 
year. Most severely, water supply network may
come to halt, bringing unpleasant effects on the 
capital 

 

Figure 1. Typical Tunnel Section. 

Figure 2. Sink hole caused by water leakage. 

2 TUNNEL REHABILITATION PROJECT 

2.1 Coping with problems 

According to the leakage points recorded during op-
eration, where there were up to 25 locations found 
and likely more without visible evident, MWA has 
planned for the measure to cope with such problems. 
Exact location of all possible leakage points, both 
visible and invisible, needed to be extensively sur-
veyed. Since employing steel lining as a secondary 
lining is most optimised technique for the construc-
tion of large-scale water tunnels, nowadays, and, 
since, MWA had experience in choosing to insert the 
steel lining for the rehabilitation of some early water 
tunnels with success. Thus, MWA is relying on the 

same technique for the rehabilitation of existing tun-
nels for the current project. MWA, Therefore, de-
cided to launch a project namely G-TN-R2-7(R) un-
der the 7

th
 Bangkok Water Supply Improvement

Project to rehabilitate the leaked Tunnels.  

2.2 Details and scope of the project 

The works under this contract are consisted of 

rehabilitating 4 sections of existing tunnels as shown 

in Figure 3 including;  

Section 1: Tunnel Diameter 2.5 meters, from Si 

Phraya Valve Chamber to Lumpini Valve Chamber 

with approximate length of 2.4 kilometers. 

Section 2: Tunnel Diameter 2.8 meters, from 

Pradipat Valve Chamber to Si Phraya Valve Chamber 

with approximate length of 7.5 kilometers.  

Section 3: Tunnel Diameter 2.0 meters, from Lad Ya 

Riser Structure to Tha Phra Riser Structure with 

approximate length of 3.7 kilometers. 

Section 4: Tunnel Diameter 2.0 meters, from 

Lumpini Valve Chamber to Lumpini Drop Structure 

with approximate length of 0.2 kilometers. 

Figure 3. Project location map. 

 The construction period started from November 

2010 to October 2013. First, works in section 1 in 

conjunction with section 3 were performed at the 

same time, followed by works in section 2 and 

finally works in section 4. The total contract price is 
762,189,530 Baht. The Contractor is Italian-Thai 
Development Public Company Limited. Con-
struction is supervised jointly by MWA and the 
specialized consultant including Asdecon Cor-
poration and Geotechnical and Foundation 
Engineering co.ltd.  

The scopes of the works are as follows; 

1. To locate the leakage points along the whole

tunnel line using the geophysical method and to fill 

the voids caused by leaked water with appropriate 

materials. Two alternatives of geophysical methods 
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including Ground Penetration and Resistivity Test 

were considered. The latter was selected to survey 

the voids along the tunnel line since it could provide 

more accurate information for the specific depth of 

tunnel (approximately 17-20 m. from surface) This 

method adopted the concept of difference electric 

current measured in the different media. The area 

where there was leakage (high moisture content) 

would show lower Resistivity value than those 

measured from soil or sand. Conventionally, the 

Resistivity (Ohm-m) got from measurement through 

soil ranged from 1-1,000, while the value got from 

sand ranged from 1-100 and value got from ground 

water ranged from 0.5 – 300. When plotted as 

detour, lower Resistivity zone (higher moisture 

content) would give blue color.  The measuring 

equipment and example of results are as shown in 

Figure 4.     

 

       

Figure 4. Resistivity test for leakage point. 

 

 

Figure 5. Example of the leakage survey result. 

 From Figure 5, it was found that Resistivity test 

gave the result with acceptably good agreement with 

the existing leakage point information. Having done 

all survey along the route line, total 27 leakage 

points were found. After the area with high tendency 

to have tunnel leakage was primarily located, then, 

Soil Boring Investigation was performed at every 

leakage point. It was obvious that, the location of 

tunnel leakage would give the higher moisture 

content and lower SPT-N value.  

 At the design stage, the Consultant, Asdecon 

Corporation and Geotechnical and Foundation 

Engineering co.ltd (Asdecon and GFE), had 

performed the FEM analysis, and  found that there 

was significant effect from void around the tunnel to 

the settlement of the ground and nearby structures 

when shutting down the transmission system leading 

to decreased pressure inside MWA tunnel. Thus, 

such voids were needed to be filled before tunnel’s 

shut-down. The FEM analysis was as shown in 

figure 6.  

 

    

 

 

 

 

 

Figure 6. FEM analysis to study the effect of void when 

shutting down the transmission system. 

 The schematic diagram of void filling process is 

shown in Figure 7. One of materials used for filling 

the voids was cement base with conventional 

proportion per m
3
 as shown in Table 1. Such 

proportion might be particularly adjusted to suit with 

ground condition. In some cases, other appropriate 

materials were used.   

 

 

 

 

 
 

 

 

 

 

 

Figure 7. Void filling process. 

 

Table 1. Typical void filling proportion (kg/m
3
). 

Material Weight (kg) 

Cement 

Bentonite 

Water 

350 

52.5 

870 

2. To excavate and get the existing construction 

shafts and valve chambers modified in order to give 

ease for installation of Steel Pipes inside tunnels. 

Some shafts that were backfilled and restored, were 

modified and used as construction shafts for 

supplying pipes and grout car for secondary lining. 

When all works finished, those shafts were again 

restored to the existing condition (Figure 8).  
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Figure 8. Modification of existing shafts. 

3. To construct the by-pass piping systems at Si

Phraya and Lumpini Valve Chambers, in order to 

cope with the shortage of water during shutting-

down of the transmission system and distribution 

pumping stations for works under section 2 and 4.  

4. To install Steel Pipes inside the repaired

tunnels using electrical welding method, pour the 

infilling mortar around the tunnel and pipe annulus 

and get all the systems tested and disinfected before 

putting in service.  After tunnel’s shut-down, water 

inside tunnel was drained out and tunnel’s inner 

surface was thoroughly clean. It was found that, 

after being used for years, the RC lining (secondary 

lining) of the existing tunnel was in considerably 

good conditions. There was an obvious de-scaling of 

surface due to abrasion, but not very deep. The 

previously repaired cracks which employed portion 

of steel segment bolted and sealed to tunnel surface 

were in good condition without severe damage and 

excessive corrosion found (see figure 9). The cracks 

were then surveyed and repaired by adopting PU 

Foam, which could efficiently stop water from 

outside of the tunnel. The application of PU Foam to 

stop water is as shown in Figure 10. The ventilation 

system, lighting system with emergency lights, 

communication system and rails were, then, installed 

inside the tunnel (Figure 11). In this project, the 

Contractor decided to use low voltage electricity 

system (380 V) instead of conventional high voltage 

system (6.6 kV) inside tunnel. The advantage was 

that it was unnecessary to provide transformer inside 

tunnel, but required larger diameter of wire, leading 

to higher installation cost, but with higher safety in 

exchange.     

Figure 9. Existing tunnel’s conditions after draining out the 

water.  

Figure 10. Application of PU Foam to stop water at existing 

tunnel’s cracks . 
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Figure 11. Installation of ventilation and lighting .  

MS Tube was transported into tunnel on rail via 

locomotive. Selection of proper rail type and size was 

also of importance. Since clearance was limited, this 

made conventional rail unsuitable. The channels (100 x 

50) were adopted (see figure 12). Two types of

locomotives were used including electrical locomotive 

and modified tow tractor (see figure 13). At the outset 

of project, pipe carrier was designed to be carriage-like 

which was very rigid (see figure 14). The carriage was 

durable, but it took time to install pipe and rather made 

some visible damage to inside surface of pipe. Later, it 

was decided to change to simple roller-like carrier, 

which could serve well, but needed more frequent 

maintenance in exchange (see figure 15).  

Figure 12. Rail made from channel 100x50. 

Figure 13. Modified tow tractor (Top) and conventional 

electric locomotive (Bottom). 

Figure 14. Pipe carriage. 
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Figure 15. Roller-like pipe carriers. 

       Prefabricated Pipes were transported to the 

position where they would be electrically welded (see 

figure 16). The annulus between outside of the pipes 

and inside of tunnel was grouted by infilling mortar 

(see figure 17). This mortar, when got harden, would 

provide corrosion protection to the pipe as pH around 

the pipe surface was increased in the same manner as 

concrete providing the thin film protection for re-bar. 

Tunnel’s sectional modulus was also significantly 

increased.     

Figure 16. Pipe transportation inside tunnel. 

Figure 17. Grouting of infilling mortar. 

Mortar grouting was controlled by pressure in 

conjunction with volume measurement in order to 

ensure that the annulus was filled completely. Grouting 

material was specially mixed so that it could maintain 

adequate workability at placing after being transported 

inside tunnel and re-mixed by re-mixer car (see figure 

18).  

Figure 18. Set of equipment for infilling mortar. 

The mortar was designed to have slump flow more 

than 60 cm. in diameter and target strength of 200 ksc. 

The typical proportions of infilling mortar are as 

shown in Table 2.    

Table 2. Typical infilling mortar proportion (kg/m
3
) 

Material Weight (kg) 

Cement 

PFA (Fly Ash) 

Water 

Sand 

Admixture 

275 

275 

295 

1460 

45 (cc) 

MS Tubes (pipes) were connected through electrical 

welding. The welded joints were tested by dyke 

Penetrant test.  After welding, joints needed to be 

repaired and O\QC checked to ensure that same quality 

as shop fabrication could be achieved. Tests, including; 

Holliday detection test (2,000 v), Dolly Test (Epoxy 

lining’s adhesion test) and Dry Film Thickness Test 

(not less than 406 microns), were performed. Details 

are as shown in Figure 19.   
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Figure 19. On-site testing of MS tube’s internal lining. 

After passing pressure and disinfection tests by 

MWA’s Water Quality Control Department, the 

rehabilitated tunnel was ready to transmit water. 

Tunnel repaired and inserted by MS tube is as shown 

in figure 20. 

         
          

 

 

 

 

 

 

 

 

 

 

 

 
Figure 20. Tunnel ready to be used. 

The average rate of pipes insertion, installation and 

infill mortar grouting was 10.77 m./day for section 1 

and 3, 13.56 m./day for section 2 and 11.80 m./day for 

section 4.  The rate of work of section 1 and 3 seemed 

to be comparatively lower than those of the other two 

sections because the works started first. At the outset, 

the contractor encountered the problems in various 

aspects, including; suitability of pipe carriage, grouting 

equipment, suitability and size of steel made for rails, 

maintenance of rails and locomotives and, of most 

significance, the skills of workers and labors. Having 

experienced the learning curve of methodology, the 

rate was found to increase when undergoing works of 

section 2 and 4.  

 

 

2.3 Challenges and Findings : Rehabilitation 
nearby MRT’s Tunnels   

The Effect of Rehabilitation Works to MRT Tunnels 
in adjacent area was taken into consideration very 
seriously. Prior to commencement of rehabilitation 
project, MWA needed to prove that its working con-
ditions met the specified safety provision and toler-
ance of MRT. This is in accordance with MRT’s 
Act, that required other agencies to get permission to 
work in the MRT’s safety zone. Figure 21 shows 
that there are two MRT tunnels constructed on top 
and bottom of previously built MWA tunnel. At the 
time of construction of MRT project, ground im-
provement had extensively been carried out around 
MWA tunnel to mitigate the adverse effect from 
TBM’s driving. This time, there was a need to take 
water out of the MWA tunnel, so proper preventive 
measures were required to mitigate risk that might 
arise to MRT tunnels instead.  

Place the cursor on the T of Title at the top of 
your newly named file an 
 
 
 
       
 
 
 
 

 
 
 
 
 

 
 
 
 
 

Figure 21. Layout of MRT and MWA tunnels.  
 

The Consultant (Asdecon and GFE), as a design-
er, had performed extensive study using Finite Ele-
ment Method (FEM) and found that, reducing pres-
sure inside MWA tunnel by draining water out such 
tunnel did not significantly affect the soil around and 
nearby both MWA and MRT’s tunnels (figure 22). 
The deformation and movement of MRT’s Tunnels 
was considerably small in such a way that it did not         
affect the serviceability of MRT’s Tunnels. It was 
found that the differential principle stress and differ-
ential radial deformation were in acceptable limit 
(less than 25 kPa and less than 3 mm.). A series of 
instrumentation was requested to install to continual-
ly monitor the ground movement both before and af-
ter working. Trigger levels were set so that immedi-
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ate actions could be    taken appropriately to tackle 
with problems that might arise. 

 
 
             

 
 

 
 
 
 
 

Figure 22. FEM model and analysis to study effect of MWA 

tunnel when releasing pressure to MRT tunnels. 

3 CONCLUSIONS 

Conclusions from the experience from this tunnel 
rehabilitation project can be drawn as follows;    

1. Employing steel lining as secondary tunnel 
lining is considerably and acceptably optimised 
technique for the construction and rehabilitation of 
large-scale water tunnel.  

2. Voids around tunnel at leakage points are 
likely the area which are soft and have higher mois-
ture content. They are likely the small voids con-
nected to one another rather than large single voids.  

3. Taking into account of durability, primary 
lining of tunnel which was made of RC, in overall, 
was in acceptably good condition without severe 
damage, except where there were small cracks.   

4. Geophysical method was effective way to         
indicate the area where are likely to have high     
moisture content. It can’t be employed to              
specifically locate the exact position of voids, but 
extended measures  might be needed, such as boring.  

5. This tunnel rehabilitation project, when fin-
ished, could significantly reduce the volume of wa-
ter leakage and considerably increase the stability of 
water transmission system enabling MWA to man-
age the water supply to cover all service area with 
higher efficiency and effectiveness. This would 

make MWA to be in agreement with the ministry of 
interior’s policy as well as to accomplish its mission 
which is to provide “Quality Water for Quality 
Life”.  
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1 INTRODUCTION 

Currently, various kinds of nondestructive testing 
methods are widely used in geotechnical investiga-
tions and detections, including rebound method, 
Ground Penetrating Radar, impact-echo method, ul-
trasonic wave method and so on.  However, there 
are some defects and limits for each method in the 
practical engineering applications. Rebound method 
uses the qualities in the surface of concrete to realize 
estimation so that the detection results are not very 
precise. Ground Penetrating Radar cannot provide a 
result related with the concrete strength. Additional-
ly, the radar signals may be shielded by the rein-
forcement which makes the reflection image behind 
the reinforcement very difficult to be received, espe-
cially in the case of high density of reinforcement. 
Impact-echo method has low resolution in the depth, 
and the results are greatly influenced by the distribu-
tions of reinforcements and water content. Ultrason-
ic wave method cannot be applied to the under-
ground geotechnical engineering. Moreover, all of 
the existing nondestructive testing methods show 
much limitation in the cases, such as detection of the 
hollows and defects behind the tunnel lining, survey 
of weak layers in the highway sub grade, and eval-
uation of grouting or sand filling effect in the im-
mersed tube tunnel. Therefore, a fast and effective 
detection and evaluation method is in great demand 
in the practical geotechnical engineering.  

In 1885, Rayleigh first theoretically proved the 
existence of Rayleigh wave and reveals Rayleigh 
wave is a kind of elastic wave which propagation 
along the surface of the medium. And then the dis-
persion characteristics of Rayleigh wave were found, 
the researches to probe the internal structure of the 
earth using Rayleigh wave in the natural seismic 
records were started. In 1999, multi-channel analysis 
of surface waves (MASW) was proposed by Park et 
al. (1999) which overcomes the problem in SASW 
method such as the effective wave is difficult to sep-
arate from the interference wave and the calculation 
accuracy of dispersion curve was low. After 2000, 
MASW technique has been great development in Ja-
pan, based on separate analysis of common source 
point data, and a joint analysis of multi-point data is 
developed. Currently SASW (spectrum analysis of 
surface waves) and MASW have been widely used 
in geotechnical engineering. Velocity of material has 
a good correlation with its dry density, compressive 
strength of the material. Therefore, it has great sig-
nificance for using it to detect the mechanical prop-
erties of concrete material and defects.  

This paper presents a method of evaluation of 
grouting effect by inversion of Rayleigh wave prop-
agation. Due to this idea, we established a finite el-
ement model with defects, through processing steps 
including data collection, dispersion analysis and da-
ta inversion, we get a clear velocity distribution of 
model, so it is possible to detect underground struc-

Application of Rayleigh Wave Exploration in Evaluation of Grouting 
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tures by using this method. Based on numerical 
analysis results, we set detection system on site of 
Tianjin immersed tube tunnel. Through analysis of 
the data collected, we got the velocity distribution of 
structure before and after grouting, and then the ef-
fect of grouting is analyzed by comparison of speed 
distribution structure. 

2 HIGH DENSITY RAYLEIGH WAVE 
EXPLORATION 

2.1 Date acquisition  

As shown in Figure 1, firstly a series of elastic wave 
detectors are set in a straight line with a certain in-
terval. Then a vibration source in the extension line 
of surveying line is excited by artificial method, and 
record the received vibration. Data acquisition sys-
tem includes detectors, vibration source and record-
er. Digital seismograph with 12-24 channel (Ch) and 
24-bit analog-digital conversion is used as recorder. 
Servo type vertical velocity detectors with 4-100 Hz 
natural frequency are used. The offset should be 
greater than or equal to the exploration depth, and 
the interval of the detectors is 0.5-2 m. For coupling 
with the ground, each detector is fixed on a 10 cm×
10 cm concrete pier which is connected with the 
ground by three screws as shown in Figure 1. 
 

 
Figure 1. Data Acquisition system. 

2.2 Data Analysis 

2.2.1 Dispersion analysis 
Dispersion analysis is also the shear wave velocity 
analysis which is one of the key steps in Rayleigh 
wave survey. The precision of the dispersion curve 
is directly related to the reliability of nondestructive 
testing results. The so-called dispersion refers to the 
different propagation velocity of the Rayleigh wave 
signals with different frequencies, and the dispersion 
curves are corresponding relationship between fre-
quency and propagation velocity. Velocity spectrum 
analysis method is used as the shear wave velocity 
analysis algorithm which is similar to velocity anal-
ysis of reflection method using in seismic data pro-
cessing. The velocity analysis is used by speed scan-

ning to the signal of each frequency component to 
get an optimum speed, and then we obtain the shear 
wave velocity curves of Rayleigh wave. 

2.2.2 Inversion analysis 
Inversion analysis is also known as medium struc-
ture analysis. We can assume the medium as a paral-
lel layered model, and then calculate the theoretical 
dispersion curve of the model. Comparing the theo-
retical dispersion curve and the measured dispersion 
curve and modify the medium model according to a 
certain algorithm. Repeating the process until the 
difference between the theoretical frequency curve 
of the model and the measured frequency dispersion 
curve is small enough. The commonly methods to 
inversion include the least square method and genet-
ic algorithm (ga). The model at this moment is con-
sidered the medium situation of the survey point. 

3 NUMERICAL SIMULATION OF RAYLEIGH 
WAVE EXPLORATION IN GEOTECHNICAL 
MEDIUM WITH DEFECTS 

3.1 Numerical model and parameters 

A 2D FEM model with a mortar hole is established 
according to Tianjin Haihe Immersed Tube Tunnel, 
as shown in Figure 2. The model is 6.08 m height 
and 16.0 m width, and the smallest element mesh is 
0.08 m×0.08 m. There are 24830 elements in this 
model. Soil and concrete structure are simulated 
with 4 node plane strain element, and the boundary 
condition is infinite element boundary. The material 
parameters of the model are shown in Table 1 where 
density is ρ, elastic modulus is E, Poisson ratio is µ, 
and shear velocity is vs. 

The input load is shown in Figure 3 which fre-
quency band is 100-5000Hz. And as shown in Fig-
ure 4, the program is about the distribution of input 
and output. And each output for one excitation is 12 
nodes related with 12 detectors. The every moving 
of survey line is 0.5 m. After 33 times of calculation, 
the Rayleigh wave exploration of the model line is 
simulated. 

 

 

Figure 2. Two-dimensional FEM Model (mm). 
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Figure 3. Time-history of vibration source. 

 

 
 
Figure 4. The position schematic diagram of input and output . 

 
Table 1. parameters of the model. 
material ρ /(kg/m3) E /GPa µ vs/(m/s) 
① 2400 30 0.2 2282 
② 7800 200 0.2 3269 
③ 1600 3 0.3 849 
④ 2300 3 0.3 708 
⑤ 1800 1 0.35 454 
⑥ 1050 0.01 0.45 57 

3.2 Numerical results 

By dispersion analysis, the dispersion curve when 
the input position is x=0 m is obtained, as shown in 
Figure 5. The background in the diagram represents 
the energy of velocity spectrum which the deep col-
or shows big energy and the light color shows small 
energy. The dark spots are maximum value of ener-
gy group. The velocity which the maximum value of 
energy group at each frequency point correspond is 
shear wave velocity of this frequency. It is shown 
that the dispersion curve is smooth and clear with 
frequency band of 0-4000 Hz and velocity band of 
500-3500 m/s. 
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Figure 5. Dispersion curve at the input position x = 0m. 

Based on the dispersion curve, the velocity struc-
ture of the model can be obtained by inversion anal-
ysis which is shown in Figure 6. Compared with the 
model (Figure 2), the structure from inversion result 

can be partitioned to three parts. The surface layer is 
concrete and the bottom layer is silt, and mortar and 
spall in the middle layer. The depth of concrete layer 
is 0 ~ 1.5m which is unanimously with the assuming 
model. At the same time, the inversion velocity of 
transverse wave is 2000~2500m/s which is con-
sistent with the transverse wave velocity theoretical 
value of concrete, about 2280 m/s. It is hard to dis-
tinguish the spall layer and silt layer because the 
transverse wave velocity of spall layer and silt layer 
is similar which is about 750~1300 m/s based on the 
inversion analysis result. In fact, the transverse wave 
velocity theoretical value of spall layer and silt layer 
is about 700 m/s and 460 m/s which are smaller than 
the inversion results. The high velocity region about 
2500-2750 m/s in the middle layer can be considered 
to be caused by strong reflection of the detect part 
below. This region is 0.3m wide and 4m long which 
is almost the same as the defect region of the model.  
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Figure 6. The velocity distribution of the lower part of the 
model by inversion analysis 

4 APPLICATION OF RAYLEIGH WAVE 
EXPLORATION IN GROUTING DETECTION 
OF IMMERSED TUBE TUNNEL 

4.1 Introduction of Tianjin Haihe Immersed Tube 
Tunnel 

Haihe immersed tube tunnel locates at the center av-
enue of Tianjin city, which is the first tunnel using 
immersed construction in the north region of Yang-
tze River. The tube is a reinforced concrete structure 
with three boxes; the height, width and length are 
9.8, 36.6 and 85.0 m, respectively. The strength 
grade of concrete is C40 (Strength grade of con-
crete) and anti-permeability level is S10 (Impermea-
bility grade). The cross-sectional size of the tube is 
36.6 m×9.65 m, the thickness of tube floor is 1.4 m 
and the one of tube roof is 1.35 m. After floating and 
sinking, the basement is backfilled and leveled with 
0.6 m thick spalls, and grouted with the mixture of 
bentonite and mortar. Figure 7 is schematic diagram 
of the tunnel section. Rayleigh wave exploration is 
used as a detection method to evaluate the grouting 
effects. 
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Figure 7. Schematic diagram of the tunnel section. 

4.2 Field Tests and Data Acquisition 

Digital seismograph (Geode) with 12-channel (Ch) 
and 24-bit analog-digital conversion is used as re-
corder. Servo type vertical velocity detectors with 
100 Hz natural frequency are used.  

The excitation is artificial hammering by a 1.5 
pound small ball hammer. The detectors are set as 
0.5 m spacing and twelve detectors are used, while 
the distance from the first channel to the 12th chan-
nel is 5.5 m, as shown in Figure 8. The sampling 
time is 62.5µs and the duration is 256 ms. An initial 
offset imaging profile of received wave is lined by 
coordinates of the detectors, as shown in Figure 9. 

 

 
 

Figure 8. Data collection in site. 
 

 
 

Figure 9. Initial offset imaging profile of received wave. 

4.3 Data analysis and evaluation of grouting effect 

Figure 10 shows the shear wave velocity structure of 
before and after grouting which is obtained by inver-
sion analysis through Rayleigh wave exploration. 
The result before grouting shows that the average 
velocity is 2500m/s in the depth 0-1.4m, 1600m/s in 
the depth 1.4-2.0m, 1300m/s in the depth 2.0-2.7m 
and 1100m/s in the depth 2.7-4.0m. After grouting, 
the result shows that the average velocity is 2500m/s 
in the depth 0-1.5m, 2100m/s in the depth 1.5m-
2.2m, 1700m/s in the depth 2.2-3.0m and 1200m/s in 

the depth 3.0-4.0m. The velocity increased signifi-
cantly from 1600 to 2100m/s in the depth 1.4-2.2m. 
So we consider that it is gap at the depth 1.4-2.2m 
before grouting and it is mortar after grouting.  

 
Before grouting 

 

 
After grouting 

 
Figure 10. the shear wave velocity distribution of the Rayleigh 
wave survey line before and after grouting. 

5 CONCLUSIONS 

(1) We use the two-dimensional finite element 
model with defect to simulate the process of Ray-
leigh wave exploration, and then analysis the data 
and inverse the result. It can be found that the situa-
tion of defect can be evaluated by contrasting the 
calculation model and the inversion result through 
the Rayleigh wave exploration method. So Rayleigh 
wave exploration method can be considered as a ef-
fective method to detect this type of defect. 

(2) Rayleigh wave method is used before and af-
ter grouting in Tianjin Haihe Immersed Tube Tun-
nel. Velocity of profiles can be obtained through in-
version analysis the data. Based on comparison 
results of the velocity profile, it can be considered 
that the velocity variation of the second layer is the 
grouting area obviously. 
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ABSTRACT: This study presents a field investigation on the developing of earth pressure acting on the crown 
of shallowly buried HDPE pipe during its construction. For comparison, the earth pressures on the top of the 
HDPE pipe with different heights of the backfill are theoretically calculated based on the Marston theory. It is 
found that the calculated values are 3 to 28% higher than the measured ones. A series of finite element 
analyses are conducted to quantify the earth pressures on the crown of HDPE pipes with different inner 
diameters. Based on the finite element analyses, an empirical equation is proposed to predict the earth 
pressure acting on the crown of the HDPE pipe.  
 
 
 
1 INTRODUTION 

Due to excellent processing properties and low 
temperature toughness, HDPE pipes have been 
widely generalized in the worldwide scale. 
Compared with the solid-wall HDPE pipe, the 
profiled wall pipe with the same ring stiffness is 
beneficial to save raw materials and reduce costs, 
which has been gradually become the major stream 
pipe in the drainage engineering (Jiang 2006; Yang 
2006; Wu 2007). Meanwhile, the ruptures of 
drainage HDPE pipes occur frequently. The previous 
study showed that the construction phase has a great 
impact on the performance of buried flexible pipes, 
and the deflection of the pipe caused by the 
construction can reach the same as that induced by 
the traffic loads (Arockiasamy 2006). Therefore, it is 
significant to predict the earth pressure acting on the 
HDPE pipe during its construction.  

Moser and Folkman (1990) showed that the ring 
deflection of a flexible pipe relieves the major 
portion of the vertical soil load which is picked up 
by the surrounding soil in an arching action over the 
pipe. It means that the soil arching effect existing in 
the backfill has an important influence on the earth 
pressure acting on the flexible pipe (e.g. HDPE pipe). 
However, In PRC National Standards (GB 
50332-2002; CECS 164:2004), the earth pressure 
acting on the top of the HDPE pipe is calculated by 
soil prism theory (i.e. γh), which even has not 
considered the soil arching effect. 

In 1913, Marston proposed the classic Marston 
load theory to calculate earth loads acting on the top 
of flexible pipes by considering the soil arching 
effect existing in the backfill over the pipe. At 
present, many different calculation methods of the 
earth pressure acting on the top of buried pipes 
(Spangler 1948; Zeng 1960; Matyas and Davis 1983; 
Lou, et al. 2003; Li and Zhang 2008) have been 
proposed. However, the Marston load theory has too 
many empirical or semi-empirical parameters and 
hypotheses, which have resulted in difficulty of its 
application in practice. Moreover, most of the above 
else calculation methods are derived from researches 
on rigid buried pipes such as concrete pipes, and 
have not considered the effect induced by 
construction. In order to predict the earth pressure 
acting on buried flexible pipes affected by the 
construction, it is necessary to carry out the research 
on the buried flexible pipe during the construction.  

The purposes of this study are to (1) conduct a 
field test for measuring earth pressure acting on the 
crown of the buried HDPE pipe during the 
construction; (2) carry out finite element analyses of 
field test data, and then compare to the results 
calculated by the Marston theory; and (3) propose an 
empirical equation for predicting earth pressure 
acting on the crown of the HDPE pipe, based on a 
series of numerical analyses.  
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2 TESTING MATERIALS AND METHODS 

2.1 Testing materials 

The double-wall corrugated HDPE pipe with the 
inner diameter of 600 mm and the length of 3 m was 
used in the field test, and specific parameters of the 
pipe are shown in Table 1.  
Table 1. Parameters of the HDPE pipe.  

Outer wall 
thickness 

(mm) 

Inner wall 
thickness 

(mm) 

Corrugation 
depth 
(cm) 

Corrugation 
length 
(cm) 

Ring 
stiffness* 

(kPa) 

2.2 1.2 4.5 9 4 
*ring stiffness = EI/Do

3 in PRC National Standard, where E = 
modulus of elasticity of the pipe material (kPa), I = moment of 
inertia of the pipe (mm3), Do = mean diameter of the pipe, 
(outside +inside)/2 (mm). 
 

The type of earth pressure cell is vibrating wire, 
and its measurement range varies from 0 to 0.5 MPa. 
The field test data were recorded by dataTaker 
(Australia), and the recording time interval is one 
second. 

The ground soil type of Xinzhuang Bridge in 
Yixing is low liquid limit clay, the thickness of 
which is 0~2.5 m, and physical properties of the soil 
are shown in Table 2. The grain size distribution 
curve of the sand used as the bedding and base of the 
pipe is shown in Figure 1, which indicates that the 
sand is well-graded. 
 
Table 2. Properties of ground soil. 

Water 
content 

(%) 

Liquid 
limit  
(%) 

Plastic 
limit 
(%) 

Density 
(g·cm-3) 

Void 
ratio 

Maximum dry 
density* 
(g·cm-3) 

18 38 17 2.02 0.59 1.8 

*  Maximum dry density is tested by the proctor compaction 
test. 
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Figure 1. The grain size distribution curve of the sand.  

2.2 Testing methods 

2.2.1 Field test 
The trench with dimensions 2 m×3 m in plan and 2.6 
m in height was excavated in the field. Before 
embedding the HDPE pipe, 100 mm thickness of the 
sand tamped to the compaction of 90% by hand 
tamping had to be filled as the bedding of the pipe. 

After earth pressure cells and the dataTaker are 
connected, 150 mm thickness of the sand tamped to 
the compaction of 95% by hand tamping was 
immediately backfilled beside the pipe to form a 
base support to the pipe. Then the clayey soil 
excavated from the trench was backfilled up to the 
height of 0.5 m over the top of the pipe and tamped 
by hand tamping every 10~20 cm height of 
successive backfill. After that, the clayey soil was 
backfilled up to the designed filling height and 
tamped by mechanical tamping every 10~20 cm 
height of successive backfill. Specific compaction 
degree in different region of the backfill in the field 
test is shown in the Figure 2, which is required by 
the PRC National Standards.  

90% 85%

95%

90%

95%95%

120º

Ground surface

90%

95%

Clayey soil

 sand

Backfill profile

0.4 m

0.5 m

0.45 m

0.1 m
0.15 m

Thickness

Clayey soil

 

* Content of fine-grained soil is less than 12% 
 
Figure 2. The distribution of compaction degree of the backfill 
around the buried pipe. 

2.2.2 Numerical simulation 
The Plaxis-V8.5 software is used to conduct the 

finite element analyses. Analyses of the earth 
pressure acting on the pipe crown are carried out 
using a 2-D plane strain finite element model taking 
into account the interaction of the pipe and backfill. 
Fifteen nodes triangular 2-D plane strain element is 
used to model the backfill, for which Mohr- 
Coulomb constitutive model is adopted. 2-D beam 
element is used to model the pipe wall. The 
compatibility and equilibrium condition at the 
interface between the backfill and pipe are idealized 
in the numerical model, and the strength coefficient 
of the interface is set to 0.7.  

In this study, fixed horizontal displacement 
conditions are set for both the left- and right- 
boundaries; the upper boundary is imposed by the 
ground surface and modeled as free displacement 
condition; the bottom boundary is imposed by the 
bedrock and modeled as restrained horizontal and 
vertical displacements. The interface units between 
the backfill and its surrounding soils are set to 
simulate the vertical interface friction.   

Series of numerical simulation models were 
established to analysis the earth pressure acting on 
the crown of HDPE pipes with different inner 
diameters, the cases of which are shown in Table 5. 
For instance, the numerical model for the 
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double-wall corrugated HDPE pipe with the inner 
diameter of 600 mm is shown in Figure 3. According 
to the compaction degree and physical properties of 
the backfill, parameters of the numerical model are 
shown in Table 6.  

The numerical model established by Plaxis 2D 
has to be inputted values of tensile stiffness (EA) and 
bending stiffness (EI) to reflect deformation 
characteristics of the pipe. In order to calculate 
tensile and bending stiffness, the double-wall 
corrugated HDPE pipe needs to be converted to a 
solid-wall pipe based on the equivalent ring stiffness. 
By converting, tensile and bending stiffness of the 
solid-wall HDPE pipe is respectively 19200 kN/m 
and 0.922 kNm2/m, and the wall thickness is 24 mm. 
The thickness of the plate unit in the numerical 
model can not be displayed; therefore, the diameter 
of the pipe in the model is set to the outside diameter 
which is 648 mm to simulate the range of the 
pipe-soil interaction. 

Table 3. Cases in numerical simulations. 

Case 
number 

Inner 
diameter 

(mm) 

Trench 
width 
(m) 

Height of 
soil from 

pipe crown 
(m) 

Ring 
stiffness 

(kPa) 

1 225 2 1.9 4 

2 300 2 1.9 4 

3 400 2 1.9 4 

4 600 2 1.9 4 

5 800 2 1.9 4 

6 1200 2 1.9 4 

1.9 m

0.648 m

0.1 m

2 m

1

2

3

5

4

6

Figure 3. Finite element analysis model (the legends of 1 to 6 
represent the model materials presented in Table 6). 

Table 4. Parameters used in the FEM analyses. 

Model 
material 

Unit 
weight 

(kN/m3) 

Young’s 
modulus 
(MPa) 

Angle of 
internal 
friction 

(°) 

Cohesion 
(kPa) 

Poisson’s 
ratio 

1* 16.9 25 31 0.2 0.25 

2* 16.9 30 35 0.2 0.25 

3** 20.2 7 22 15 0.3 

4** 20 5 21 12 0.3 

5** 19.5 3 20 10 0.3 

6** 20.2 7 22 15 0.3 

HDPE 
pipe 

9.5 800 — — 0.4 

* Sand; **Clayey soil excavated from the trench

3 RESULTS AND DISCUSSION 

3.1 The earth pressure measured in the field test 

Change of the earth pressure measured in the field 
test against the filling height is shown in the Figure 4. 
As seen that the earth pressure acting on the 
springline of the pipe is larger than the earth pressure 
acting on the pipe crown, which is mainly induced 
by two reasons. First, due to the overburden pressure, 
the extrusion between the springline of the pipe and 
the backfill beside the pipe occurs, which leads to 
the increase of the earth pressure acting on the 
springline of the pipe, but also forms the pipe-soil 
interaction system to enhance the soil-load-carrying 
capacity of the pipe. Second, under the overburden 
pressure, the HDPE pipe generates compressive 
vertical deflection relative to the backfill beside the 
pipe, which induces the positive soil arching effect 
resulting that a portion of earth pressure acting on 
the pipe crown is transferred to the backfill beside 
the pipe. 
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Figure 4. Change of the earth pressure against the depth of the 
backfill from the pipe invert. 

3.2 The earth pressure calculated by the Marston 
theory 

Marston theory was proposed in 1913 to calculate 
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earth loads acting on the top of buried pipes, which 
is still widely used in many countries nowadays. The 
formula of Marston theory for the flexible pipe is 
expressed by: 

c d c dW C B Bγ=   (1) 

where Wc = earth load acting on the top of the 
flexible pipe (kN/m); Cd = coefficient determined by 
looking up the semi-empirical table; γ = unit weight 
of the backfill over the pipe (kN/m3); Bc = outside 
diameter of the pipe (m); Bd = trench width (m). 

Since an earth pressure cell was just placed on the 
pipe crown in the field test, the data of which can not 
reflect the total earth pressure acting on the top of 
the pipe (i.e. Wc). However, the Marston theory 
assumes the distribution of the earth pressure acting 
on the top of the pipe is uniform; therefore, the 
calculated value of the Marston theory is divided by 
the outside diameter of the pipe to translate into the 
uniform load, which is able to be compared with the 
earth pressure measured in the field test. 

Comparisons of the earth pressures acting on the 
pipe crown measured in the field test to those 
calculated by the Marston theory are shown in 
Figure 5. As seen that earth pressures acting on the 
pipe crown calculated by the Marston theory are 
3~28% larger than those measured in the field test. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 5. Comparisons of earth pressures acting on the pipe 
crown between those measured in the field test and calculated 
by the Marston theory.  

3.3 The results of numerical analyses 

Comparisons of the earth pressures computed by the 
numerical model of the HDPE pipe with the inner 
diameter of 600 mm to the data measured in the field 
test are shown in Figure 6. As seen that the error of 
the results computed by the numerical model is low 
and acceptable, which indicates that the 
two-dimensional numerical model established in this 
paper can effectively reflect the earth pressures 
acting on the crown of the HDPE pipe in the field 
test. 
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Figure 6. Comparisons of the earth pressures computed by the 
numerical model to those measured in the field test.  
 

Comparisons of the earth pressures acting on the 
crown of the pipes with different inner diameters 
computed by the numerical models to those 
calculated by the Marston theory are shown in 
Figure 7. As seen that, first, with the inner diameter 
of the pipe increased, the earth pressures computed 
by the numerical models increase, whereas the earth 
pressures calculated by the Marston theory are 
constant, which indicates that the Marston theory do 
not consider the effect induced by the variation of 
the inner diameter of the pipe; second, the earth 
pressures acting on the crown of the HDPE pipe 
calculated by the Marston theory are 3%~44% larger 
than the earth pressures computed by the numerical 
simulations. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 7. Comparisons of earth pressures acting on the crown 
of the pipes with different inner diameters between those 
computed by the numerical models and calculated by Marston 
theory. 

4 PROPOSED EMPIRICAL EQUATION 

The formula for the earth pressure acting on the pipe 
crown can be given by 

P k hγ=  (2) 

where P = earth pressure acting on the pipe crown; k 
= soil arching coefficient, which is defined by the 
ratio of the earth pressure acting on the pipe crown 
to the geostatic stress of the backfill over the pipe 
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(i.e. γh); γ = weighted average unit weight of the 
backfill over the pipe; and h = the height of the 
backfill above the top of the pipe. 

Figure 8 plots change of the soil arching 
coefficient at the crown of the HDPE pipes with 
different inner diameters against the filling height. 
As seen that with the filling height increased, the soil 
arching coefficient is gradually decreasing until to a 
constant value, the relationship of which can be 
fitted in logarithmic curve, 

k A h B= − +㏑   (3) 

where k = soil arching coefficient; A and B = 
constant; and h = height of fill above the top of the 
pipe. 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 8. Variations in soil arch coefficients with the depth of 
the backfill from the pipe crown. 
 

According to results computed by the numerical 
models, the relationship between the values of A, B 
and the inner diameter of the HDPE pipe can be 
fitted in linear, as shown in Figure 9. 

 
0.07 0.14A d= − +  (4) 

0.1 0.8B d= +  (5) 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 9. The relationship between A, B and the inner diameter 
of the pipe. 
 

By introducing equation (3), (4) and (5) into 
equation (2), the following relationship for 
calculating the earth pressure acting on the crown of 
the pipe with the ring stiffness of 4 kPa can be 
obtained, 

( )7 2 10 8 /10) ] 0[ (P d h d hγ= − + +㏑  (6) 

Where P = earth pressure acting on the pipe crown 
(kPa); d = inner diameter of the pipe (m); γ = 
weighted average unit weight of the backfill over the 
pipe (kN/m3); and h = the height of the backfill from 
the top of the pipe (m). 

5 CONCLUTIONS AND PROSPECTS 

(1) The earth pressures acting on the pipe crown 
calculated by the Marson theory was 3 to 28% larger 
than the earth pressures measured in the field test.  

(2) An empirical equation, based on series of 
numerical modeling, was proposed for predicting the 
earth pressure acting on the crown of buried HDPE 
pipes with the ring stiffness of 4 kPa, and it was 
expressed by P = [7(d – 2) lnh + 10(d + 8)] γh /100. 

(3) A further study is recommended for validating 
the proposed equation with various ring stiffness.   
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1 INTRODUCTION 

The underground excavation becomes an attractive 
method for urban development in dense population 
areas. To minimize the surface impacts during con-
struction, tunneling is usually adopted for the con-
struction of infrastructures and accommodations for 
future needs. One of the most popular tunneling 
methods for tunnel construction in soft soil is shield 
tunneling. The volume loss caused by shield tunnel-
ing will induce ground deformation that can affect to 
the existing buildings. The main aspect of the tunnel 
excavation is then the quantitative and accurate pre-
diction of the movements of soil and existing struc-
tures. 

Many researchers proposed the empirical and 
analytical methods for estimating the ground defor-
mations due to tunneling. However, these methods 
cannot consider all key factors such as complex soil 
stress-strain behavior, construction details and geo-
logical conditions (Wang et al. 2003). Those results 
cannot give the satisfactory subsurface deformation 
and stress distribution. Recently, numerical analysis 
using finite element method (FEM) is popularly used 
for simulating the behavior of geotechnical works 
because it can include as many factors as possible. 
There are many factors influencing on the soil 
movements due to shield tunneling, including shield 
face pressure, tail void grouting, initial horizontal 
ground stress, soil layering, drawdown ground water 
pressure, and gap over shield body. All factors can 
be takeen into account in three dimensional finite el-
ement( 3D-FEM) model. However, the extension to 
3D analyses is still limited due to the requirements 

on numerical experts, reliable FEM program, long 
computational time and high capacity computer 
(Gioda and Swoboda, 1999).  For preliminary design 
or feasibility study phase, the two dimensional FEM 
is widely used to predict the ground deformation and 
stress distribution. In addition, the accurate results 
depend on many factors. Among those, constitutive 
soil model is an essential prerequisite for simulation 
of the deformation. 

In Bangkok city, Earth Pressure Balance (EPB) 
shield tunneling have been used for the constructions 
of high voltage underground cable tunnels, main wa-
ter supply tunnels, flood diversion tunnels and Mass 
Rapid Transit (MRT) subway tunnels.  In 1996, the 
first subway tunnel was constructed for Bangkok 
Mass Rapid Transit Authority (MRTA) project. 
Most of 20 km tunnels were excavated with EPB 
shield through Bangkok stiff clay layer. During the 
MRT tunnel excavation, the observation and data 
collection were extensively conducted (Suwansawat, 
2002). Teparaksa (2005) simulated a MRT subway 
tunnel bored by means of EPB shield tunneling in 
Bangkok subsoil. The author presented the ground 
movement behavior, which were simulated by two 
dimensional FEM with the Mohr-Coulomb soil 
model. With the back analysis technique by varying 
the Young’s modulus (E), the simulated results can 
be close to the measured data. Therefore, the values 
of suitable E for tunneling simulation in Bangkok 
soils are suggested. However, it is noticeable that the 
settlement troughs are shallower and wider than 
those observed in the field as the same as reported 
by Hejazi et al. (2008). Moreover, the E values rec-
ommended from this study become different from 

Impact of Constitutive model on the Numerical Analysis of Tunneling in 
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those previously suggested by Bergado et al. (1994) 
for embankment works. 

In this paper, three constitutive soil models with 
enhancing levels of complexity are adopted to simu-
late the shield tunneling by mean of two dimensional 
numerical analysis. All of three models have been 
calibrated on the basis of high quality laboratory ex-
periments on Bangkok clay (Hassan, 1976 ; Uchai-
pichat, 1998). The main objective of the numerical 
investigations is to show the impact of selecting a 
constitutive soil model for the prediction of soil dis-
placement. 

2 CONSTITUTIVE MODEL 

2.1 Mohr-Coulomb model 

The commonly used constitutive model in current 
practice namely Mohr-Coulomb model (MC) is the 
first model considered in this study. It is a linear-
elastic perfectly plastic model, which requires five 
parameters; E (Young's modulus), ν  (Poisson's ra-
tio), c  (cohesion),φ  (friction angle) and ψ  (dilatan-
cy angle). Since it was a well-known model, the de-
tails will not be described herein. 

2.2 Hardening Soil Model with Small Strain 

The Hardening Soil Model with Small Strain (HSS) 
constitutes a modification of the Hardening Soil 
model which was derived from the hyperbolic model 
of Duncan and Chang (1970). All basic features of 
the Hardening Soil model were therefore included in 
the HSS model (Benz, 2006). In addition to the 
Hardening Soil model, the HSS model incorporates 
a formulation of small-strain stiffness. Many re-
searchers had studied the behavior of soils using 
high precision triaxial tests. They obtained a reversi-
ble behavior and high stiffness for strain less than 
10-5 and showed that the shear modulus was constant 
under very small-strain (strain between 10-6 and 10-
5). This behavior was described in the HSS model 
using an additional strain-history parameter and two 
additional material parameters, i.e., 0G and 0.7γ . The 
details of the model formulation can be found in 
Benz (2006) 

2.3 Hypoplastic Model for Clays 

The hypoplastic model for clays (HC) was proposed 
by Masin (2005). The model was developed on the 
basis of generalized hypoplasticity principles, which 
are combined with traditional critical state soil me-
chanics. The model requires five constitutive param-
eters, which correspond to the parameters of Modi-
fied Cam-clay model. They are simply calibrated on 
the basis of standard laboratory experiments. The 
model enhanced the intergranular strain concept, 
which allows reproducing the behavior at very small 
strains. The main equation has the following form:  

:
o

s s dT f L D f f N D= +  (1) 

3 BANGKOK SUBSOIL CONDITION AND 
MODEL PARAMETERS 

Bangkok is situated at the delta of the rivers in the 
Chao Phraya Plain. These consist of a board deep 
basin which deposits form alternate layers of gravel, 
sand, and clay. The general subsoil condition con-
sists of made ground and weathered clay with a 
thickness of 0.0-2.0 m over a 13-14 m thick soft clay 
layer. The 12 m thick first stiff clay layer is encoun-
tered below the soft clay layer at the depth of 27.0 
m.  Beneath the first stiff clay layer is the 8.0 m 
thick first dense sand layer and the 6.0 m thick se-
cond stiff clay layer at the depths of 35.0 m to 41.0 
m respectively. The 19.0 m thick second dense sand 
layer at the depth of 60.0 m is underneath the hard 
clay layer. The piezometric pressure in Bangkok aq-
uifer is reduced in the first sand layers from the ef-
fect of excessive extraction of ground water in deep 
aquifers during the past 60 years. The drawdown pi-
ezometric condition and general soil profile as 
shown in Figure 1 The soil properties used in the 
analyses are mainly determined from previous la-
boratory tests (Hassan, 1976; Uchaipichat, 1998).  
Note that the various soil models are applied to the 
only soft and stiff clay layers, whereas, other layers 
are assumed to behave as MC model in order to 
highlight the influence of soft and stiff clay models. 
The model parameter calibration of soft and stiff 
clay are shown in Figures 2-3 and Tables 2-4 tabu-
late the soil parameters of soft and stiff clays for 
MC, HSS and HC model, respectively.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 1. General Bangkok soil profile and Piezometric condi-
tion (after Teparaksa, 2005). 
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Figure 2. Stress-strain curves of soft clay (comparison between 
model predictions and drained test data). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 3. Stress-strain curves of stiff clay (comparison between 
model predictions and drained test data). 
 
Table 1. Parameters of MC model for Bangkok subsoil (Likit-
lersuang et al. 2013). 

Parameter 
[unit] 

Soil type 
Made ground Sand 

Eref [kPa] 8000 53000 
v [-]  0.33 0.33 

c [kPa] 1 1 
φ [deg] 25 27 

 
Table 2. Parameters of MC model for Bangkok soft and stiff 
clay. 

Parameter 
[unit] 

Soil type 
Soft Clay Stiff Clay 

Eref [kPa] 7000 25420 
v [-]  0.33 0.33 

c [kPa] 1 1 
φ [deg] 26 26 

 
Table 3. Parameters of HSS model for Bangkok soft and stiff 
clay. 

Parameter 
[unit] 

Soil type 
Soft Clay Stiff Clay 

ref
oedE [kPa] 7000 25420 
refE50 [kPa] 7000 25420 
ref
urE [kPa] 23280 83900 
refG0 [kPa] 8751 32000 

7.0γ [-]  1x10-4 0.002 
m[-] 1 1 

c [kPa] 1 1 
φ [ deg] 26 26 

 
Table 4. Parameters of HC model for Bangkok soft and stiff 
clay. 

Parameter [unit] 
Soil Type 

Soft Clay Stiff Clay 
N* [-] 1.85 0.999 
λ* [-] 0.17 0.055 
κ* [-] 0.043 0.028 

φc  [deg] 26 26 
r [-] 0.14 1.2 

mR [-] 5.25 5.75 
mT [-] 5.25 5.75 
R [-] 0.0001 0.0001 
βr [-] 0.2 0.2 
χ [-] 6 6 

4 NUMERICAL MODEL 

A 2D plane strain model was performed with the fi-
nite element code, using Plaxis, in order to simulate 
the EPB shield tunneling as shown in Figure 4. All 
analyses were conducted by contraction method 
(Vermeer and Brinkgreve, 1993) to simplified eval-
uating influences of constitutive model.  The exten-
sion of the mesh is 50 m in both left and right sides 
from tunnel centerline and vertically 50 m below the 
ground surface. The movement of both left and right 
sides of the model are fixed in horizontal direction. 
The bottom part of the model is restrained in both 
vertical and horizontal directions. The piezometric 
drawdown condition is applied to all analyses. The 
initial stress ratio (K0) is used to generate the hori-
zontal stresses in each layer. The K0 values equal to 
0.75 for made ground and soft clay, 0.65 for stiff 
clay, and 0.5 for sand. Three MRT tunnel sections 
with different soil profiles and tunnel depths are se-
lected for analyses in this study (i.e., section 23-AR-
001, section 23-G3-007-019, section 26-AR-001), 
the details of soil profile can be seen in Figure 5. 
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Figure 4. Finite element mesh. 

Figure 5. Soil profiles of studied sections (after    Surarak, 
2010). 

5 ANALYSIS RESULTS 

The finite element analyses of MRT tunnel are per-
formed with 2D plane strain analysis. Three section 
of MRT Blue Line Project (North contract) in differ-
ent soil profiles are selected.  
 

 
Figure 6. Surface settlement for different piezometric condi-
tion. 
 

In the first step, the effect of drawdown piezomet-
ric condition is studied in term of surface settlement. 
Figure 6 shows the computed surface settlement of 
section 23-AR-001 using HC model with considera-
tion of hydrostatic or drawdown case. The maximum 
surface settlement of drawdown case increases 2% 
as compared to the case of hydrostatic pore pressure 
distribution. The piezometric drawdown has no sig-
nificant in the area of tunnel face but the difference 
starts to appear in the tail void grouting area (Phien-
wej et al. 2006). Therefore, this effect cannot be ex-
plained by 2D plane strain analysis.  

To evaluate the effect of constitutive model on 
settlement prediction, different soil models are used 
to simulate the tunnel induced surface settlement. 
Since the volume loss (VL) values (for numerical 
analysis) cannot be exactly determined from the ac-
tual construction records. These values must be giv-
en by back calculation method for project-specific 
case. The analyses in this study are thus carried out 
in two categories.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 7. Surface settlement of section 23-AR-001. 
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Figure 8. Surface settlement of section 23-G3-007-019. 

Figure 9. Surface settlement of section 26-AR-001. 

The first one is to back-calculate to find the ap-
propriate VL values for each analysis case by cali-
brating with the maximum settlement value (at tun-
nel center line). With this category, besides the 
obtained VL, the settlement profile will be dis-
cussed. The latter category is to fix a constant value 
of VL for analyses with different soil models. In the-
se analyses, different maximum settlements and their 
distribution can be discussed. In this study, the con-
stant VL is selected from that obtained by the anal-
yses in first category with HC model. The surface 
settlement profiles predicted by finite element analy-
sis using different levels soil model are shown in 
Figures 7-9 for sections 23-AR-001, 23-G3-007-019, 
and 26-AR-001, respectively.  

 To obtain the maximum settlement value to be 
matched with the measured data, the VL values of 
analysis with MC model are largest for all cases in 
this study (all three sections). While the VL values 
of analysis with HC and HSS are significant smaller. 
Note that the VL of analysis with HC is equal or 
slightly larger than that of analysis with HSS as 
summarized in Table 5. By observing the settlement 
profiles, they show that the analysis results from all mod-
els give satisfactory tendencies in term of the settlement 
profile shape. However, the results from analysis with 
HC are narrower at near-centerline (0-8 m), whereas, 
those of MC and HSS are wider.   

With the results from second category (fixed VL), 
the results from analysis with HC and HSS models 
give good agreement to the observation data, while 
those from analysis with MC model provide a shal-
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lower and wider profile than the observed one.    The 
HC and HSS models which include non-linearity 
prefailure and high stiffness under very small strain 
can produce deeper and narrower settlement profile 
that correspond to the analysis results by Ad-
denbrooke et al. (1997).  

The VL values obtained from this study are larger 
than those reported by Sirivachiraporn and Phienwej 
(2012). They show the VL of tunnel in range of 0.5-
2.0% and the maximum ground surface in the range 
of 20-40 mm. However, the observed data of case 
studies are in the range of 45-60 mm. The higher 
values may caused by the use low face pressure as 
compared the other section. The detail can be seen in 
Surarak (2010).    
 
Table 5. Volume loss from FEM analysis. 

Section 
Volume loss from FEM (%) 

HC HSS MC 

23-AR-001 3.32 3.10 3.83 

23-G3-007-019 2.90 2.80 3.30 

26-AR-001 2.90 2.90 3.6 

6 CONCLUSIONS  

The numerical analyses of tunnel excavation in 
Bangkok clay are carried out in this paper. The sim-
ulations using 2D plane strain finite element analysis 
with contraction method are performed. From the re-
sults obtained, the tunneling simulation with the pie-
zometric drawdown condition provides the slightly 
larger settlements compared to those with hydrostat-
ic pore pressure condition.  The analyses are extend-
ed to evaluate the influence of constitutive soil mod-
el for soft and stiff clay layers on settlement 
behavior. They have shown that the predictions can 
be improved by using the constitutive models which 
include non-linearity prefailure and high stiffness 
under very small strain. However, with 2D analysis 
condition, many factors regarding the construction 
sequence cannot be taken into account. Further study 
on 3D analysis is necessary to enhance the finding 
from this study. 
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1 INTRODUCTION 

Nowadays, piezoelectric materials have been well 
recognized in various engineering and industrial ap-
plications including sensors, actuators, and signal 
transmitters due to their electro-mechanical coupling 
effect (e.g., Birman et al. 1999; Denda and Man-
sukh, 2005). Besides such desirable feature, many 
piezoelectric materials have been found brittle and 
susceptible to damages and, as a direct consequence, 
initiation of defects/flaws within associated compo-
nents/ devices during either the manufacturing pro-
cess or their usage is common and can be the major 
cause of failure or lose of functions. As a result, 
fundamental studies serving to gain an insight into 
the basic fracture behavior of this class of materials 
is essential and has attracted various researchers for 
past several decades.   

One of the most challenging tasks in the model-
ing of cracks in piezoelectric media is how to mimic 
the actual electrical boundary conditions along the 
crack surface (e.g., Chen and Lu, 2003; Ou and 
Chen, 2007). Several mathematical models of elec-
trical boundary conditions were proposed and their 
pros and cons were extensively discussed. For in-

stance, an electrically permeable condition was first 
introduced by Parton (1976); an electrically imper-
meable condition was proposed by Deeg (1980); a 
semi-permeable condition was employed by Hao 
and Shen (1994) and the Landis-type boundary con-
dition was proposed recently by Landis (2004).  

Such four existing models of electrical boundary 
conditions have been widely employed in the model-
ing of cracked piezoelectric bodies (e.g., Li and Lee, 
2004; Chen and Lim, 2005; Li et al. 2011). Results 
from various investigations have indicated that the 
nonlinear models incorporating the influence of a 
medium inside the crack gap should be suitable for 
representing the actual physical phenomena. The 
role of the permittivity of the medium inside the 
crack gap on the fracture behavior was extensively 
explored for both 2D straight cracks and 3D planar 
cracks (e.g., Gruebner et al. 2003; Ou and Chen, 
2007; Chiang and Weng, 2007). However, the appli-
cation of such models and their performance to treat 
non-planar crack problems has not been well recog-
nized. Recently, Rungamornrat and Mear (2008) 
proposed an efficient and accurate numerical tech-
nique, based on a weakly singular, symmetric Ga-
lerkin boundary element method, capable of model-
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ing planar and non-planar impermeable cracks in 
three-dimensional piezoelectric media. The generali-
zation of such technique to treat all four types of 
electrical boundary conditions was carried out by 
Phongtinnaboot (2011). While he proposed a tech-
nique that can solve cracks of arbitrary shapes and 
under various electrical boundary conditions, only 
computational aspects were focused and the full dis-
cussion on the role of electrical boundary condition 
models was not presented.   

This paper aims to investigate the influence of the 
permittivity of a medium inside the crack gap by 
taking the non-planar geometry of the crack into ac-
count. A weakly singular SGBEM proposed by 
Phongtinnaboot (2011) is adopted to solve an asso-
ciated boundary value problem. Two representative 
configurations of a crack, a penny-shaped crack and 
a spherical cap crack, and two models of electrical 
boundary conditions, a semi-permeable and Landis-
type crack models, are considered in the present 
study.   

2 PROBLEM DESCRIPTION 

Consider an isolated crack in a three-dimensional, 
homogeneous, linear piezoelectric, infinite medium 
Ω as shown in Figure 1. The crack is represented by 
two identical surfaces S+ and S- with the correspond-
ing outward unit normal vectors n+ and n-, respec-
tively. The body is assumed to be free of body force 
and body charge and can be subjected to mechanical 
and electrical loadings acting either to the crack sur-
face or the remote boundary. The elastic constants, 
piezoelectric constants, and dielectric permittivities 
of the constituting material are fully prescribed and 
denoted in a concise form by EiJKl. The electrical 
boundary conditions on the crack surface are simu-
lated by the semi-permeable and Landis-type condi-
tions with the dielectric permittivity of a medium in-
side the crack gap being prescribed and denoted by 
εc. It is remarked that the notations and nomencla-
tures utilized by Phongtinnaboot (2011) are adopted 
here and will not be detailed for brevity.         
 
 
 
 
 
 
 

 

Figure 1. Piezoelectric infinite medium containing crack. 
 
 

3 BASIC EQUATIONS 

Basic field equations governing responses of a 
cracked body follows the theory of linear piezoelec-
tricity and can be expressed, in the absence of the 
body force and charge, in a concise form as  

0iJ

ix

σ∂
=

∂
   ;   

K
iJ iJKl

l

u
E

x
σ

∂
=

∂
                                       (1) 

where σiJ terms the generalized stress (i.e., the stress 
σij and the electric induction σi4), uK terms the gen-
eralized displacement (i.e., the displacement uk and 
the electric potential u4), and EiJKl denotes the gener-
alized moduli (i.e., elastic constants Eijkl, piezoelec-
tric constants Ei3kl, and dielectric permittivities Ei44l). 
The generalized traction at any point on the smooth 
surface with a unit normal n is given by tJ = σiJni 
(i.e., the traction tj=σijni and surface electric charge 
t4=σi4ni).  

Besides above fields equations, boundary condi-
tions on the crack surfaces S+ and S-, either the me-
chanical or electrical boundary conditions, must be 
properly prescribed. For a semi-permeable crack, the 
mechanical traction t+

I and t-i are fully prescribed 
and Σt4 = t+4 + t-4 = 0 whereas the relative crack-face 
generalized displacement ∆uI = u+

I – u-
I and t+4 are 

unknown but satisfy t+4∆uini = εc∆u4. For a Landis-
type crack, the mechanical traction tangent to the 
crack surface, denoted by t+

tangent and t-tangent, are ful-
ly prescribed and Σt4 = 0 whereas ∆uI, the mechani-
cal traction normal to the crack surface t+

normal, and 
t+4 are unknown but satisfy t+

4∆uini =  εc∆u4 and 
t+normal = εc(∆u4)

2/2(∆uini)
2.    

4 BOUNDARY INTEGRAL EQUATIONS 

The given boundary value problem is formulated in 
terms of a weakly singular, weak-form boundary in-
tegral equation for the generalized traction following 
the work of Rungamornrat and Mear (2008). The fi-
nal governing equation takes the form   
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where Kvɶ  is a sufficiently smooth test function; 
Dm(·) = niεism∂(·)/∂ξs is a surface differential opera-
tor; ∆tK is the jump in the generalized traction across 
the crack surface; and { , , }J tK J

tK mJ i iKG C n H  are known 
weakly singular kernels. The boundary integral 
equation (2) is well-suited for modeling isolated 
cracks of arbitrary shapes and under various types of 
boundary conditions and, in addition, its weakly sin-

n+ 

S- 

S+ 

n- 

Ω 
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gular nature eases the numerical treatment in the 
construction of approximate solutions through the 
Galerkin strategy.   

5 NUMERICAL IMPLEMENTATIONS 

The discretization of (2) via Galerkin approximation 
leads to a system of linear algebraic equations: 

C∆U + (G+ H)ΣT + L∆T = 0                             (3) 

where matrices C, G and H correspond to the double 
surface integrals containing the kernels tK

mJC , J
tKG  and 

J
i iKn H , respectively; the matrix L corresponds to a 

single surface integral; ∆U is a vector of nodal quan-
tities associated with the jump of the generalized 
displacement, and ΣT and ∆T are vectors of nodal 
quantities of the sum and jump of the generalized 
traction, respectively. For convenience in the follow-
ing discussion, ∆T and ∆U is partitioned into [∆Tm 
∆Te] and [∆Um ∆Ue] where {∆Tm, ∆Um} and {∆Te, 
∆Ue} are vectors containing mechanical and electri-
cal nodal quantities, respectively. In addition, the 
nodal mechanical tractions ∆Tm can be expressed in 
terms of a linear combination of their tangential and 
normal components to the crack surface, i.e. ∆Tm 
= γ∆Tm,normal+β∆Tm,tangent where γ and β are known 
matrices depending on the geometry of the crack 
surface. It should be noted that the system of linear 
equation (3) has fewer number of equations than the 
number of unknowns for both semi-permeable and 
Landis-type cracks. Additional equations are there-
fore required.  

For the semi-permeable crack, the additional 
equation can be obtained by applying the weight re-
sidual technique along with the condition t4

+
∆uini = 

εc∆u4 to express ∆Ue in terms of a nonlinear function 
of ∆Um and ∆Te. Finally, the system of linear equa-
tions (3) along with such additional nonlinear equa-
tions can be solved for the unknown vectors ∆U and 
∆Te using a standard Newton-Raphson iterative 
scheme. For the Landis-types crack, two set of addi-
tional equations are established. The first one is the 
same as that for the semi-permeable crack whereas 
the second set is obtained by applying the weight re-
sidual technique along with the condition t+

normal 
= εc(∆u4)

2/2(∆uini)
2 to express ∆Tm,normal in terms of 

∆Te. Finally, the system of linear equations (3) along 
with those two additional sets of nonlinear equations 
is sufficient for solving the unknown vectors ∆U, 
∆Te, and ∆Tm,normal by the Newton-Raphson method. 

Once the jump of the generalized displacement 
∆U is obtained, the stress intensity factors {KI, KII, 
K III} and the electric intensity factor KIV are com-
puted using an explicit, extrapolation-free formula 
proposed by Rungamornrat and Mear (2008).   

6 RESULTS AND DISCUSSIONS 

Results of two selected examples including a penny-
shaped crack and a spherical cap crack are presented 
in this paper. Numerical solutions generated by the 
implemented, weakly singular SGBEM are first veri-
fied by comparing with available benchmark solu-
tions. Then, the influence of the permittivity of a 
medium inside the crack gap (through the use of 
semi-permeable and Landis-type models) on the 
stress and electric intensity factors along the crack 
front of both cracks are reported with full discussion. 

6.1 Verification and Convergence test 

Consider a penny-shaped crack and a spherical cap 
crack with the same radius a  embedded in a trans-
versely isotropic piezoelectric infinite medium with 
the axis of material symmetry and the poling axis 
along the x3-direction, as shown in Figures 2(a) and 
3(a), respectively. During loading, the cracks are 
filled with air having the permittivity εc = ε0 = 
8.85X10-12 C/(Vm). The piezoelectric medium is 
subjected to the uniform remote tensile stress σo = 5 
MPa and the remote electric field Eo = 0.5 MV/m 
along the x3-axis. In the numerical study, the half 
subtended angle of the spherical cap crack is taken 
to be 45oθ =  and the material properties of PZT-4 
(e.g., Li et al. 2011) and three meshes as depicted in 
Figures 2(b) and 3(b) are employed.   
 
 

 

 

 

 

 
 
Figure 2. (a) Penny-shaped crack in piezoelectric infinite me-
dium and (b) three meshes adopted in the analysis. 
 

 

 

 

 

 

 

Figure 3. (a) Spherical cap crack in piezoelectric infinite medi-
um and (b) three meshes adopted in the analysis. Meshs shown 
are projected meshes on the x1-x2 plane. 
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The computed mode-I stress intensity factor and 
electric intensity factors normalized by the analytical 
solutions (Li and Lee, 2004; Li et al. 2011) for the 
penny-shaped crack are reported in Tables 1. It is 
evident from this set of results that numerical solu-
tions are in excellent agreement with the analytical 
solutions and exhibit only weak dependence on the 
level of mesh refinement. In particular, a very coarse 
mesh (containing only 8 elements) yields results 
with errors less than 1 percent. 

 
Table 1. Normalized intensity factors {KI, KIV} for a penny-
shaped crack embedded in piezoelectric infinite medium under 
semi-permeable and Landis-type conditions. 

Mesh Semi-permeable crack Landis-type crack 

K I/K I
exact KIV/K IV

exact KI/K I
exact KIV/K IV

exact 

1 0.9945 0.9945 0.9944 0.9945 

2 1.0003 1.0003 1.0003 1.0003 

3 1.0006 1.0006 1.0005 1.0006 

 
For the spherical cap crack, there is no analytical 

or benchmark solutions for comparison. The non-
zero intensity factors, normalized by the results ob-
tained from finest mesh (i.e., mesh-3), are reported 
in Tables 2. Once again, it is found that numerical 
results obtained from the three meshes are in excel-
lent agreement; especially, the discrepancy of results 
obtained from the coarsest and intermediate meshes 
and those from the mesh-3 is less than 1.05% and 
0.28%, respectively. In addition to the convergence 
check, the crack is also reanalyzed by using the im-
permeable scheme by using the information of the 
unknown generalized traction on the crack surface 
obtained from the semi-permeable or Landis-type 
models and the final results found identical.  

Table 4. Normalized intensity factors {KI, KII, KIV} for a spher-
ical cap crack embedded in piezoelectric infinite medium under 
semi-permeable and Landis-type cracks. 

Mesh 
Semi-permeable Crack Landis-type Crack 

KI/K1
ref KII/K2

ref KIV/K4
ref KI/K1

ref KII/K2
ref KIV/K4

ref 

1 1.0026 0.9975 0.9976 1.0026 0.9984 0.9959 

2 1.0007 0.9996 0.9991 1.0005 0.9998 0.9984 

3 1.0000 1.0000 1.0000 1.0000 1.0000 1.0000 

 
From the convergence study of both crack con-

figurations, the mesh-3 is considered sufficient for 
accurately determining the intensity factors along 
the crack front and is used in the following paramet-
ric study.  

6.2 Influence of permittivity of medium  

To study the influence of the permittivity of a medi-
um inside the crack gap, consider a penny-shaped 
and spherical cap cracks with radius a  embedded in 

a piezoelectric infinite medium that is made of PZT-
4 similar to the previous problem. The key differ-
ences from the previous case are that (i) the permit-
tivity of a medium inside the crack gap, defined by 
εc = αε0 where α is termed the relative permittivity 
and ε0 = 8.85X10-12 C/(Vm) is the permittivity of the 
air, can be varied, (ii) the half subtended angle of the 
spherical cap crack is taken to be θ =15o, (iii) the 
uniform remote tension σo is taken to be 50 MPa 
whereas the electric field Eo still remains at 0.5 
MV/m, and (iv) only the finest meshes (i.e., mesh-3) 
of each crack configuration are adopted in the analy-
sis. 
 The mode-I stress intensity factor and the electric 
intensity factor for the penny-shaped crack are 
normalized and reported in Figures 4 and 5 along 
with the analytical solutions (Li and Lee, 2004; Li et 
al. 2011) and solutions for impermeable and perme-
able models. It is evident again that numerical re-
sults obtained from the semi-permeable and Landis-
type cases are in good agreement with the analytical 
solutions. Moreover, it can be concluded from Fig-
ure 4 that the mode-I stress intensity factors (KI) for 
permeable, impermeable, and semi-permeable con-
ditions are identical and are independent of the per-
mittivity of a medium inside the crack gap. This 
finding is in agreement with the work of previous 
investigators (e.g., Chen et al. 2000; Li and Lee, 
2004; Chen and Lim, 2005) who pointed out that the 
mode-I stress intensity factors of three crack models 
(i.e., permeable, impermeable and semi-permeable 
conditions) are identical and depend only on me-
chanical loading.  
 In contrast, KI predicted by the Landis-type model 
is strongly dependent on the medium inside the 
crack gap and results are less than those obtained by 
those three crack models; this finding is also in 
agreement with the work of Li et al. (2011). Howev-
er, it is obviously seen that when the medium inside 
the crack gap have zero permittivity, KI of the Lan-
dis-type crack is identical to the results of such three 
crack models. Moreover, one can observe that KI of 
the Landis-type crack tends to approach results of 
such three crack models as the value of the permit-
tivity of the medium increases.  

While the mode-I stress intensity factors of the 
crack with impermeable, permeable and semi-
permeable conditions are identical, the electrical in-
tensity factors KIV of those three crack models are 
not identical and one can see the transition between 
the upper and lower bounds of KIV by increasing the 
value of the permittivity of medium inside the crack 
gap. Figure 5 indicates that the electric intensity fac-
tor for impermeable and permeable cases serves, re-
spectively, as the upper and lower bounds of results 
for semi-permeable and Landis-type conditions. 
Moreover, one can see that KIV of semi-permeable 
and Landis-types cracks are nearly identical for the 
entire range of α except for the medium possessing 
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zero permittivity where KIV for the semi-permeable 
and Landis-type cases are identical to the result for 
the impermeable crack. 
 
  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 4. Dependence of the normalized mode-I stress intensity 
factor on the relative permittivity α of the crack medium for 
penny-shaped crack in infinite piezoelectric medium. 
 

 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
Figure 5. Dependence of the normalized electric intensity fac-
tor on the relative permittivity α of the crack medium for pen-
ny-shaped crack in infinite piezoelectric medium. 

 
The influence of the permittivity of a medium in-

side the spherical cap crack on the non-zero intensity 
factors {KI, KII, KIV} are reported in Figures 6-8, re-
spectively. It is found that while the mode-I stress 
intensity factors KI of impermeable, permeable and 
semi-permeable cracks for the penny-shaped crack 
are identical and are independent of the medium in-
side the crack gap, results for a spherical cap crack 
obtained from those three models are not identical 
and the results of the semi-permeable crack are de-
pendent on the medium inside the crack gap. Conse-
quently, it can be seen the KI of the semi-permeable 
crack varies from the impermeable solution to the 
permeable solution as the value of the permittivity of 
the medium increases. This implies that the non-
planar feature of the crack surface has the significant 
influence on the mode-I stress intensity factor for 
those three crack models. In addition, one can ob-

serve that KI of the Landis-type crack serves as the 
lower bound for the entire range of α. However, at 
the zero permittivity of the medium, KI of the semi-
permeable and Landis-type cracks are identical to 
the impermeable solution.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 6. Dependence of the normalized mode-I stress intensity 
factor on the relative permittivity α of the crack medium for 
spherical cap crack in infinite piezoelectric medium. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 7. Dependence of the normalized mode-II stress intensi-
ty factor on the relative permittivity α of the crack medium for 
spherical cap crack in infinite piezoelectric medium. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

Figure 8. Dependence of the normalized electric intensity fac-
tor on the relative permittivity α of the crack medium for 
spherical cap crack in infinite piezoelectric medium. 
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Finally, the effect of the permittivity of a medium 
inside the crack gap on the mode-II stress intensity 
factor and the electric intensity factor KIV can be 
inferred from Figures 7 and 8. It is found that the 
distribution of KII is similar to the distribution of KIV 

for all four crack models. More specifically, the 
intensity factors {KII, KIV} of the impermeable and 
permeable conditions are, respectively, the upper 
and lower bounds of results predicted by the semi-
permeable and Landis-type models. Moreover, one 
can observe that results of the semi-permeable and 
Landis-type cracks vary from the impermeable 
solution to the permeable solution when the value of 
the permittivity of a medium inside the crack gap 
increases. However, when the medium possesses the 
zero permittivity, the intensity factors {KII, KIV} of 
the semi-permeable and Landis-type cracks are 
identical to results of the impermeable case. 

7 CONCLUSIONS 

A weakly singular SGBEM has been implemented 
to fully investigate the influence of the permittivity 
of a medium inside the crack gap on the stress and 
electrical intensity factors along the crack front of 
both the penny-shaped crack and spherical cap crack 
by using the semi-permeable and Landis-type 
boundary conditions. Results of extensive numerical 
study indicate that the non-planar geometry of the 
crack surface exhibits the significant effect on the 
mode-I stress intensity factor for the permeable, 
impermeable, and semi-permeable conditions. As a 
result, KI of such three crack models are not 
identical and that of the semi-permeable crack are 
dependent on the permittivity of a medium inside the 
crack gap. This finding is in contrast with results of 
the planar crack. In addition, it is also found that KI 
of the Landis-type crack is strongly dependent on 
the permittivity of the medium inside the crack gap 
and is less than the KI predicted by the other three 
crack models for both the penny-shaped crack and 
spherical cap cracks. 
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1 INTRODUCTION 

The construction of transportation and infrastructure 
systems to link between countries might face a prob-
lem with limitation in landscape such as mountains. 
To increase the economic and social values between 
countries, the concept of tunnel is a suitable alterna-
tive to be considered. The tunnels will provide eco-
nomic advantage such as availability of transport, 
reduce journey time and more safety. The im-
portance of understanding the failure behavior of ex-
cavated ground and to predict failure initiation point 
and failure patterns in tunnel excavation is essential. 
The main concern in tunnel excavation is to stabilize 
the excavation surface and not fail during excavation 
stage, as well as after excavation. The tunnel sup-
ports have to be designed in advance because the 
failure initiation can lead to the tunnel collapse. The 
knowledge to design the support is currently based 
on engineering experience and judgment by observa-
tion records in tunnel constructions in the past 
(Brekke and Howard 1972). To improve the tunnel 
support design concept, a better understanding on 
failure behavior of rock mass surrounding a tunnel 
as well as its influencing factors are needed. To ac-
complish this, the numerical method becomes an ap-
propriate alternative. This is because many condi-
tions and factors can be considered in the simulation, 
whereas the experiments would be both costly and 
time consuming. 

In this paper, an attempt to develop a numerical 
method which is capable of reproducing the failure 
patterns of rock mass around the tunnel is made. 

2 NUMERICAL ANALYSIS 

Nowadays, the engineering tool for design and re-
search of tunnels are often based on numerical anal-
ysis. The numerical analyses are widely used to pre-
dict failure behavior of the tunnels, failure zone and 
effect of environment around the construction. Nu-
merical methods have been developed in tunnel en-
gineering practice such as finite element method 
(FEM) and finite difference method (FDM).  The 
analysis of crack with FEM has faced many prob-
lems, especially to present discontinuities due to 
cracks. The alternative method to analyze crack 
problems based on element-free Galerkin (EFG) 
presented by Belytschko et al. (1994) becomes at-
tractive. The EFG with cohesive crack concept (So-
parat and Nanakorn 2008) was successfully adopted 
to simulate the crack growth in rock masses sur-
rounding high pressurized gas storage tunnels (Tun-
sakul et al. 2014). However, the EFG in previous 
work focuses on the tensile failure mode which is 
different from the failure mode that usually occurs in 
excavation tunnel process. In this study, to simulate 
the crack growth in rock masses surrounding a tun-
nel during excavation, the EFG is adopted and modi-
fied for the shearing mode.  

Simulation of Failure Behavior of Rock Mass Around Tunnels by 
Element-Free Galerkin Method  

A.  Thongraksa, G. Arangjelovski & P. Jongpradist 
King Mongkut’s University of Technology Thonburi, Bangkok, Thailand 

J. Tunsakul 
Rajamangala University of Technology Rattanakosin Wangklaikangwon Campus, Prachuap Khiri Khan, 
Thailand 

ABSTRACT: Fractures developed around tunnels or underground openings during and after excavation can 
progressively extend. To prevent this undesired situation, it is necessary to design the support structures and 
suitable excavation sequences in advance. The knowledge of current practice in tunnel construction design is 
mainly based on engineering experience. Thus, it is necessary to understand the failure behavior in rock mass 
around the tunnel during excavation stage to improve the design methodology. In this study, an attempt to de-
velop an analysis method which is capable of reproducing the failure patterns of rock mass is made. The 
method is based on the element-free Galerkin (EFG) method with cohesive crack growth model. Series of 
analyses of crack propagation in rock mass surrounding the tunnel under two different stress conditions from 
previous experimental studies are conducted and presented. The numerical results show good agreement with 
experimental results can be obtained by the developed method. 
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2.1  Shape functions in EFG 

The EFG method is different from FEM on how the 
shape functions are constructed. In this study, the 
shape functions in the EFG method are constructed 
by using the moving least square (MLS) method 
(Lancaster and Salkauskas 1981). The MLS method 
is an effective technique to approximate a function 
from a set of scattered data. With the MLS method, 
the approximation of a field increment ( )φ∆ x  at any 
point x in a domain is expressed as  

 
                                                               (2.1) 

 
 
 

 
 
 
 
 
 
 
 
 
 

 
 
 
Figure 1. Computational model for the EFG method   (redrawn 
from Soparat and Nanakorn 2008). 
 
where ���� is a vector that is a complete polynomial 
basis of any prescribed order and m is the number of 
terms in the polynomial basis. In addition, ���� is a 
vector containing unknown coefficients. A linear ba-
sis function in two dimensions is used in this study. 
The expression of ���� and ���� are thus given as 
 

   (2.2) 
 

        (2.3) 
 
To determine ����, in this study respect to ���� 
yields (Tunsakul et al. 2014) is used as 
 

1( ) ( ) ( ) ,−= ∆a x A x C x Φ                        (2.4)  
 
Substituting equation (2.4) into equation (2.1) 
Gives 
 

T 1( ) ( ) ( ) ( ) ( ) ,φ −∆ = ∆ = ∆x p x A x C x Φ N x Φ        (2.5) 
 
The shape function matrix	���� is expressed as 
 

(2.6) 
 

In this study, the Gaussian weight function 
(Belytschko and Fleming 1999) is used, i.e., 
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             (2.7) 

Here, c is a parameter for controlling the dilation of 
the weight function and dmI is the radius of the do-
main of influence of node I. The parameters c and 
dmI are written as 
 

 (2.8)                           

(2.9) 

where cI is a parameter called the characteristic nod-
al spacing, which is chosen as the distance to the se-
cond nearest node for regularly spaced nodes and the 
distance to the third nearest node for irregularly 
spaced nodes (Belytschko and Fleming 1999). In 
addition, dmax and α are constants. It is recommended 
that the ratio dmax/α is not less than 4.0 in order to 
avoid poorly formed shape functions (Belytschko 
and Fleming 1999). In this study, dmax = 2.5 and α = 
0.625 are used (Belytschko and Fleming 1999). 

2.2 Modeling of cohesive cracks 

Consider a two-dimensional domain Ω in the x-y 
plane with boundary Γ in Figure 2a. The boundary Γ 
is subdivided into two parts, i.e., Γu where the dis-
placement is prescribed and Γt where the surface 
traction is defined. Assume a crack in Ω and repre-
sent it as an additional boundary Γc. The crack 
boundary Γc is composed of two opposite surfaces, 
i.e.,     and     .The crack is modeled by using con-
nected interface line elements (Soparat and 
Nanakorn 2008). The local coordinate system of the 
i th interface element is shown in Figure 2b. To repre-
sent the two opposite surfaces of the crack boundary, 
the interface element has two surfaces distinguished 
as positive surface       and       negative surface. By 
using the two surfaces of the interface element, the 
crack displacement increment ∆	
� along the length 
of the element in the global coordinate system, 
shown in Figure 2b, is written as 
 
 
                                                                                  (2.10) 

 
 
 
where i∆ +u  and i∆ -u  are the displacement incre-
ments along the positive and negative surfaces, re-
spectively. These two displacement increments are 
expressed in terms of nodal displacement as  
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Figure 2. (a) Modeling of a crack by interface elements.         
(b) Details of interface model (redrawn from Soparat and 
Nanakorn 2008). 
 

 
 
 
 

 
 
 
 
 
 
 
Figure 3. Domain of influence near crack (redrawn from 
Soparat and Nanakorn 2008). 
                       

(2.11) 
 
                                                                           (2.12) 
 
where  
 
                      (2.13) 

 
 

   (2.14) 
 

The variables i +x  and i -x  represent two opposite 
points at position i r  on the positive and negative 
surfaces, respectively. Note that the numerical val-
ues of i +x  and i -x  are the same. Each subscript I in

( )IN x , ∆ Iu  and ∆ Iv  represents the node number 
and M represents the total number of nodes in the 
domain. By employing the shape functions obtained 
from equation (2.6) and the so-called visibility crite-
rion (Belytschko et al. 1996), the shape function ma-
trices [ ( )]i i r+N x  and [ ( )]i i r−N x  can be construct-
ed. The visibility criterion defines the domains of 
influence of nodes near the domain boundaries or 
cracks. A crack line within the domain of influence 

when consider node I in Figure 3a. The shaded re-
gion becomes the modified domain of influence of 
node I. Due to the visibility criterion, nodes that are 
used in the approximation of ( )i i r∆ +u  and 

( )i i r∆ -u  will be different as schematically shown in 
Figure 3b. This results in the difference between 

[ ( )]i i r+N x  and [ ( )]i i r-N x  and the crack displace-
ment increment i

c∆ u  in equation (2.10) becomes 
 

   (2.15)       
 
where ( )i i

c rN  is the crack shape function matrix 
defined as 
 

(2.16) 
 
Denote the crack displacement increment in the local 
ir-i s coordinate system by ˆi

c∆ u  and write 
 

 

(2.17) 
 

 
Here, ˆ∆ i

cu  and ˆ∆ i
cv  represent the crack sliding and 

opening displacement increments, respectively.  
From the previous project, Tunsakul et al. (2014) it 
was concluded that the local crack traction incre-
ment ˆi

c∆ t  can be written in terms of the nodal dis-
placement increment ∆U  as 
 

(2.18) 
 

           (2.19) 
 
where ˆ cD is the crack constitutive matrix. 

2.3 Derivation of the Stiffness Matrix Equation 

In this study, the weak form for a domain with a co-
hesive crack is described in equation (2.20), which 
consists of two parts separated by brackets, (Soparat 
and Nanakorn 2008) i.e.,        

 
 
 
 
 
 
 

      (2.20) 
 
The terms in the first brackets are those for problems 
without any cracks, which include Lagrange multi-
pliers to enforce the essential boundary condition  
(Belytschko et al. 1994). The term in the second 
bracket is associated with the energy dissipation 
from the cohesive crack. 
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In equation (2.20), the material is assumed to be lin-
ear elastic, i.e., 
 

(2.21) 
 

where D  is the constitutive matrix. By employing 
the EFG shape functions explained previously, the 
displacement increment ∆u and the strain increment 
∆ ε  are written in terms of the nodal displacement 
increment ∆ U  as 
 

(2.22) 
 

(2.23) 
 
where N and B are the shape function and its deriva-
tive matrix, respectively. In equation (2.20), λ∆  is a 
vector containing Lagrange multiplier increments 
expressed as 
 
    

(2.24) 
 
 
which is interpolated from its nodal values by using 
Lagrange interpolation, i.e., 
 

( ) ( ) ,
λ u uλ r Γ∆ = ∆ ∈x N Λ x                   (2.25) 

 
where ( )λN ur  is a Lagrange - interpolant matrix and 

ur  denotes the arc length along the boundary Γu. In 
addition, ∆Λ  is a vector containing nodal Lagrange 
multiplier increments of all the nodes on the bounda-
ry Γu. By substituting equations (2.18) – (2.19) and 
equations (2.21) – (2.23) and (2.25) into equation 
(2.20), the weak form becomes 
 
 
 
 
                       
 

   (2.26) 
 
Finally, since T( )δ ∆U  and T( )δ ∆Λ  are arbitrary, the 
stiffness equation is written as 
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Where 
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3 VERIFICATION CASES 

To verify the method developed in this study, two 
experimental cases on rock samples having a mod-
eled tunnel under different loading conditions are se-
lected. The first case is a physical model test of 1.2 
m wide and 1.0 m high rock specimen having a 
horse-shoe tunnel at the center of specimen (Hung et 
al. 2013) as shown in Figure 4. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 4. The dimension of test specimens for case 1 (redrawn 
from Huang et al.2013) . 
 

In the test, both lateral sides of specimen were 
fixed for horizontal movement and the bottom of the 
model was fixed in vertical direction. The pressure 
was applied at the top side of the model. The test 
procedure was mainly divided into 3 steps. The first 
step was the preparation of the model ground. The 
second step was the tunnel excavation, which was 
carried out 1 day after the completion the model 
ground. The third step was to gradually apply the 
uniform load on the top surface of the model ground 
to observe the failure pattern of the rock mass 
around the tunnel. Numerical simulation had been 
also performed using finite element program 
ABAQUS to verify the results of physical model 
test. The numerical model is constructed by mapping 
mesh, which included 8160 elements and 9972 
nodes (Figure 5). The dimension of numerical model 
was 80 m × 75 m × 20 m. The properties of the rock 
mass are as listed in Table.1.  
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tern by FEM and failure pattern from the physical 
model test.  

Figure 9. The failure patterns of specimen from the physical 
model test (after Huang et al.2013). 

Figure 10. Comparison of failure pattern between FEM (Huang 
et al. 2013.) and EFG from this study. 

Figure 11. The failure patterns of the specimen at end of the 
test (a) failure pattern of specimen (b) the damage zone 
(Fakhimi et al. 2002). 

For case 2, the failure patterns after completion of 
the test and simulation result by PFC2D are illustrat-
ed in Figure 11. In the figure, the crack occurred in 
the physical model test can be clearly seen. The 

damage zone in the numerical result is represented 
by concentration of dark spots. The crack pattern 
from the EFG simulation (Figure 12c) in this study 
is compared with that from the physical model test 
(Figure 12a) and the damage zone form PFC2D (Fig-
ure 12b). It is seen that a qualitative agreement can 
be obtained. 
Based on the verification of EFG simulated crack 
patterns with the results from previous studies, the 
EFG method can reasonably predict the propagation 
of failure paths under shear failure mode. 

Figure 12. Comparison result (a) failure pattern of physical 
model test (b) the damage zone from PFC2D  (c) failure path 
from EFG..

6 CONCLUSIONS 

This paper presents the application of EFG method 
to simulate the failure pattern in rock mass around 
the tunnel under plane strain conditions with differ-
ent loading conditions and tunnel shapes. The devel-
oped EFG method considers the shear failure. The 
verification of the developed method has been 
achieved through comparison of the simulated re-
sults with those from the physical model and numer-
ical analysis results of two previous study cases. 
From the comparisons, a qualitative agreement can 
be obtained.   
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Ground Improvement Techniques 





1 INTRODUCTION 

According to the behavior and soil condition of 
Bangkok, several methods of ground improvement 
have been introduced to improve the strength and 
deformation characteristics of soft ground. One of 
the most common methods of improvement is ce-
ment stabilization. It has been used as chemical ad-
mixtures for both shallow and deep soil stabilization. 
The method of deep stabilization was initiated in 
Sweden and Japan in late 1970’s and known Deep 
Mixing Method (DMM). The present application in-
cludes the use of Deep Cement Mixing (DCM) piles 
or cement columns to increase the bearing capacity 
and reduce the total and differential settlements be-
low lightly loaded structures. Considering the versa-
tility of cement stabilization, the method has gained 
wider acceptance especially in Southeast Asia. Soil 
mixing in Thailand started around 19 years ago. 
Nowadays, in Thailand, this method has been widely 
applied to several types of construction (Petchgate et 
al. 2003) such as foundation of road embankment, 
taxiway for an airport and retaining structure for 
deep excavation. However, its advantageous applica-
tion requires better understanding of the mechanical 
behaviors of the improved soil.  

It is well known that the stress distribution along 
the pile length becomes smaller with depth. This 
means that only the top part (from the pile head) re-

quires high strength whereas the other part (deeper 
part) may not need. Therefore, the concept of Stiff-
ened Deep Cement Mixing (SDCM) pile was intro-
duced (Dong et al. 2004). This concept is to insert 
the small concrete pile or any reinforcement into the 
DCM pile during construction. The tests indicated 
that this SDCM pile can resist higher load compared 
to the ordinary DCM pile having the same size and 
length.  

There have been some researches (Jamsawang, 
2008; Jamsawang et al. 2010; Voottipruex et al. 
2011) and actual construction projects utilizing the 
SDCM piles. The cores can be hexagonal concrete 
piles or steel H-piles with various sizes and lengths. 
They indicated that increasing ratio between length 
of stiffened core and DCM pile has significantly in-
creased the pile bearing capacity. However, previous 
studies focused on only steel or concrete core. Other 
construction materials such as wood have not been 
considered yet. In addition, there is no any guideline 
for recommending the appropriate size of the core 
yet. This study thus attempts to preliminarily inves-
tigate the influencing factors on behavior of the 
SDCM by numerical analysis. It aims to obtain the 
guideline for appropriate dimension as well as prop-
erty of composite core compared to those of the 
DCM.  

Numerical Investigation on SDCM Pile under Axial Load Test 

A. Wonglert & P. Jongpradist 
King Mongkut’sUniversity of Technology Thonburi, Bangkok, Thailand 

 

 
 

 

 

 
 

ABSTRACT: The new kind of composite pile known as Stiffened Deep Cement Mixing (SDCM) pile, is in-
troduced for supporting load in soft clay layer. This composed of an inner stiffened core pile and external 
DCM pile socket, where the high strength is used to resist the loading, and DCM pile socket acts to transfer 
axial compression into surrounding soils by skin friction. This study numerically investigated the appropriate 
size and stiffness of the core with regarding to those of the DCM pile. Series of two dimensional axis-
symmetry finite element analysis on SDCM under axial loading has been done so as to simulate the pile quick 
load test. In the analysis, various core volumes, diameters, lengths and stiffness are studied. The study indi-
cated that the preferable shape of the core is that with longer or slender shape, not the large diameter if the 
volume of the core is controlled. Moreover, the core can be a material with smaller stiffness rather than the 
concrete. The optimum size of the core for a reference DCM pile is also suggested. 
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Civil Engineering for Sustainable Development 27-29 August 2014 
 

:369:



2 ANALYSIS DETAIL 

2.1 Verification case 

In order to confirm that a reasonable procedure is 
used for parametric study by numerical investiga-
tion, a full scale test (Panmanajaroenphol, 2003) of 
pile loading in a site located at Wang Noi district, 
Phra Nakhon Si Ayutthaya province was selected for 
a verification cases. The soil profile of this project 
consists of topmost layer has thickness of 1.0 m of 
back fill follow by 1.0 m and 7.0 m of weathered 
crust and soft clay layer respectively. The medium 
stiff clay layer begins at the depth 9.0 to 12.0 m un-
derlay with stiff clay layer until depth 16 m. The 
ground water table was found at depth 1.5 m from 
ground surface.  The soil profile and soil properties 
for this project are shown in Figure 1.  

Figure 1. Soil profile properties at the studied location. 

2.2 Reference DCM Pile  

The jet grouting method was employed to construct 
the DCM pile. Pre-jet grout at pressure 200 bars 
with water in downward direction was applied in the 
first step until reaching the target depth in order to 
destruct the soil structure. Then the DCM pile was 
installed by jet grouting the cement-slurry at pres-
sure of 200 bars in upward direction. The cement-
slurry was mixed by 1:1 ratio of water and Portland 
cement type 1. The spinning and upward rate of 
grouting rod and flow rate of cement-slurry were 
controlled by computer to keep cement of 225 kg/m3 
of soil. 

The DCM pile No.PL1 was chosen as a verifica-
tion pile. It is 0.5 m in diameter and 6 m long  (be-
fore cutting 1 m at the top due to the uniformity). 
Panmanajaroenphol (2003) concluded that, under in-
creasing axial load, the PL1 pile failed under pile 
failure condition. The properties of the pile were ob-
tained from coring samples after completion of the 

pile load test. The properties of DCM pile were 
listed in Tables 2 and 3. 

2.3 Parametric study 

To investigate the effect of size and stiffness of the 
stiffened core on the response of SDCM piles under 
axial loading, the dimension and Young’s modulus, 
E of the core are varied in the parametric study. The 
dimension and properties of the DCM pile is fixed 
throughout this study by adopting those of PL1 from 
Panmanajaroenphol (2003). Since the addition of 
stiffened core results to the additional cost, for sake 
of comparison, the dimension of core is varied with 
fixing volume. Whereas, the amount of adding core 
is considered in term of the volume ratios between 
the core and the DCM pile. Two values of Young’s 
modulus are varied considering that of precast con-
crete and eucalyptus wood. The parameters in this 
parametric study are listed in Table 1.  

 
Table 1. Dimensions of core for parametric study. 
Vcore/VDCM 

(%) 
Length of stiffened core (m) 

dia.core 0.15 m dia.core 0.20 m dia.core 0.25m 
2.5 1.67 0.94 0.60 
5 3.33 1.88 1.20 
10  3.75 2.40 

3 ANALYSIS MODEL 

3.1 Analysis mesh and Boundary conditions 

In the two dimensional axis-symmetry analysis 
model, the sides of the mesh including left side and 
right side are restrained against lateral movements 
but free to move vertically, so no movement perpen-
dicular to their side of meshes. The bottom of the 
mesh will be fixed for both vertical and horizontal 
movement. The surface had no restrained and free to 
move. These conditions were used for all cases 
throughout of the analysis. Figure 2 shows the finite 
element mesh and its dimension. 
 
Table 2. Coefficient of permeability of materials. 

Soil type 
Permeability (m/sec) 

kv kh 

Weather crust 1.0x10-7 1.0x10-5 

Soft clay 1.5x10-7 1.5x10-6 

Medium clay 1.5x10-7 1.3x10-6 

Stiff clay 1.0x10-7 1.3x10-6 

DCM pile 1.6x10-8 1.2x10-8 

Precast concrete - 

Eucalyptus wood - 
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Figure 2.  Finite element mesh. 

3.2 Initial conditions 

The initial distribution of vertical effective stress and 
horizontal effective stress are controlled by the given 
soil unit weight and the coefficient of earth pressure 
at rest, K0, for all strata and the hydrostatic pore wa-
ter pressure conditions in equilibrium with a water 
table at 1 m below the ground surface. Close consol-
idation boundary is taken in account as the drained 
analyses are considered. 

3.3 Calculation and Simulation 

The PLAXIS 2D was employed to consolidation 
analysis. The consolidation is the main feature that 
taken to consideration in analysis with close consol-
idation boundary around boundary area. Constitutive 
models of materials and their parameters for each 
soil layer are tabulated in Tables 2-3. The analysis 
type of soil layer is undrained analysis. However, 
soil cement-column is treated as drained analysis 
and the stiffened cored is non-porous materials. The 
value of interface friction (Rinter) between DCM pile 
and core pile is 0.4 (Voottipruex et al. 2011). Quick 
load test is the method that used to apply in the pile 

load test (ASTM D-1143) .The intervals of load in-
creasing is introduced and retained for 30 minutes 
until pile failure occurs.  

4 RESULT AND DISCUSSION 

4.1 Simulation of Pile load tests on DCM pile 

The numerical analysis results of single DCM pile 
and SDCM piles under axial loading condition are 
presented and discussed. This study investigates 
both the failure load and settlement. The investiga-
tion starts with simulation of pile load tests on single 
DCM pile No.PL1 for purpose of verification of the 
analysis method. The result of the analysis is com-
pared with field measurements on actual DCM load 
tests in previous research. After that the analysis is 
extended for SDCM to evaluate the influencing fac-
tors on pile capacity and settlement. Series of para-
metric studies on various sizes and properties of core 
has been done.  
 

 
Figure 3. Comparison between test data and simulation of 
DCM pile No.PL1. 

The load-settlement curve from axial compression 
pile load test conducted on the DCM piles are shown 
in Figure 3 and compared with the analysis result. 
The DCM piles have a diameter of 0.5 m and length 
of 5 m. The load was applied in stages as did in the 
field test by 0, 16, 24.2, 36.5, 48.9, 61.1, 65.2, 69.4 

Table 3. Soil model and material parameters. 

Materials Model 50 /ref
uE E

(kPa) 

'E  

(kPa) 

ref
edoE  

(kPa) 

ref
urE  

(kPa) 
υur m nc

oK  γ 
(kN/m3) 

c ' 
(kPa) 

φ ' 
(°) 

ψ ' 
(°) 

OCR 

Top soil MC(D) - 3,000 - - 0.20 - 0.6 17 10 22 0 - 
Soft clay HS(U) 3,000 - 3,000 10,000 0.20 1 0.7 16 5 20 0 1.2 
Medium clay HS(U) 5,000 - 5,000 20,400 0.20 1 0.6 18 10 22 0 1.1 
Stiff clay HS(U) 10,500 - 10,500 35,000 0.20 1 0.5 18 25 26 0 1.0 
DCM pile MC(U) 61,750 - - - 0.33 1 - 15 140 30 - - 
Concrete MC(D) - 2.8x107 - - 0.15 - - 24 8000 40 - - 
Wood MC(U) - 5.0x106 - - 0.25 - - 9.5 6500 30 - - 

MC= Mohr-Coulomb model,  HS= Hardening Soil model. Material behavior; D=drained, U= undrained.  pref for HS=100 kPa, Rf=0.9                     
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kN before increasing with 3.92 kN intervals until 
pile failure. Similar load-settlement curves between 
the test and analysis can be seen, particularly up to 
the load of 60 kN.  The failure loads (maximum load 
or that at the settlement of DCM not exceed 1/10 
pile diameter) from both the test and analysis are al-
so close.  

4.2 Effect of core stiffness on behavior of SDCM 
pile 

The effect of stiffness of the stiffened core on load-
settlement was investigated by varying the stiffness 
of the core in SDCM piles of which the DCM has a 
diameter of 0.5 m and length of 5 m. The effects in 
term of load-settlement curves are demonstrated in 
Figures 4-6 for each core diameter. In each figure, 
results of various cored lengths and stiffness are 
compared. The results show that, with the same di-
mension of core and DCM, the simulated load-
displacement curves as well as the ultimate load of 
the case with alternative stiffened core material (eu-
calyptus wood, E= 5x105 kPa) are almost the same 
with those of the case with concrete core (E= 
2.8x107 kPa). The ultimate failure loads (Qu) by var-
ying core-diameter, core-length, and core-stiffness 
from simulation are tabulated in Tables 4-6. 
This implies that other materials with smaller stiff-
ness may be possibly used as a core.   

Table 4. Qu  of SDCM with core-diameter of 0.15 m. 

Core length (m) 
Ultimate failure load (kN) 

Concrete Eucalyptus wood 
1.67 108.59 108.42 
3.33 139.98 139.98 

Table 5. Qu of SDCM with core-diameter of 0.20 m. 

Core length (m) 
Ultimate failure load (kN) 

Concrete Eucalyptus Wood 
0.94 92.9 85.05 
1.88 112.52 108.59 
3.75 139.98 139.98 

Table 6. Qu of SDCM with core-diameter of 0.25 m. 

Core length (m) 
Ultimate failure load (kN) 

Concrete Eucalyptus wood 
0.60 81.127 85.05 
1.20 104.67 100.47 
2.40 136.06 132.14 

Figure 4. Load-settlement curves of difference core stiffness, 
core diameter 0.15 m. 

Figure 5. Load-settlement curves of difference core stiffness, 
core diameter 0.20 m.

Figure 6. Load-settlement curves of difference core stiffness, 
core diameter 0.25 m. 
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Figure 7. Relation curve between Lcore/LDCM and ultimate fail-
ure load (Qu).

 Figure 7 shows the relation between Lcore/LDCM 

and ultimate failure load of SDCM pile. The relation 
curve includes information from cases with various 
diameters, lengths, and stiffness. The Qu linearly in-
creases with increasing of the Lcore/LDCM ratio before 
keeping constant at 140 kN after the ratio of 
Lcore/LDCM reach 0.5. It is indicated that the optimum 
core-length for the DCM pile No.PL1 is approxi-
mately 2.5 m in this case. 

4.3 Effect of core-volume on load settlement curve 

The simulation results in Figures 8-10 show that var-
iation of concrete core-volume has effects on the ul-
timate failure load for SDCM piles under axial com-
pression loading. The simulation was conducted on 
core-volume (Vcore/VDCM) of 2.5, 5, and 10 % and the 
variation of core-diameter taken into considerations 
are 0.15, 0.20 and 0.5 m. Core-length is then intro-
duced from those predetermined overall core-
volume and diameter as shown in Table 1. 

Figure 8. Relation curve between applied load and settlement at 
constant Vcore/VDCM =2.5 % of concrete core. 

From the Figures 8-10, it is seen that the ultimate 
failure load (Qu) of SDCM pile can be dramatically 

increased with increasing ratio of Lcore/dcore. It is also 
noted that the settlement also significantly reduced. 
However, only small difference can be seen for Qu 
and settlement between cases having different 
Lcore/dcore in Figure 10. This is probably because the 
core-lengths (3.75, 3.40 m) exceed the optimum 
length (2.5 m) as discussed in previous section. 

Figure 9. Relation curve between applied load and settlement at 
constant Vcore/VDCM = 5 % concrete core. 

Figure 10. Relation curve between applied load and settlement 
at constant Vcore/VDCM = 10 % concrete core. 

Figure 11. Relation curve between Lcore/dcore and ultimate fail-
ure load (Qu). 
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The optimum core-diameter for DCM pile No. PL1 
can be obtained from the relation curve between ra-
tio of core-length and core-diameter (Lcore/dcore) as 
demonstrated in Figure 11. The intersection of two 
dash line indicates that the optimization core-
diameter for DCM pile No.PL1 is 0.20 m (Lcore/dcore 
=12.5) 

5 CONCLUSIONS 

The numerical investigation on bearing capacity and 
settlement of Stiffened Deep Cement Mixing 
(SDCM) pile is done in this research. The ultimate 
failure load of each case is determined from simulat-
ed load-settlement curves by using 2-dimensional 
axisymmetric finite element analysis. The conclu-
sions that can be drawn from this research are sum-
marized as following; 

− In case of volume controlling, increasing core-
length (Lcore) significantly increased the bearing ca-
pacity whereas the core-diameter, (dcore), has lesser 
effects on the bearing capacity for the axial com-
pression loading. So, slender shape of core pile is 
preferable for the same volume of the core. 

− With two different moduli of core (referred to 
those of eucalyptus wood and concrete), insignifi-
cant difference can be observed. This implies that 
the less stiff material may be effectively used as a 
core.  

− The optimization length and diameter for indi-
vidual DCM pile No.PL1 are 2.5 m. and 0.2 m, re-
spectively. 

However, these conclusions are drawn on the ba-
sis of limited data for specific considered cases, and 

a broader set of studies are needed to enhance the 
findings from this study. 
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1 INTRODUCTIONS 

When constructing infrastructures on soft clayey 
deposits with high compressibility and low strength, 
geotechnical engineers often face stability and large 
deformation problems. To increase the strength and 
stiffness of the ground, ground improvement is 
required before construction of the structures over 
such soft deposits. There are several common used 
ground improvement methods, such as preloading 
with prefabricated vertical drain (PVD) impr-
ovement and deep mixing column improvement. 
Comparing with other methods, preloading with 
PVD is an economical and environmentally friendly 
method. 

Construction of embankment on PVD-improved 
ground will not only induce settlement, but also 
lateral displacement of the ground. And if an emb-
ankment is going to be constructed in urban area or 
adjacent to some existence structures, predicting 
lateral displacement is an essential design require-
ment. 

For embankment construction over natural soft 
deposit, the ratio between lateral displacement and 
ground surface settlement under embankment cen-
terline, i.e., normalized lateral displacement (NLD), 
is commonly used in study the characteristics of 
lateral displacement during and after embankment 
construction (Tavenas et al. 1979; Tavenas and 
Leroueil 1980; Suziki 1988; Loganathan et al. 1993; 
Ma 1995; Malek 2001). Installation of PVD will 
accelerate rate of primary consolidation and strength 
gain, so theoretically less lateral displacement will 

be induced comparing with the case of natural 
deposit. For PVD-improved deposit, Ong and Chai 
(2011) conducted a series of laboratory model tests 
to investigate the maximum lateral displacement 
under combined embankment load and vacuum 
pressure, and Chai et al. (2013) proposed a semi-
empirical method to estimate the maximum lateral 
displacement considering the main affecting factors, 
such as magnitude of embankment load, loading 
rate, embankment geometry, and strength, deform-
ation and consolidation properties of the subsoil. 

Xu and Chai (2014) extended Chai et al. (2013)’s 
method to the cases of embankment load alone using 
some field case histories. However, the data from 
the field case histories are scattered because each 
field case has different soil profile and different 
loading conditions, and it is difficult to quantify the 
degree of influence of each parameter. Therefore, 
there is a need to conduct laboratory model test and 
calibrated numerical analysis to quantify the influ-
ence of each main parameter. 

In this study, a large scale laboratory model test is 
conducted to investigate the characteristics of lateral 
displacement of PVD-improved deposit under emb-
ankment load. Then the finite element analysis 
(FEA) using Paxis 2D is used to simulate the model 
test results. With verified FEA method, the effect of 
the main factors, i.e., loading rate and magnitude of 
embankment load, on the lateral displacement has 
been investigated quantitatively. And the numerical 
results are further adopted to check the usefulness of 
Xu and Chai (2014)’s method. 

Investigation of Lateral Displacement of PVD Improved Deposit under 
Embankment Load 

F. Xu, J. C. Chai, A. Saito & T. Hino 
Saga University, Saga, Japan 

 

 
 

 
 

 
 ABSTRACT: The characteristics of lateral displacement of prefabricated vertical drain (PVD) improved 
deposit under embankment load are investigated by a large scale laboratory model test and finite element 
simulations. The numerical method has been calibrated by the model test results first. Then the results of the 
numerical investigated cases indicate that the ratio of maximum lateral displacement (δm) to ground surface 
settlement at the embankment centerline (Sf), i.e. normalized lateral displacement (NLD = δm/Sf), increases 
with the increase of loading rate for a given embankment load, and increases with the increase of total 
embankment load for a given loading rate. The FEM results are within the predicted range of NLD by an 
existing method, which supports the prediction method. 
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2 LABORATORY MODEL TEST 

Plane view of the model test is illustrated in Figure 
1. The model box has inner dimensions of 1.50 m in 
length, 0.85 m in height and 0.62 m in width. The 
front and back walls are transparent acrylic glass, 
which facilitated the direct observation of lateral 
displacement. The model ground is divided into two 
independent parts by a 15 mm thick acrylic glass 
plate put at the center of the box along the lon-
gitudinal direction. 
 

 
 

Figure 1. Plain view of laboratory model test. 

2.1 Test procedures 

The soil used was remolded Ariake clay with an 
initial water content about 145%, liquid limit, wL = 
114.0%, plastic limit, wP = 60.6%. Firstly 3 layers of 
nonwoven geotextiles (thickness: 3 mm; weight: 130 
g/m2) were placed at the bottom of the model box, 
which functioned as a drainage layer. Then flexible 
plastic strips were attached on the inner faces of the 
front and back transparent acrylic glass walls for 
monitoring the lateral displacement profile of the 
ground. Next the remolded Ariake clay was filled 
into the model box layer by layer to a thickness of 
about 0.8 m. Then another 3 layers of geotextiles 
were placed on the surface of the model ground as a 
top drainage layer. The model ground was pre-
consolidated with 10 kPa pressure applied by dead 
load under two-way drainage condition for about 
two month. After pre-consolidation the thickness of 
the model ground was about 0.65 m. Removing the 
dead load, and two independent model ground were 
formed. 

Six mini-PVDs made of nonwoven geotextiles 
with cross-section of 0.03m × 0.01 m were insta-
lled into the model ground with fully penetration to 
accelerate the rate of consolidation. The mini-PVDs 
were driven into the model ground by a stainless 
steel rod, after reaching the bottom of the model 
box, the steel rod was withdrawn and mini-PVDs 
were left in the model ground. Properties of mini-
PVD are listed in Table 1. 
 

 

Tabel 1. Mini-PVD parameters. 
De: m dw: m ds: m kh/ks qw: m3/day l: m 
0.143 0.02 0.08 2 1 0.65 

Notes: De = diameter of unit cell (a mini-PVD and its 
improved area); dw = diameter of mini-PVD; ds = 
diameter of smear zone; kh = horizontal hydraulic 
conductivity of undisturbed zone; ks = horizontal 
hydraulic conductivity of smear zone; qw = discharge 
capacity of mini-PVD; l = length of mini-PVD. 

 
Embankment load was applied through 3 Bell-

ofram cylinders and 3 steel loading plates (each of 
them has a length of 0.29 m; width of 0.166 m; 
thickness of 0.02 m). To simulate the embankment 
load, the load applied on the central plate is two 
times the value on the plates of the two sides. Three 
settlement gauges were set on the three loading 
plates to measure the ground surface settlement. 

2.2 Tested conditions 

The case tested had an applied load of 60 kPa with a 
loading rate of 2 kPa/day (on central loading plate), 
and followed by a consolidation period of 11 days. 
The measured surface settlement curve of the central 
loading plate and final lateral displacement profiles 
are illustrated in Figure 2 and Figure 3, respectively. 
It is found that the lateral displacements measured at 
two sides are different. 
 

 
Figure 2. Settlement curve of tested case. 
 

 
 

Figure 3. Lateral displacement profiles of tested case. 
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3 MODELING BY FINITE ELEMENT METHOD 

3.1 Model method and parameters 

Since cases can be tested are limited, for 
investigating the main factors affecting lateral 
displacement, numerical method (FEM) has been 
used. Plane strain analysis were conducted using 
Plaxis 2D (version 8.2). Figure 4 shows the finite 
element mesh and boundary conditions. The used 
element is 15-node triangular element. For displa-
cement boundary, at bottom, both vertical and 
horizontal displacements were fixed and for left and 
right sides horizontal displacement was fixed while 
vertical displacement was allowed. For drainage 
boundary, the top and the bottom were permeable; 
the left boundary was also permeable for the exi-
stence of PVD, while the right boundary was imp-
ermeable. 
 

 

 

Mini-PVDMetal plate

0.
65

 m

0.75 m
PVD improved zone

 

Figure 4. Finite element mesh. 
 

Using hydraulic conductivity matching method 
(Hird et al. 1992), for a plane strain analysis using 
Plaxis 2D, the PVD is modeled as a drainage line. In 
horizontal direction in plane strain analysis, the 
hydraulic conductivity matching is made by 
Equation (1), 

( ) ( ) ( ) ( )
ha

hp 2
ha s ha w

2

3 ln / / ln 0.75 2 / 3

k
k

n s k k s l k qπ
=

 + − + 
  (1) 

where khp = matched horizontal hydraulic conduc-
tivity in plane strain analysis; kha = horizontal hydr-
aulic conductivity in axisymmetric condition; n = 
De/dw; s = ds/dw. 

The model ground was simulated using Soft Soil 
Model (SSM) and the loading plates were treated as 
an ideal elastic material. During the FEM modeling, 
hydraulic conductivity of the model ground varied 
with the void ratio of the soil by Equation (2) 
(Taylor 1948), 

0 k( ) /
010 e e Ck k −=                            (2) 

where k = hydraulic conductivity; k0 = initial hydr-
aulic conductivity; e = void ratio; e0 = initial void 
ratio; Ck = constant (0.4e0 was adopted). 

The adopted parameters for the model ground are 
listed in Table 2. 
 
Table 2. Model ground parameters. 
γt 

(kN/m3) 
e0 λ* κ* 

kh (2kv) 
(m/day) 

c' 
(kPa) 

φ' 
(o) 

Average 
OCR 

13.68 3.118 0.073 0.0146 
2.6×
10-4 

4.27 30 7.2 

Notes: γt = unit weight; λ* = modified compression index; κ* = 
modified swelling index; kv = vertical hydraulic 
conductivity; c' = cohesion; φ' = friction angle; OCR = 
over consolidation ratio. 

3.2 Simulating the model test 

The simulated settlement curve on the center loading 
plate and final lateral displacement profile are 
illustrated in Figure 2 and Figure 3, respectively. 
The simulated settlement rate is slightly faster than 
the measured one, but the final settlement agrees 
with the test data well. For lateral displacement pro-
file, the simulated result is close to the range formed 
by the measured data at left and right sides. Gene-
rally the simulated results reasonably agree with the 
measured data. Therefore it is considered that the 
FEM model can be used to further quantitatively 
investigate the main influencing factors on lateral 
displacement. 

3.3 Numerical investigation 

The main factors affecting lateral displacement of 
PVD-improved deposit under embankment load are 
magnitude of embankment load, loading rate, emba-
nkment geometry, and strength, deformation and 
consolidation properties of the soft deposit (Ong and 
Chai 2011; Chai et al. 2013). Here the effects of 
embankment loading rate (LR) and the magnitude of 
embankment load (pem) on the lateral displacement 
have been investigated numerically. The analyzed 
settlement curves at the center loading plate and the 
final lateral displacement profiles of simulated cases 
are plotted in Figures 5-8. The symbol 50-2 means 
the total applied load on the center loading plate is 
50 kPa and the loading rate is 2 kPa/day, and the 
other symbols are defined by the same rule. For all 
of the simulated cases there was no sign of the 
model ground failure. 

Generally, for a given soft ground, the larger 
settlement usually corresponds to larger lateral disp-
lacement. So, a dimensionless parameter named nor-
malized lateral displacement (NLD) is used to study 
the characteristics of the lateral displacement and 
NLD is, 
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Figure 5. Effect of loading rate on simulated settlement. 
 

 

Figure 6. Effect of loading rate on simulated lateral displace-
ment. 

 

 
 

Figure 7. Effect of total load on simulated settlement 
 

 
 

Figure 8. Effect of total load on simulated lateral displacement 

m

f

NLD
S

δ
=                               (3) 

where δm = final maximum lateral displacement; Sf = 
final surface settlement at the central of the loading 
plate (embankment centerline). 

3.3.1 Effect of LR on NLD  
The NLD values of the simulated cases are sum-
marized in Table 3. The relationship between NLD 
and LR is shown in Figure 9.  
 
Table 3. Summary of simulated cases. 

Case pem 
(kPa) 

LR 
(kPa/day) 

Sf 
(mm) 

δm 
(mm) NLD 

50-2 50 2 86.7 7.7 0.089 
50-3 50 3 88.7 8.5 0.095 
50-4 50 4 87.2 8.7 0.100 
50-5 50 5 85.2 9.2 0.108 
50-6 50 6 86.1 10.8 0.126 
60-2 60 2 101.4 10.5 0.104 
60-3 60 3 98.6 11.4 0.115 
60-4 60 4 103.9 12.9 0.124 
70-2 70 2 114.8 13.5 0.117 
70-3 70 3 119.5 15.5 0.129 
80-2 80 2 128.0 16.9 0.132 
 

 
 

Figure 9. NLD values for different LR. 
 
Although the data points are limited and a little 

bit scatter, there is a clear trend that for a given total 
load the NLD value increases with the increase of 
LR. For the cases investigated the relationship is 
almost linear, and the increase rate increases with 
the increase of total applied load. 

 

 
 

Figure 10. NLD values for different pem. 
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3.3.2 Effect of pem on NLD 
The relationship between NLD and pem is given in 

Figure 10. For the cases investigated for a given 
loading rate, the NLD value almost linearly increases 
with the increase of pem value, and the increase rate 
increases with the increase of LR. 

4 COMPARING FEM RESULTS WITH 
PREDICTIONS BY AN EXISTING METHOD 

Based on observation of a series of case histories, 
Chai et al. (2013) proposed a semi-empirical method 
for predicting likely range of NLD of PVD-improved 
deposit under combined embankment load and 
vacuum pressure. Xu and Chai (2014) extended this 
method to cases of embankment load alone, and the 
predicted likely range of NLD is indicated in Figure 
11. Here the FEA results are analyzed and compared 
with the predicted values. 
 

 
 

Figure 11. NLD-RLS relationship. 

4.1 Brief description of prediction method 

The method is an empirical relationship between 
NLD and the ratio of an index pressure to repress-
entative undrained shear strength (RLS), 

n

u

p
RLS

s
=                                (4) 

( )n em 1p p U= −                           (5) 

where pn = index pressure; U = average degree of 
consolidation of PVD-improved zone, and su = 
representative undrained shear strength of the PVD-
improved zone at the end of embankment construc-
tion. 

In the numerical simulation, Soft Soil Model 
(SSM) was adopted for the model ground, and 
according to SSM, undrained shear strength can be 
evaluated by Equation (6), 

( )01

1

2us Mp OCR
Λ

Λ+
′=                      (6) 

( )
2 2

0 2
cot

M
p p c

M

η
Λ

 +
′ ′ ′ ′= + ⋅ 

 
φ              (7) 

cotφ

q

p c
η =

′ ′ ′+ ⋅
                         (8) 

where M = slope of the critical state line in p'- q plot; 
p'0 = corresponding effective mean stress on isot-
ropic consolidation line; p' = effective mean stress; c' 
= cohesion; η = stress ratio; q = deviator stress; Λ = 
(1-κ/λ), κ and λ are slopes of unloading-reloading 
line and normal compression line in e-ln(p') plot, 
respectively. 

4.2 Analyzed results 

The relationship between NLD and RLS is summa-
rized in Table 4 and Figure 11.  
 
Table 4. Analyzed NLD and RLS values. 

pem 
(kPa) 

LR 
(kPa/day) 

U 
(%) 

pn 

(kPa) 
su 

(kPa) NLD RLS 

50 2 91.9 4.1 12.4 0.089 0.326 
50 3 87.7 6.2 11.9 0.096 0.517 
50 4 84.5 7.8 11.3 0.101 0.684 
50 5 81.9 9.1 11.0 0.109 0.821 
50 6 80.2 9.9 10.9 0.127 0.910 
60 2 93.4 3.6 15.0 0.105 0.241 
60 3 91.6 5.1 14.5 0.113 0.348 
60 4 89.3 6.4 14.2 0.125 0.450 
70 2 95.9 2.9 17.7 0.118 0.164 
70 3 94.5 3.9 17.5 0.131 0.222 
80 2 97.1 2.3 20.5 0.133 0.113 

 
Although the data points in Figure 11 still show 

some scanter, they are all located in the proposed 
likely range, which supports the NLD-RLS relation-
nship proposed by Xu and Chai (2014).  

5 CONCLUSION 

For embankment construction on soft clayey deposit 
in urban area, predicting lateral displacement (δm) is 
an essential requirement for design. A large scale 
laboratory model test and finite element analysis are 
carried out to investigate the characteristics of lateral 
displacement of prefabricated vertical drain (PVD) 
improved deposit under embankment load. 

It is shown that under working condition, for a 
given embankment load, the normalized lateral 
displacement (NLD), i.e. NLD = δm/Sf (Sf is the final 
surface settlement), increases with the loading rate; 
and for a given loading rate, NLD increases with the 
magnitude of embankment load. The numerical 
results are in the likely range of NLD predicted by 
the empirical method of Xu and Chai (2014), which 
supports the usefulness of the method. 
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1 INTRODUCTION 

A serious problem on the construction of civil engi-
neering structures in Bangkok is that the underlying 
soft clay has very low shear strength. This leads to 
an introduction of deep cement mixing (DCM) tech-
nique which has become popular for improving the 
strength and deformation properties of soft clay. By 
DCM, a kind of drilling machine with high-pressure 
nozzles is used to inject the water to remould the 
soft clay in-situ until it becomes liquid. Then, ce-
ment slurry is injected with the high-pressure noz-
zles while extracting up the machine to the ground 
surface. Finally, a DCM column with the designated 
diameter and length is then obtained. Advantage of 
DCM is that it is applicable to almost all soil types, 
designable strength and permeability, vibration-free, 
applicable in limited working spaces, maintenance-
free and faster than other alternative methods. 

DCM has been usually adopted for soft clay lo-
cated uppermost for a shallow depth in the field. At 
this depth level, the lateral confinement is low. This 
low lateral confinement is a major problem found 
with sand compaction pile (SCP) and stone column 
(SC) techniques. That is, the excessive lateral expan-
sions of SCP and SC have been observed, resulted in 
the excessive settlement of the structures being sup-

ported. Recently, Murugesan and Rajagopal (2007), 
Gniel and Bouazza (2009), Ali et al. (2012), Yoo 
and Lee (2012), among many others, have studied 
for an improvement of lateral expansion of SC by 
encasing with geogrid. Their test results showed that 
lateral expansion could be significantly restrained by 
the geogrid encased. Jamsawang et al. (2009) intro-
duced what is called stiffened deep cement mixing 
(SDCM) piles for an improvement of load transfer 
from the head of DCM pile to soil underneath by 
means of an inserted H-steel pile. They showed that, 
by ability to partially transfer the applied load direct-
ly to the supporting soil at a deeper level, the settle-
ment of structure being supported became signifi-
cantly less.  

From the above, it is of interest to investigate the 
effects of encasing the DCM pile with geogrid. In 
this study, specimens of cement-mixed clay encased 
with geogrid (CMEG) were prepared for various 
cement contents (Aw) and curing times. Then, un-
confined compression tests were performed on these 
specimens for: i) studying the strength and defor-
mation behaviours of CMEG; ii) comparing obser-
vation i with the unreinforced ones; and iii) studying 
the effects of Aw and curing time on the strength and 
deformation behaviours. 

Effects
 
 of Geogrid-Encasement on the Strength and Deformation 

Behaviours of Cement-Mixed Clay 

K. Kaewsresai & W. Kongkitkul 
King Mongkut’s University of Technology Thonburi, Bangkok, Thailand 

S. Horpibulsuk 
Suranaree University of Technology, Nakhon Ratchasima, Thailand 

ABSTRACT: Improvement of soft clay by mixing with cement has been widely adopted in Thailand so as to 
increase the compressive strength as well as to decrease the settlement caused by consolidation. Generally, the 
improved soft clay exhibits preferable strength and permeability properties; however, these outcomes are at-
tained with the low tensile strength and brittle behaviours. In the literature, polymer geogrid has been adopted 
for soft soil improvement with stone column (SC) and sand compaction pile (SCP) techniques. The lateral de-
formation of SC and SCP could be significantly decreased by geogrid-encasement and therefore, the vertical 
load could be efficiently transferred to the soil layers beneath. In this study, a series of unconfined compres-
sion tests were performed on cement-mixed clay specimens with the diameter of 75 mm and the height of 150 
mm. Cement contents of 10 %, 15 % and 20 % by dry weight of clay and water-to-cement ratio of 0.6 were 
used to prepare the cement-mixed clay paste. A type of polyester geogrid was used to encase the specimen. It 
was found from the test results that by encasing with geogrid, the compressive strengths were increased for 
9.77 % and 25.37 % at 7 days and 28 days, respectively. In addition, the geogrid showed a great potential to 
sustain the axial stress for large axial deformation, even the local failure in the cement-mixed clay matrix has 
been developed.  
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2 EXPERIMENTAL PROCEDURES 

2.1 Test materials 

Bangkok soft clay retrieved from the depth between 
4 m to 5 m was used. Its physical properties are 
shown in Table 1. A normal Portland cement type I 
was used to mix with the Bangkok clay which has 
been remoulded in advance. A type of geogrid made 
of high modulus polyester fibre was used for prepa-
ration of geogrid-encased specimens. Its ultimate 
tensile strength is 50 kN/m, following the manufac-
turer’s technical sheet. 

2.2 Preparation of specimen 

Test specimen is cylindrical in shape with the di-
ameter of 75 mm and the height of 150 mm (Figure 
1). The cement contents (Aw) of 10 %, 15 % and 20 
% by dry weight of clay and the water-to-cement ra-
tio (w/c) of 0.6 (Jamsawang et al., 2009) were cho-
sen in this study. The selected total clay water con-
tent (Cw) is 105 % because it has been found in the 

literature that the unconfined compressive strength 
and the one-dimensional yield stress of Bangkok 
clay are greatest when Cw = 105 %. Therefore, the 
remoulding clay water content (w*) could be deter-
mined from Eq. 1. 

( )*w wC w w c A= +  (1) 

Specimen preparations are as follows. First, mix 
the Portland cement type I with water until the slurry 
becomes homogeneous. Then, mix the cement slurry 
with the remoulded Bangkok clay by a blending ma-
chine for five minutes to ensure the uniformity of the 
mixture. 

There were mainly two types of specimens: i) en-
cased cement-mixed clay (ECC) specimens; and ii) 
unreinforced cement-mixed clay (UCC) specimens. 
The geogrid used for encasing was prepared by cut-
ting into a rectangle then rolling to form a cylinder 
shape (Figure 2). At the location where both ends of 
geogrid were overlapped, they were tied together by 
a stand of geogrid that had been prepared in advance 
(Figure 2). Then, the formed geogrid was placed into 
a steel mould. After that, the soil-cement mixture 
was poured into the mould. At this moment, the 
mould was shaken periodically by a shaking ma-
chine so as to expel the air-bubble from the soil-
cement mixture as much as possible. Then, speci-
mens were cured in mould by wrapping with a plas-
tic bag for three days. Subsequently, specimens were 
taken out from the mould and wrapped with a plastic 
film (Figure 1). Then, they were stored in an incuba-
tor for curing times of 7 days (ECC-7 and UCC-7) 
and 28 days (ECC-28 and UCC-28).  

2.3 Unconfined compression tests 

Unconfined compression tests were performed on 
respective specimens, right after they had been cured 
for the target time. Tests were conducted following 
ASTM D 2166 standard. The compression rate em-
ployed was 1.5 mm/min. Compression was contin-
ued until the axial strain of 10 % is achieved which 
is treated as the end of test. 

2.4 Test result analysis 

Unconfined compression test results were analysed 
with the concepts derived from test method for flex-
ural performance of fibre-reinforced concrete 
(ASTM C 1609). Figure 3 shows the relationship be-
tween load and net deflection that would be obtained 
from a flexural strength test (ASTM C 1609), which 
could be compared with the relationship between the 
axial stress and axial strain obtained from uncon-
fined compression tests in this study shown in Fig-
ure 4. 

 Table 1. Properties of Bangkok clay used 

Properties Characteristic values 

Liquid Limit, LL (%) 83.6 

Plastic Limit, PL (%) 29.2 

Plasticity Index, PI (%) 54.4 

Water content, w (%) 75.6 - 84.0 

Density, ρ (g/cm3) 1.58 

 

 

Figure 1. Test specimens wrapped with plastic film for curing. 

 

Figure 2. Formed polyester geogrid. 
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Figure 3. Load-net deflection curve from flexural perfor-
mance test (ASTM C1609). 

 
(a)  

(b)  
Figure 4. Definitions of maximum compressive strength 
(σp) and residual strength (σr) when: a) the stress-strain 
curve shows the peak strength; and b) the highest stress is 
the same as the value at the end of test. 

  
(a)  

 
(b)  

Figure 5. Definition of equivalent ductility ratio: a)

,10% 100%Strain
TR < ; and b) ,10% 100%Strain

TR >  

2.4.1 Stress definitions 
There were two possible characteristics of stress-
strain curve observed in this study (Figure 4) which 
are: i) stress-strain curve exhibited a clear peak 
strength before the end of test (Figure 4a); and ii) 
stress-strain curve did not show any peak strength 
until the end of test (Figure 4b). In the former case, 
the peak strength (σp) was defined at the peak state, 
while in the latter case, it was defined at the point 
along the stress-strain curve where the maximum 
curvature exhibited which was estimated by sight. In 
both cases, the residual strength (σr) was defined as 
the stress value when the axial strain is equal to 10 
%.  

2.4.2 Strain definitions 
The axial strain at the end of test which is equal to 
10 % was defined as the residual strain (εr). This is 
treated similar to the deflection of L/150 in the flex-
ural strength test (Figure 3; ASTM C 1609). On the 
other hand, the axial strain at peak (εp) was defined 

at the same point along the stress-strain curve where 
the peak strength (σp) was defined (Figure 4).  

 

2.4.3 Equivalent ductility ratio 
From ASTM C 1609, the equivalent flexural 
strength ratio ( ,150

D
TR ) was defined as shown in Eq. 2. 

 

( )
150

,150
1

100%
150

D
D
T

T
R

P L
= ×  (2) 

where P1 is the first peak load, analogy to σp in Fig-
ure 4; L/150 is the deflection at the end of test, anal-
ogy to εr in Figure 4; and 150

DT  is the area under the 
load-net settlement curve since the origin until the 
end of test where deflection is L/150.  

Obeying the concepts employed to quantify the 
flexural strength, an equivalent ductility ratio (,10%

Strain
TR ) 

was defined as shown in Eq. 3, for the unconfined 
compression test results obtained in this study. This 
definition is similar to the ,150

D
TR  shown in Eq. 2. 

 

10%
,10% 100%

10

Strain
Strain
T

p

T
R

σ
= ×

×
 (3) 

Figure 5 shows the two possibilities for ,10%
Strain
TR , that 

is: i) ,10% 100%Strain
TR < ; and ii) ,10% 100%Strain

TR > . Figures 5a 
and 5b are corresponding to Figures 4a and 4b, re-
spectively. This ,10%

Strain
TR  value indicates the ductility 

performance or ability to persist a large deformation 
of UCC and ECC upon axial compression until 10%. 
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(a) 

 

(b)   

(c) 
Figure 6. Relationships between axial stress and axial strain 
for different cement contents (Aw) of: a) 10 %; b) 15 %; and 
c) 20 %. 
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3 TEST RESULTS AND DISCUSSIONS 

3.1 Stress-strain behaviours  

Figures 6a-6c show the axial stress-axial strain rela-
tions obtained from unconfined compression tests 
performed in this study. Any differences observed 
are due to different cement contents, curing times 

and presence of geogrid. In general, the peak 
strength (σp) increases with an increase in the ce-
ment content, an increase in the curing time and the 
presence of encased geogrid. In detail, as seen with 
ECC specimens, the axial stress was increased until 
the σp exhibited after which cracks or failure planes 
were observed (Figure 7b). This trend of behaviour 
was also observed with UCC specimens (Figure 7a). 
After the cracks exhibited, the encased geogrid was 
still able to enfold the ECC specimens so that the ax-

ial stress could further be increased with further ap-
plied axial compression, though it is at much slower 
rate than before the σp exhibited. On the other hand, 
the UCC specimens could not maintain their axial 
stresses with further increase in the axial strain. That 
is, UCC specimens showed a strain-softening behav-
iour while the ECC specimens a strain-hardening 
behaviour. Consequently, it may be seen that UCC 
specimens exhibited a brittle property while the ECC 
specimens a ductile property.  

Hardening behaviours of ECC specimens after the 
peak stress (σp) had been exhibited are as follows. 
When the axial strain is less than, say, 5%, the rate 
of increasing stress with strain for the ECC-7 speci-
mens were greater than the ECC-28 specimens. 
When the axial strain was greater than 5%, the rate 

                   
(a)                                            (b) 

Figure 7. Failures of test specimens: a) unreinforced; and b) 
encased with geogrid. 

Figure 8. Effects of cement content, curing time and ge-
ogrid-encasement on the compressive strength of cement-
mixed clay. 
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of stress increasing for the ECC-28 specimens be-
came greater than the ECC-7 specimens. This be-
haviour was due to the less stiffness of cement-
mixed clay at a shorter curing time which resulted in 
greater radial and tangential deformations when 
compressed axially (

θ
δε =

r
δε =

a
Eν δσ′− ). The tan-

gential deformation activated the tensile force in the 
encased geogrid which in turn resulted in the force 
enfolding the specimen and thus an increase in the 
compressive strength. For specimens cured for 7 
days, their stiffness was not developed very well 
then, the tangential deformation simultaneously oc-
curred with the development of geogrid tensile 
force. As a result, they did not exhibit a clear yield 
point. This behaviour is similar to the one-
dimensional compression characteristic of soft in 
that the axial stress continues to develop as long as 
the geogrid is not ruptured. However, for specimens 
cured for 28 days, their stiffness was well developed 
to be, say, much greater than the geogrid. When ap-
plying axial compression until the σp, it could be 
seen that the stress-strain characteristic of encased 

specimen is not much different from the unrein-
forced one. Any increase in the compressive strength 
during this regime was resulted from the more ce-
mentation by the longer curing time. After the σp 
had been exhibited, local failure of specimen devel-
oped, resulted in a slight decrease in the axial stress, 
but introduced more tangential strain. Thus, the axial 
stress further developed after sufficient axial com-
pression was applied. The occurrence of local failure 
became more significant than the development of 
geogrid tensile force and vice versa, as observed 
with the specimen having Aw = 20% (Figure 6c). 

3.2 Peak and residual strengths 

Effects of cement content, curing time and geogrid-
encasement on the compressive strength are shown 
in Figure 8. Table 2 lists the peak strength (σp) val-
ues read from the stress-strain curves shown in Fig-
ure 6. By encasing with geogrid, the σp values were 
increased for 9.77% and 25.34% for specimens 
cured for 7 days and 28 days, respectively. The cur-
ing time also had significant influence on increasing 

Table 2. Effects of curing time and cement content on the peak strength (σp) of cement-mixed clay 

Curing 
time 
(days) 

Cement content, 
Aw (%) 

Peak strength, σp 

Unreinforced 
(kPa) 

Encased 
(kPa) 

Percent increased 
(%) 

Average 
(%) 

7 

10 135.28 150.63 11.35 
 

15 212.73 235.25 10.59 9.77 

20 396.07 425.23 7.36 
 

28 

10 187.78 232.69 23.92 
 

15 436.76 524.07 19.99 25.34 

20 792.12 1046.61 32.13 
 

 
Table 3. Effects of curing time and cement content on the residual strength (σr) of cement-mixed clay 

Curing time 
(days) 

Cement content, 
Aw (%) 

Residual strength, σr
*  Percent increased after σp (%) 

Unreinforced (kPa) Encased (kPa) Unreinforced (%) Encased (%) 

7 
10 49.76 205.52 -63.22 36.44 
15 73.29 365.3 -65.55 55.28 
20 115.19 588.82 -70.92 38.47 

   
Average -66.56 43.40 

28 
10 32.99 311.75 -82.43 33.98 
15 45.43 650.62 -89.60 24.15 
20 178.45 1008.72 -77.47 -3.62 

*: σr is defined at the axial strain equal to 10 %. Average -83.17 18.17 
 
Table 4. Equivalent ductility ratio. 

Curing times 
(days) 

Cement content, 
Aw (%) 

Equivalent ductility ratio, ,10%
Strain
TR  

Unreinforced (%) Average (%) Encased (%) Average (%) 

7 

10 48.42 
 

115.45 
 

15 52.10 48.17 126.74 120.04 

20 43.99 
 

117.94 
 

28 

10 40.90 
 

105.68 
 

15 28.24 36.43 102.24 100.04 

20 40.16 
 

92.19 
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of the peak strength. The net increase in the peak 
strength due to the encased geogrid was 15.57%, 
showing that the bonding efficiency between the 
soil-cement mixture and the geogrid had also been 
developed with the curing time.  

Table 3 lists the residual strength (σr) values read 
from Figure 6 at the axial strain of 10 %. Figure 8 
also plots these values with the cement contents. At 
the axial strain of 10%, the σr values for UCC spec-
imens were decreased from the peak strengths (σp) 
for 66.56% and 83.17% for the curing times of 7 
days and 28 days, respectively. This shows a signifi-
cant loss of stress when subjected to large defor-
mation. In contrast, the σr values for ECC specimens 
were increased from the σp values for 43.40% and 
18.17% for the curing times of 7 days and 28 days, 
respectively. This shows that encasing cement-
mixed clay with geogrid could substantially prolong 
the sustainability of cement-mixed clay against a 
large deformation. 

3.3 Ductility performance 

Table 4 lists the equivalent ductility ratio (,10%
Strain
TR ) 

analysed from Figure 6. It could be seen that ,10%
Strain
TR  

is substantially less than 100% for the UCC speci-
mens, which implies a significant reduction on sus-
taining the axial stress at its peak when subjected to 
further compression. On the other hand, for the ECC 
specimens, ,10%

Strain
TR  is above 100%, showing that the 

axial stress could further be developed even the peak 
state had been exhibited. From the stress-strain 
curves shown in Figure 6, it could be implied that 
the cement-mixed clay matrix played an important 
role on carrying the stress before reaching the peak 
state at which local failure was developed. Then, 
without the encased geogrid, the failure was pro-
gressed and therefore the ability to carry the stress in 
the cement-mixed clay matrix was substantially lost. 
In contrast, such a loss could be compensated by the 
enfolding force mobilised in the geogrid, even to a 
higher level than the peak state. Anyway, it may be 
seen that ,10%

Strain
TR  for longer curing time is less. This 

could be due to the more brittle material-like behav-
iour by curing for a longer time. 

4 CONCLUSIONS 

The following conclusions may be derived: 
1. Encased geogrid could maintain the compres-

sive strength of cement-mixed clay when subjected 
to large axial deformation, even after the local fail-
ure has developed. 

2. Tangential strain developed by axial compres-
sion activates the tensile force in the encased ge-
ogrid which in turn develops the stress enfolding the 
specimen and results in an increase of compressive 
strength. 

3. By encasing with geogrid, the peak strengths 
were increased for 9.77% and 25.34% for curing 
times of 7 days and 28 days, respectively.  

4. At the residual states, the strengths of unrein-
forced specimens were decreased from the peak 
states for 66.56% and 83.17% for curing times of 7 
days and 28 days, respectively. In contrast, they 
were increased for 43.40% and 18.17% from the 
peak state for curing times of 7 days and 28 days, re-
spectively. 

5. The equivalent ductility ratio ( ,10%

Strain

TR ) was de-
fined to indicate the ability to sustain a large axial 
deformation of cement-mixed clay. The ,10%

Strain

TR  for un-
reinforced specimens were substantially less than 
100% while the values of encased specimen were 
greater or near to 100%. This indicates a potential of 
geogrid encasement for sustaining the axial stress for 
a large deformation which would be expected for a 
soft clay layer near to the ground surface. 
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1 INTRODUCTION 

The deposit soft clay (i.e. natural land in coastal, 
land of broad basin, and low land regions), general 
exhibits very low shear strength and very high   
compressibility. Due to these undesired engineering 
characteristics, the ground improvement technique is 
essential.  
    The ground improvement technique means         
modification of soil properties such as increasing 
soil shear strength, reducing soil compressibility and 
reduction of soil permeability. The ground           
improvement of soft Bangkok clay being
implemented in Thailand includes sand compaction 
piles (SCP), prefabricated vertical drains (PVD), 
deep mixing method (DMM), and mechanically  
stabilized earth (MSE). The applicability of various 
techniques depends on the soil types, which have 
been tested to provide various solutions for existing 
problems on soft ground that may influence their   
utilization. In recent years, lightweight geo-materials 
have been developed and widely utilized in the      
infrastructure rehabilitation, earth structures, and    
construction of new facilities, in order to reduce both 
overburden stress acting on an underground      
structure and lateral earth pressure acting on          
retaining structure. Especially, air-cement treated 
soil or air-foam treated lightweight geo-material 
(LGM) or lightweight foam mixed soil (LFS) was 

appropriated to ground improvement rather than   
another lightweight geo-materials (e.g. add stability, 
less deformation, low cost, less time construction, 
etc.)  

However, the property of LFS is also affected by 
the properties of cement and foam in terms of      
brittleness, poor flexural (or tensile) strength, and    
a peak strength that occurs at low deformation.          
In order to reduce those properties and increase its 
toughness, adding short fibers into the mixture have 
been suggested in many past researches. Nowadays, 
there are many fiber types available for commercial 
use such as steel, glass, synthetic material (polypro-
pylene, carbon, nylon, etc.) and some natural fibers. 
Among these, polypropylene fibers can generally 
endure relatively high tensile stresses. They are    
dispersed randomly in the soil and result in frictional 
strength between the soil and fibers, thus increasing 
the shear strength (Maher and Grey 1990). 

Polypropylene fibers have been introduced as       
additive binder in admixture to improve strength and 
deformation characteristics of cement stabilized soil. 
It has been reported that the use of polypropylene  
fibers increased the flexural strength when fibers are 
incorporated into the mix of soil cement column 
(Sukontasukkul and Jamsawang 2012). Ayyappan et 
al. (2010) showed that inclusion of fibers increased 
the peak compressive strength and ductility of     
soil-fly ash specimens. Furthermore, the content and 
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length of fibers played an important role in the 
change of strength values, the highest strength     
values were obtained with 0.5-0.75% content for the 
12 mm-long fibers of cement-fly ash stabilized soil 
(Olgun 2013). Cai et al. (2006) stated that an in-
crease in fiber content lead to increase in strength, 
shrinkage potential and toughness of soil while      
results in the reduction of swelling potential. 

Previous experimental studies of polypropylene 
fibers were mostly investigated their effect on soil, 
soil-cement, or soil-lime mixtures, while the study 
on LFS mixture has not been conducted yet. There-
fore, the objective of this study is to investigate the 
effect of polypropylene fibers on strength and de-
formation characteristics of LFS mixture. A series of            
unconfined compression test was conducted on soil 
samples with different lengths of fiber (6 mm. and 
12 mm.) at three different volume fractions: 0.5%, 
0.75% and 1.0%.    

2 MATERIALS AND EXPERIMENTAL 
PROGRAM 

2.1 Materials 

Four types of materials, soft clay, cement, foam, and 
polypropylene fibers were used in this research. The 
base clay utilized in this study is the soft Bangkok 
clay. The soil for the test is sampled from the depth 
of about 4-6 m. The thickness of soft to medium stiff 
clay in the upper layer varies from 12 to 20 m, while 
top layers consist of 2 m thick weathered clay, and 
about 5 m thick first stiff clay. Beyond the first stiff 
clay, the stratification consist of alternating layers of 
stiff clay and dense and with gravel down to 500 m 
depth (Bergado et al. 1996). 

The cement used in this study is Type I Portland 
cement consisting of tricalcium silicate (C3S),  
dicalcium silicate (C2S), tricalcium aluminate 
(C3A), and tetracalciumalumino-ferrite (C4A), 
which are major strength producing compounds. 
Specific Gravity (Gs) of Portland cement is 3.14. 
The cement content is considered as amount of    
cement by weight in 1 m3 of LFS as in the unit of 
kg/m3. 

Foam is material made by mixing both foaming 
material and air together in air foam generator. The 
required density is 0.05 t/m3(Hayashi et al., 1998). 
The foaming material is made by diluting the     
foaming agent with water. The proportional of    
mixture (foaming agent: water) is 1:19 suggested by 
the Public Works Research Institute (PWRI), Japan 
(HGS Research Consortium 2005). 
    Polypropylene fiber is prepared with different 
lengths of fiber (6 mm and 12 mm) at three different 
volume fractions: 0.5%, 0.75% and 1.0%. The   
properties of polypropylene fibers are shown in the 
table 1.  

Table 1. Properties of polypropylene fiber  
(Sukontasukkul  and Jamsawang 2012). 

Properties Details 
Specific gravity 0.91 
Shape Fully crimped 
Length(mm) 58 
Section(mm) Rect.1.0 x 0.5 
Aspect ratio (l/d) 52 
Tensile strength (N/mm2) 450 

2.2 Preparation of specimens 

Prior to admixing with foam, the prepared remolded 
clay sample at particular remolding water content 
was mixed with cement and polypropylene fiber    
inside soil mixer until the mixture becomes slurry 
for about 6 minutes. The constant remolding water 
content of 300% was used in all tests. Subsequently, 
air foam was added and mixed with the slurry, the 
desired density of air-cement treated soil is adjusted 
to achieve the target density within a range of±0.03 
g/cm3. The flow ability value of the mixture is     
controlled in the range of 16 to 20 cm (Kohashi, 
2005). Figures 1-3 show the specimen preparation. 

2.3 Testing program 

The water content, specific gravity of soil           
specimens, and unconfined compression test were         
determined in accordance with ASTM D2216, and 
ASTM D2166-00(2002), respectively. Specimen 
was 50 mm in diameter and 100 mm in height. After 
curing, it was extruded from the mold. The unit 
weight of the specimen was obtained prior to testing. 
The rate of shearing was maintained to 1.14% per 
minute (1.14 mm/min) and the test program is   
summarized in Table2. 
 
Table 2. Summary of the Program for Unconfined Compres-
sion Test.  

Unit 
weight 

Cement 
content 

Water 
content 

Fiber 
length 

Fiber 
 content 

Curing 
time 

(kN/m3)   (kg/m3) (%) (mm) (%) (days) 
8 150 300 6, 12 0.5,0.75,1 7, 28 
10 150 300 6, 12 0.5,0.75,1 7, 28 
12 150 300 6, 12 0.5,0.75,1 7, 28 

3 RESULTS AND DISCUSSION 

3.1 Stress-strain behaviors  

The stress-strain relationship was defined as func-
tions of fiber content at different densities are shown 
in Figs.4 (a), and 4(b). The maximum compressive 
strength of LFS occurred at an axial strain range of 
0.5-2 %, indicating a brittle property of material. Af-
ter reaching peak strength, the unconfined compres-
sive strength decreased with increasing axial strain, 
and strain softening occurred. 
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Considering to deformation characteristics, the 
loss of post-peak strength were observed in this 
study. In the presence of fibers, even when the soil 
deforms in compression, a gradual strength          
reduction appeared in case of fiber reinforced. This 
situation can be explained as the deformation is    
resisted by fiber in direction of tensile strain 
through fiber-soil frictional interactions (Olgun 
2013). By comparing the efficiency of fiber in term 
of density of the mixture, high density sample tends 
to attain a better performance when fiber was    
added. At low density of LFS (8 kN/m3) has a 
greater void ratio, this condition prevented full  
contact between soil and fiber, therefore fibers   
cannot stretch completely. 

Figure 5 shows the comparison of stress-strain       
relationships between samples having two different 
lengths of fiber (6 mm and 12 mm). The strain at 
peak strength increased from 1-2% of 6 mm-long 
fibers to 3-4% for 12 mm-long fibers. It is demon-
strated that the fiber length affected in terms of de-
formation characteristic, longer fiber provides a bet-
ter performance. This is probably due to that short 
fiber (6 mm.) separated more easily from   soil-fiber 
complex when force was applied, whereas 12 mm-
long fibers adhere to each other, and flocculation 
occurred. Many previous researchers have reported 
similar results from studies using 12 mm (Cai et al. 
2006, Tang et al 2007, and Olgun 2013). 

The curing time also had significant influence on 
the efficiency of fibers. The stress-strain relation-
ships of unreinforced and reinforced samples with 
fibers for curing time of 7 and 28 days are present-
ed in figure 6. The stress-strain response was af-
fected by the curing time, the post-peak strength 
decreased as sharp softening after reached peak 
strength for specimens with curing time of 28 days, 
but slightly decreased against continuing strain for 
specimens with curing time of 7 days.   

3.2 Unconfined compressive strength 

One of the important factors for unconfined com-
pressive strength of LFS is density which indicates 
the air-foam content in soil mixture. Table 3 lists 
the peak strength values read from the stress-strain 
curve for specimens cured for 7 days and 28 days, 
respectively. 

 
 
 
 
 
 
 
 
 
 
 

(a) 
 
 
 
 
 
 
 
 
 
 
 

(b) 
 

Figure 4. Stress-strain behaviors as a function of     fiber con-
tent for different densities of: (a) 8 kN/m3 and (b) 12 kN/m3for 
curing time at 28 days. 
 

The testing results illustrated that the unconfined 
compressive strength increased when polypropyl-
ene fibers was added due to bond strength and fric-
tion at the interface between fiber and soil mixtures. 
In this study, most unconfined compressive strength 
increased with an increase in fiber content. 

The maximum strength values were obtained for 
fiber content of 1.0% It can be clearly seen that the 
additional compressive strength (from unreinforced 
sample) generally increased with an increase in 
density for mixtures with curing time of 7 days. In 
contrast, for mixtures with curing time of 28 days, 
the additional compressive strength generally de-
creased with an increase in density. Comparing be-
tween fiber lengths, they show the same perfor-
mance, strength were enhanced. Longer fiber (12 
mm) tends to perform slightly greater strength than 
shorter fiber (6 mm). 
 

Figure 1. Remolding the base clay.    Figure 2. Preparation of Foam. Figure 3. Preparation of   polypropylene  
fibers. 
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Table 3. Peak strength read from stress-strain curve 
 
 
 
 
 
.           
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 5. Comparison of stress-strain relationships between 
two different lengths of fiber (6 mm and 12 mm) for curing 
time at 7 days. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 6. The stress-strain relationships of unreinforced and 
reinforced for curing time of 7 and 28 days with 12 mm-long 
fibers. 
 

3.3 Secant modulus  

The secant modulus denotes the slope of the line 
between the origin and the point qu/2 on the stress-
strain curve. To facilitate the engineering decision 
in case of application, secant modulus ratio was 
performed in this study, which defined as             
the ratio of secant modulus between reinforced to 
unreinforced sample. Table 4 shows the secant 
modulus ratio compared between different fiber 
lengths for curing time of 28 days. It demonstrated 
that the secant modulus ratio tends to be decreased 
(less than 1) with an increase in fiber content and 

fiber length.  Although, longer fibers seem to give a 
better performance in term of strength and defor-
mation characteristics as illustrated in previous sec-
tion, a slightly decrease in secant modulus ratio oc-
curred.  

However, most of secant modulus ratio ap-
proached to 1, implied that the application for  fiber 
reinforcement of LFS is not affected as much. 

.  
Table 4. Second modulus ratio compared between different fi-
ber lengths for curing time of 28 days. 
 

 
 
 
 

 

4 CONCLUSION 

Polypropylene fiber has significant influence on     
engineering behavior of lightweight foam mixed 
soil (LFS) in terms of strength and deformation          
characteristics.  

The testing results indicate that deformation   
characteristic was enhanced as seen by the strain at 
failure increased and loss of post-peak strength 
gradually reduced. Increasing of density and fiber 
length result in a better performance.  

The unconfined compressive strength depends 
on mixing component such as density, curing time,    
fiber content, and fiber length. The maximum 
strength generally was achieved for fiber content of 
1.0%. The longer fiber seems to give a little higher 
strength, but slightly decrease in second modulus. 

However, the influence on strength and             
deformation characteristics of LFS still depend on 
the mixing components and further investigation is 
necessary. 
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Density 
(kN/m³) 

E50(Unreinforced)/E50(Reinforced) 
6 mm-fiber length 12 mm-fiber length 

% Fiber content 
0.5 0.75 1 0.5 0.75 1 

8 0.82 1.00 1.07 0.81 0.73 0.72 
10 1.29 0.94 0.93 0.95 1.16 0.81 
12 1.04 0.74 0.52 0.83 0.62 0.70 

Average  1.05 0.89 0.84 0.86 0.84 0.74 

 
Curing 
time 

(Days) 

 
Density 
(kN/m³) 

Peak strength (kPa) 
 

Unreinforced 
Reinforced Maximum 

strength 
increased (kPa) 

Percent 
increased (%) 6 mm-long fiber 12 mm-long fiber 

% Fiber content 
0 0.50 0.75 1.00 0.50 0.75 1.00 6 mm 12 mm 6 mm 12 mm 

7 8 104.94 111.07 115.85 118.49 123.05 123.21 124.06 118.49 124.06 12.91 18.22 
10 127.00 106.97 131.10 155.53 115.85 135.52 164.05 155.53 164.05 22.46 29.17 
12 140.22 144.32 157.12 177.75 147.97 171.67 181.09 177.75 181.09 26.77 29.15 

28 8 155.68 185.25 188.54 194.94 187.11 150.35 169.76 194.94 187.11 25.22 20.19 
10 198.49 228.07 215.05 203.42 196.81 202.59 230.76 228.07 230.76 14.90 16.26 
12 245.95 240.17 253.45 271.47 264.54 286.75 294.25 271.47 294.25 10.38 19.64 

          Average 18.77 22.10 
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1 INTRODUCTION 

The development of infrastructure such as road, 
building foundations, foundation drainage canals 
and bridges in Bangkok area of Thailand is ever in-
creasing recently. Soft Bangkok clay is a non to low 
swelling clay. It has high water content close to its 
liquid limit; therefore, leading to large settlement 
and low inherent shear strength (Horpibulsuk et al. 
2007).  Deep Mixing (DM) technique using lime and 
cement is an extensively accepted ground improve-
ment method for the thick soft clay deposit, includ-
ing Thailand. Cement is commonly used in DM 
method in Thailand. The manufacturing of Portland 
cement adds to greenhouse effects and global warm-
ing as the process releases a considerable amount of 
carbon dioxide and dust. The replacement of cement 
by pozzolanic materials such as Fly Ash (FA) and 
Biomass Ash (BA) etc can reduce construction cost 
and environmental problems. In Thailand, the gener-
ation of FA is general far in excess of their utiliza-
tion. A feasibility study of FA to replace Type I 
Portland cement is thus significant. The role of FA 
on the strength development in the blended cement 
admixed clay was investigated both from macro- and 
micro-observations (Horpibulsuk et al. 2009; and 
Horpibulsuk and Raksachon, 2010). 

Aside from FA, Calcium Carbide Residue (CCR) 
is a waste cementing agent. CCR is a by-product of 
acetylene manufacture, which is dissolved in water 
and produced Ca(OH)2. The estimated volume at 

21,500 tons/year in detention pond is an environ-
mental threat in Thailand (Tanalapsakul, 1998). 
CCR and hydrated lime are similar in chemical and 
mineralogical compositions except the presence of 
carbon (≈2%) in CCR (Cardoso et al. 2009). Beegly 
and Schrock (2009) has shown that the mixture of 
lime by-products and FA can stabilize the dredge 
material for structural fills as a result of the poz-
zolanic and sulfo – pozzolanic reactions. In an earli-
er study by Horpibulsuk et al. (2012), the cementi-
tious binder from the mixture of CCR and class F 
FA could enhance the strength of silty clay in the 
northeast Thailand.  Results of preliminary study on 
stabilization of low water content soft clay, Vichan 
and Rachan (2010) suggested that the improvement 
in unconfined compressive strengths of soft Bang-
kok clay by the blend of CCR and BA highly de-
pended on several influential factors: proportion of 
CCR and BA, initial soil water content, binder con-
tent and curing time. Despite of the some researches 
study on the application of the blend of cement and 
pozzolanic materials as cementitious binders, but 
most studies were in laboratory scale.  

This research aims to investigates the strength 
development of DM columns made up from cement, 
cement + FA and CCR-FA to ascertain these ce-
menting agents in chemical stabilization for soft 
Bangkok clay. Three types DM columns will be 
studied and presented in this paper: soil-cement, 
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soil-cement-FA and soil-CCR-FA columns. The 
compressive strength of each type of columns are 
used an indicator. The outcome of this study is use-
ful in engineering, economical and environmental 
perspectives. 

2 FIELD INVESTIGATION AND MATERIAL 
USED 

The field study investigates the strength develop-
ment of soil-cement, soil-cement-FA, soil CCR-FA 
columns. Four columns were installed in soft Bang-
kok clay deposit, Thailand. Figure 1 shows the soil 
properties of the studied site. The natural water con-
tent is close to the liquid limit and the undrained 
shear strength slightly increases with depth varying 
from 12 to 22 kPa. The first column is a soil-cement 
column with water to binder ratio of 1.0. The second 
and third columns are soil-cement-FA columns with 
the same FA replacement of 15% but with different 
water to binder ratios of 1.0 and 1.2, respectively. 
The fourth column is a soil-CCR-FA column made 
up at water to binder ratio equal to 1.0 with FA:CCR 
ratio of 15:85.  

 
Table 1. Chemical properties of soft Bangkok clay, cement, fly 
ash and Calcium carbide residue. 

Chemi-
cal composi-

tion (%) 

Bang-
kok clay 

Type I 
cement 
Portland 

CCR FA 

Na2O - - 0.02 - 

MgO - - 0.41 - 

Al 2O3 20.78 5.03 1.28 18.06 

SiO2 68.03 23.74 3.42 30.34 

SO3 1.22 3.34 0.91 7.77 

K2O 1.53 0.34 - 0.76 

CaO 0.91 63.29 93.71 38.44 

TiO2 0.95 0.32 0.05 0.69 

Tr2O3 0.02 - - - 

MnO2 0.13 0.05 - 0.02 

Fe2O3 6.44 3.82 0.20 3.93 

 
The chemical compositions for Bangkok clay, 

Portland cement, CCR and FA are shown in Table 1. 
CCR from the Sai 5 Gas Product Co., Ltd and FA 
from 5KT company, BLCP electrical power plant in 
Maptaput Industrial Estate, Rayong province, Thai-
land were used in this study. Their specific gravity 
values are 2.01 and 2.39, respectively. The total 
amount of the major components SiO2, Al2O3 and 

Fe2O3 in FA are 52.33% and CaO is more than 15%. 
It is thus classified as class C fly ash in accordance 
with ASTM C 618. The chemical composition 
shows very high CaO contents of 93.71% for CCR, 
showing high reaction potential with FA. SEM im-
ages of the soft Bangkok clay, cement, FA and CCR 
are shown in Figure 2. It is found that CCR, FA, 
cement particles are irregular in shape. 

 

 
 

Figure 1. Soil properties of the studied.  
 

All the four columns were installed to 10 meter 
depth with the same diameter of 60 cm. The installa-
tion rates were 1.1 and 1.2 m/min for penetration 
and withdrawal, respectively. The rotational speed 
of mixing wings was fixed at 30 rpm. The samples 
were cored from the four columns at a specific cur-
ing time after installation by a tube sampler (7.5 cm 
diameter and 100 cm height). The samples were then 
cut and trimmed to obtain 5 cm diameter and 10 cm 
height dimension for Unconfined Compression (UC) 
test. The UC tests were performed on the samples 
cured for 14, 28 and 60 days. At least three samples 
were prepared for each testing condition to check for 
the repeatability of the test results. The mixing in-
gredients for each test column are presented in Table 2.  
 
Table 2. Mixing ingredient. 

 
Binder ratio 

 
(W/B) 

Penetra-
tion rate 
(m/min) 

Slurry 
Injection 
(lier/min) 

Cement 
slurry per 

meter 
(liter) 

C:B =100 : 0 
(C=200kg) 

1:1 1.1 82.0 74.5 

C:FA = 85 : 15 
(C=170kg, 
FA=30kg) 

1:1 1.1 83.4 75.8 

C:FA = 85 : 15 
(C=170kg, 
FA=30kg) 

1:1.2 1.1 95.9 87.2 

CCR:FA = 85 : 15 
(CCR=170kg, 

FA=30kg) 
1:1 1.1 93.7 85.2 
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a) Soft Bangkok Clay at 1500X 

 
b) Fly ash at 1500X 

 
c) Cement at 500X 

 
d) CCR at 10000X 

Figure 2.  SEM photos of raw material used. 
 

 

3 RESULTS AND DISCUSSION 

Figure 3 shows the 14-day UC strengths of the three 
test columns (soil-cement column, soil-cement-FA 
columns with water/binder of 1.0 and 1.2) at 14 days 
of curing. The UC strength of soil-cement column is 
almost the same as that of soil-cement-FA column at 
water to binder ratio (W/B) equal of 1.0. The aver-
age UC strength of the entire column length is 600 
kPa. The W/B of 1.0 is found to be suitable for this 
study. The average UC strength for the entire col-
umn length is 460 for the soil-cement-FA column at 
W/B of 1.2. 
 

 
 
Figure 3. UC strength of soil-cement and soil-cement-FA col-
umns at 14 days of curing. 
 

 
 
Figure 4. UC strength of soil-cement, soil-cement-FA and soil-
CCR-FA columns at 28 days of curing. 
 

Figures 4 and 5 show the UC strengths of soil col-
umn at 28 and 60 days of curing, respectively. The 
strengths of soil-cement column are essentially the 
same as those of soil-cement-FA column at W/B of 
1.0 for both 28 and 60 days of curing. The average 
UC strength for the entire column length for W/B of 
1.2 is lower than that for water to W/B of 1.0. The 
UC strengths with depth for the soil-FA-CCR are al-
so shown in Figures 4 and 5. The average UC 
strengths are 270 and 340 kPa for 28 and 60 days of 
curing, respectively, which are significantly lower 
than those of the soil-cement and soil-cement-FA 
columns. The rate of strength development is pre-
sented in Table 3.  
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Figure 5. UC strength of soil cement, soil-cement-FA and soil-
FA-CCR column at 60 days of curing time. 

 
Table 3. Strength ratio between soil-cement and soil-cement-
binder at 14, 28 and 60 days of curing. 

Type of col-
umn 

W/B  
ratio 

Strength ratio between soil 
cement column and soil binder 

column 
 

  14 days 28 days 60 days 

Soil Cement col-
umn 

1.0 1 1 1 

Soil-Cement –FA  1.0 1 1 1 

Soil-Cement –FA 1.2 1.3 1.24 1.24 

Soil-CCR-FA 1.0 N.A 3.11 3.00 

 
Figure 6 shows the relationship between the field 

strength development over time of soil-cement, soil-
cement-FA and soil-FA-CCR columns and com-
pared with equations presented in the laboratory by 
Horpibulsuk et al. (2009) and Horpibulsuk et al. 
(2003) results. The previous proposed equations in 
term of logarithm can be represented the field 
strength development in both soil-cement, soil-
cement-FA and soil-CCR-FA columns. Based on the 
test results on soil-cement-FA and soil-FA-CCR, the 
strength development over time are developed, re-
spectively. 

28

0.232 0.354ln= − +
Dq

D
q

 (2) 

28

0.155 0.346ln= − +
Dq

D
q

 (3) 

 
when qD is the UC strength at D days of curing, q28 
is UC strength at 28 days curing time and D is cur-
ing time. These two equations are useful for predict-
ing strengths of the columns within 60 days of cur-
ing to ensure the required strength at a target curing 
time. 

 
 

  
Figure 6. The relationship of strength development of soil ce-
ment column, soil-cement-FA column and soil-FA-CCR col-
umn. 
 

Table 4 shows the cost estimate for the soil-
cement, soil-cement-FA and soil-CCR-FA columns 
in 1 m3 volume. Only the material cost is considered 
in this estimate. For the same strength as soil-cement 
column, the cement replacement by 15% fly ash can 
save up to 12.75 percent.  The usage of CCR and FA 
as an alternative to cement can save up to 76.50 per-
cent but the strength of soil-CCR-FA column is low-
er than that of soil-cement column of about 4 times. 
 
Table 4. Cost estimate for the test columns.  

Amount of material used 
per 1 m3 of soil column 

Unit cost 
(baht) 

Cost 
(baht) 

Total cost 
(baht) 

1. Case of soil cement 
(Case I) 
    -C = 200 kg 

 
2.0 

 
400 

 
400 

2. Case of soil cement-FA 
(Case II) 
    -C =170 kg 
    -FA = 30 kg 

 
 

2.0 
0.3 

 
     

340 
 9 

 
 

349 

3. Case of soil-FA-CCR 
(Case III) 
    -CCR=170 kg 
    -FA = 30 kg 

 
 

0.5 
       0.3 

 
 

85 
9 

 
 

94 
 

Save cost  
– Case II;  (400 – 349)/400 = 12.75% per 1m3 of soil column 
 - Case III; (400-94)/400 = 76.5% per 1m3 of soil column 

4 CONCLUSIONS 

This paper investigates the field strength develop-
ment of three types of DM columns: soil-cement, 
soil-cement-FA and soil-CCR-FA columns to exam-
ine the visibility of using waste materials (CCR and 
FA) as alternative cementing agents in soil im-
provement. The UC strengths of soil-cement column 
are similar to those of the soil-cement-FA column at 
water to binder ratio equal to 1 for all tested curing 
times of 14, 28 and 60 days. The W/B of 1.0 is 
found to be suitable for this study. The higher W/B 
causes the strength reduction as seen that the 
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strength ratios of the soil-cement-FA columns at 
W/B = 1 and at W/B = 1.2 are 1.3, 1.24 and 1.24 for 
14, 28 and 60 days of curing, respectively. For the 
same strength, the 15% FA replacement can save up 
to 12.75 percent for the column made up to W/B of 
1.0. The strengths of soil-CCR-FA columns are 3 
times lower than the soil-cement columns, even at a 
long curing time of 28 day. This implies that cement 
is more suitable for soft Bangkok clay than CCR. 
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1 INTRODUCTION 

Mechanically stabilized earth (MSE) is generally 
used for retaining structures. The MSE wall was pi-
oneered by Henri Vidal of France in the 1960s and 
was designated as “Reinforced Earth or Reinforced 
Soil Structure”. Over the past three decades, the us-
age of MSE structures in civil engineering applica-
tions has grown rapidly and widely worldwide, in-
cluding Thailand, China, Australia and the United 
States of America (Bergado et al. 1996; Chai, 1992; 
Tin et al. 2011). 
 According to AASHTO (2002) recommendation, 
coarse-grained soils which should contain no more 
than 15% fine passing a sieve NO.200 by weight and 
the Plasticity Index (PI) should be limited to 6 are 
recommended as backfills in MSE walls. However, 
NCMA (2002) recommendations allow for up to 
35% of fine-grained soil and PI is less more than 20. 
The British Standard (BS8006, 1995) also allows 
cohesive-friction soils to be used for embankment. 
Furthermore, backfills with up to 50% fine-grained 
soils are allowed in some guide lines for the con-
struction of reinforced soil structures and slopes 
(Elias et al. 2001). Several case studies in the litera-
ture, fine-grained soils were used as backfill material 
in MSE walls (Bergado et al. 1993; Keller, 1995). 
These researchers evaluated the interaction proper-
ties of reinforcement in marginal soils (e.g. low-
quality soils with more than 15% fine soil). The use 
of locally available soils as reinforcing marginal soil 

could help reduce the cost of fill material by as 
much as 60% (Keller, 1995). 
 Horpibulsuk and Niramitkronburee (2010) have 
recently developed a new cost-effective inextensible 
reinforcement type, termed as “Bearing reinforce-
ment". Figure 1 shows the typical feature of the 
bearing reinforcement, which is composed of a lon-
gitudinal member and transverse (bearing) member. 
The longitudinal member is a steel deformed bar 
(DB) and the transverse members are a set of equal 
angle steel. This reinforcement has the advantages of 
both strip and grid reinforcements, i.e., simple and 
fast installation to the panel wall facing and high 
pullout resistance with less steel quantity. 
 Performance of the BRE wall on a firm ground 
was first investigated on the campus of Suranaree 
University of Technology (SUT) through a research 
project sponsored by the Thailand Research Fund 
(TRF) in 2009. Based on the field investigation and 
laboratory pullout tests (Horpibulsuk and Nira-
mitkronburee, 2010; Horpibulsuk et al. 2011; 
Suksiripattanapong et al. 2013), a design method for 
BRE walls founded on a firm ground was subse-
quently introduced. This method has been adopted to 
design several BRE walls under the supervision of 
Department of Highways in Thailand since 2008. So 
far, all the studies on bearing reinforcement are lim-
ited to high-quality coarse-grained soils (<15% fine 
content), as specified by the Department of High-
ways in Thailand. However, in some areas, high-
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ideal soils such as pure sands and pure clay. However, the reality is that these ideal soils are rarely found in 
the nature. The pullout resistance mechanism of the bearing reinforcement embedded in cohesive-frictional 
soils with various fine contents is presented in this paper. These tests were conducted on clayey sand that 
were made by using samples with the four different fine contents of 20, 40, 80, and 98% by weight. The inter-
action of bearing reinforcement consists of the friction and bearing pullout resistances which decreased with 
the increase of fine content due to the shear strength of tested soil decreased. In addition, the mode failures of 
bearing resistance tend to fail by the punching shear as the increment of fine contents. Further studies are rec-
ommended on understanding of the pullout mechanical behavior embedded in clayey sand mixtures.
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quality coarse-grained soil is not available, leading 
to subsequently high haulage cost for imported ma-
terials. It would thus be cost-effective if marginal 
soils available locally or on-site can be used as a 
backfill material for MSE walls with an appropriate 
drainage system. To apply these marginal soils in 
practice, the effect of fine content on pullout re-
sistance mechanism is an important aspect that needs 
to be addressed. 

 

 
 

Figure 1. Typical schematic view of the bearing reinforcement  
(Horpibulsuk and Niramitkornberee, 2010). 

 
 This paper aims to investigate the pullout re-
sistance mechanism of bearing reinforcement em-
bedded in fine-grained soils at various fine contents. 
The laboratory pullout tests on the bearing rein-
forcement embedded in various cohesive-frictional 
soils were performed by using a large-scale pullout 
apparatus (Horpibulsuk and Niramitkronburee, 
2010; Suksiripattanapong et al. 2013). The pullout 
resistance equation for the bearing reinforcement in 
term of normal stress, dimension and spacing of 
transverse members, and fine content is also pro-
posed. The outcome of this study is fundamental and 
useful for the internal stability analysis of the BRE 
wall using marginal soils as a backfill.  

2 THEORETICAL BACKGROUND 

In the MSE wall design, the examination of external 
and internal stability is part of the routine design 
process. The examination of external stability is 
normally performed using limit equilibrium analysis 
for different failure modes, such as sliding, overturn-
ing, bearing failure, and deep seated failure. The 
conventional method assumes the reinforced soil 
structure as a rigid body (McGown et al. 1998). The 
internal stability analysis deals with rupture and 
pullout resistance of reinforcement. The internal sta-
bility against rupture resistance depends on area and 
strength of the reinforcement. The pullout resistance 
is mainly controlled by interaction mechanisms that 
develop between reinforcement and backfill soil. 
The pullout mechanism of the grid or bearing rein-
forcements consists of two components: friction re-
sistance along the longitudinal member and bearing 

resistance in the front of transverse members 
(Koerner et al. 1989). The pullout resistance is typi-
cally expressed as the sum of the pullout friction and 
bearing resistance. The pullout friction resistance 
depends mainly on four factors: soil shear strength 
parameters, soil water content, roughness and area of 
reinforcement surface, and normal stress (Potyondy, 
1961). The friction pullout resistance,fP , is ex-

pressed in the form: 

( )tanf nP A cα σ φ= +   (1) 

where A is the total surface area of the reinforce-
ment, α  is the interaction factor, c and φ  are the soil 
strength parameters and nσ  is the applied normal 
stress. 
 The existing pullout bearing failure mechanisms 
are: general shear failure (Perterson and Anderson, 
1980), punching failure (Jewell et al. 1984), and 
modified punching failure (Chai, 1992).  
 The maximum bearing resistance of a single iso-
lated transverse member,maxbσ , in cohesive-friction 
soil can be evaluated by the bearing capacity theory 
as follows: 

maxb c n qcN Nσ σ= +  (2) 

where Nq and Nc are the bearing capacity factors.   
Nq and Nc for the above three failure mechanisms 
are presented in term of soil friction angle,φ as fol-
lows: 

[ ] 2exp tan tan
4 2

Nq
π φ

π φ  = + 
 

  

( )1 cotN Nc q φ= −          For general shear failure  (3) 

exp tan tan
2 4 2

Nq
π π φ

φ φ
    = + +       

 

( )1 cotN Nc q φ= −    For punching shear failure     (4) 

( ) [ ]11 1
sin 2 exp 2 tan tan

cos2 2 4 2
k k

Nq
π φ

β φ β φ
φ

+ −   = + − +     
 

[ ]1
exp 2 tan tan cot

sin 4 2
Nc

π φ
β φ φ

φ
 = + − 
 

 

                         For modified punching shear failure (5) 

 It has been demonstrated that the modified punch-
ing shear failure mechanism with β = 2π   and k = 1 
successfully approximates the pullout bearing re-
sistance of steel grid in lateritic soil (Bergado et al. 
1993) and weathered clay (Bergado et al. 1996) and 
that of bearing reinforcements in coarse-grained 
soils (Horpibulsuk and Niramitkornburee, 2010 and 
Suksiripattanapong et al. 2013). These three mecha-
nisms will be employed to examine the pullout re-
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sistances of bearing reinforcement embedded in co-
hesive-frictional soils at various fine contents. 

3 LABORATORY INVESTIGATION 

3.1 Soil samples 

The tested soils used in this study were a mixture of 
silty clay and sand at various ratios, which have dif-
ferent fine contents. The silty clay was collected 
from the Suranaree University of Technology cam-
pus, Nakhon Ratchasima, Thailand, at a depth of 3 
m. Its specific gravity is 2.70. The liquid and plastic 
limits are approximately 54% and 28%, respectively. 
The silty clay consists of 45% silt, 53% clay, and 
2% sand and is classified as a high plasticity clay 
(CH) according to the Unified Soil Classification 
System (USCS). The sand is classified as poorly 
graded sand (SP) with 2% fine content. The average 
grain size, 50D  of sand is 0.30 mm and the specific 
gravity is 2.78. The compaction characteristics under 
the standard Proctor energy (ASTM D698-91, 1995) 
are optimum water content, OWC = 23% and maxi-
mum dry unit weight, γd,max = 14.7 kN/m3 for silty 
clay and OWC = 6.5% and γd,max = 17.0 kN/m3 for 
sand. This sand with a small D50 was used in this 
study to avoid the interlocking effect between trans-
verse members and soil particles (Suksiripattanap-
ong et al. 2013).  
 The fine: sand ratios (F:S) were 20:80, 40:60, 
80:20, and 98:2 by dry weight. Fine is defined as the 
particles passing No. 200 US sieve size. The grain 
size distribution curves of the samples are shown in 
Figure 2. The compaction characteristics and the 
gradation of the tested soils are summarized in Table 
1. The γd,max  and OWC values vary from 14.7 to 16.6 
kN/m3 and 12.2 to 23.0%, respectively. The γd,max  
increased and OWC decreased as the fine content 
decreased due to the reduction in water holding ca-
pacity (Horpibulsuk et al. 2008 and 2009). 

 

 

Figure 2. Grain size distribution curves of the tested soils. 
 
Strength parameters of the tested soils were ob-

tained from a large direct shear apparatus with the 
diameter of 350 mm at a constant shear displace-
ment rate of 1 mm/min. The direct shear test was 

conducted in the unconsolidated-undrained condi-
tion to simulate the shear condition of the soil during 
the pullout test. The two main parameters: cohesion 
and internal friction angle for each soil were deter-
mined to illustrate the effect of fine content.  

 

 

Figure 3. Relationship between shear stress and fine content of 
all tested soil. 

 
Figure 3 shows the relationship between shear 

strength and fine content for the tested soils. The 
shear strength decreased with an increase in fine 
content. For F:S of 98:2, the shear strength values 
ranged from 48-52 kPa for all the applied normal 
stresses. In other words, the effect of normal stress 
on the shear strength was insignificant as the fine 
content increased. Shear strength parameters for 
each tested soil are also summarized in Table 1. The 
cohesion increased and the internal friction angle 
decreased as the fine content increased. The highest 
cohesion and the lowest friction angle were found at 
F:S of 98:2 and equal to 43 kPa and 5.5 degrees, re-
spectively. As additional fine particles are intro-
duced into the coarse-grained soils, fine particles fill 
the void spaces between the coarse particles and 
dominate the coarse-grained behavior (Arulrajah et 
al. 2014; Wang et al. 2009). The decrease in the fric-
tion angles of tested soils with increasing fine con-
tent has also been reported by Al-Shayea (2001), 
Tiwari and Marui (2005), and Wang et al. (2009). 
Al-Shayea (2001) explained that this reduction in the 
friction angle is due to the increased lubrication of 
the clay paste, which causes the slippage and sliding 
of coarse grains.  

3.2 Bearing reinforcement 

The longitudinal member is a deformed steel bar 
(DSB) and the transverse members are a set of steel 
equal angles. Pullout tests on the bearing reinforce-
ment with different dimensions, spacing and num-
bers of transverse members embedded in the tested 
soils were conducted under different applied normal 
stresses of 30, 50 and 90 kPa. The diameter of the 
longitudinal member was 16 mm and the leg lengths, 
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B of the tested transverse members (steel equal an-
gles) were 25, 40 and 50 mm, which are generally 
used for BRE walls. The lengths of the tested trans-
verse members, L were 100 and 150 mm.  

 
Table1. Index properties of tested soils. 

4 TEST RESULTS AND DISCUSSION 

4.1 Pullout friction resistance 

The pullout friction resistance of bearing reinforce-
ment (without any transverse member) is obtained 
from the skin friction between the tested soils and 
the longitudinal bar with a diameter of 16 mm and a 
length of 2.6 m. The maximum and residual pullout 
friction forces (Pf,max and Pf,residual) were determined 
using Eq. (1).  In Eq. (1), A is equal to πDL, in 
which D and L are the diameter and length of the 
longitudinal members, respectively. 

Figure 4 shows the results of the pullout friction 
tests on a longitudinal member for all tested soils. 
The friction force increased with the pullout dis-
placement until Pf,max was reached and then levelled 
off at Pf,residual. The displacements corresponding to 
Pf,max  ranged from 3-5 mm for all the tested soils 
and applied normal stresses. The values of Pf,max  

and 
Pf,residual increased with an increase of the normal 
stress, depending upon the fine content. The higher 
the fine content, the lower the values of Pf,max 

and 
,f residualP . The difference between Pf,max 

and Pf,residual 
was dependent upon the normal stress and fine con-
tent. The larger difference was found at a lower 
normal stress, especially for a lower fine content due 
to significant interlocking between soil and rein-
forcement. The smallest difference was found for the 
fine to sand ratio F:S of 98:2 (silty clay) where the 
punching shear failure governed. Previous research 
(Horpibulsuk and Niramitkronburee, 2010; 
Suksiripattanapong et al. 2013) showed that the α 

values of various coarse-grained soils were greater 
than 1.0. Different α values were found for the test-
ed cohesive-frictional soils; i.e., the α values were 
less than unity and decreased with the fine content. 

 

 
 

Figure 4. Pullout test results of a longitudinal member under 
different normal stresses. 

 
Figure 5 shows the relationship of pα  or rα  with 

the fine content at three different applied normal 
stresses. On this figure, pα  and rα  are the interac-
tion coefficients at peak and residual failure states, 
respectively. The pα  and rα  values are independent 
of normal stress and tend to decrease with an in-
crease in fine content due to reduction of the inter-
locking effect. The pα and rα  are expressed in term 
of F (percentage of fines) by a linear function as fol-
lows: 

0.002 0.859p Fα = − +     for 20 < F < 98% (6) 

0.0014 0.592r Fα = − +   for 20 < F < 98% (7) 

 

Figure 5. Relationship between α  and fine content for various 
applied normal stresses at peak and residual failures. 

 
 The above test results are similar to those found in 
the previous investigations for different reinforce-
ments (Bakeer et al. 1998; Cazzuffu et al. 1993; 
Lallejo and Mawby, 2000; Tanchaisawat et al. 
2010). The α  between 0.5 and 1.0 indicates a good 
bond between soil and reinforcement. The poor 
bonds correspond to α < 0.5 (Tatlisoz et al. 1998). 
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The α p
 values were greater than 0.65 at all fine 

contents. The good bond is due to the high rough-
ness of the steel bar (Horpibulsuk and Nira-
mitkornburee, 2010). 

Figure 6. Typical pullout test results of the bearing reinforce-
ment in tested soils. 

4.2 Pullout bearing resistance of a single isolated 
transverse member (n = 1) 

The typical total pullout force and displacement 
curves for the bearing reinforcements with a 2.6 m 
longitudinal member and a 40 x150 (B x L) mm 
transverse members in all tested soils are shown in 
Figure 6. The total pullout force increased with an 
increase in the applied normal stress for all tested 
soils. Initially, the pullout force sharply increased 
with the displacement and then gradually increased 
until the failure at a large displacement of approxi-
mately 40 mm, which was the end of the test. The 
initial sharp increase was attributed to the friction 
pullout resistance, which fully mobilized at a small 
displacement (about 3 mm). The pullout bearing re-

sistance of a single isolated transverse member, Pb1, 
was obtained from the difference between the total 
pullout resistance and the pullout friction resistance. 
The development in the bearing pullout resistance 
was comparatively lower for F > 80%. 

Figure 7. Maximum pullout bearing resistance of a single iso-
lated transverse member for all tested soils. 

Figure 7 shows the measured maximum bearing 
resistance of a single isolated transverse member 
(Pb1/BL), as compared with the calculated values by 
the proposed equations from Eqs. (2) to (5). Using k 
= 1.0 as suggested by Bergado et al. (1996), the 
maximum bearing stresses for various dimensions (B 
x L) and F:S ratios are predicted satisfactorily by the 
modified formula considering the punching shear 
mechanism where the β  value decreased with in-
creasing fine content. In other words, the failure 
mechanism approached the punching shear failure 
when the fine content increased. However, even for 
the cohesive soil (F:S = 98:2), the measured pullout 
bearing stress was higher than the calculated one by 
considering the punching shear failure mechanism.   
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Figure 8. Relationship between β and fine content.

The relationship between β and the fine content is 
shown in Figure 8 and is represented by a polynomi-
al function in the form: 

2
( ) 0.00002 0.0002 0.505rad F Fβ π = − + +  (8) 

The β  value ranged between 2π  and 2.92π  
and can be taken as 2π  for F < 45%. The β  value 
decreased significantly with the fine content when F 
> 45%. It is implied from this study that the modi-
fied punching shear solution (Eq. 5) is a generalized 
expression for different failure modes.  For example, 
when the β  values are equal to 1.65π  and 3π , 
Eq. (5) approaches the general shear (upper bounda-
ry) and punching shear (lower boundary), respec-
tively. The other cohesive-frictional soils, the 
pullout test results on grids embedded in lateritic soil 
with F = 17.9% (Bergado et al. 1993) and weathered 
clay with F = 82.9% (Bergado et al. 1996) were 
shown in Figure 8. It is shown that the pullout re-
sistances are predicted satisfactorily with the β  val-
ues of / 2π  and / 2.25π  for lateritic soil and 
weathered clay, respectively. This shows that Eq. (8) 
is applicable to other cohesive-frictional soils. 

5 CONCLUSIONS 

This paper presents the effects of fine content on the 
pullout mechanism of the bearing reinforcement 
embedded in clayey sands with different fine con-
tents of 20, 40, 80, and 98% by weight. The follow-
ing conclusions can be drawn from this study: 

1. The pullout resistance of the bearing rein-
forcement is the sum of pullout friction and pullout 
bearing resistances. The pullout friction resistances 
(Pf,max and Pf,residual) are dependent upon soil shear 
strength and soil-reinforcement interaction coeffi-
cient α. The α value can be approximated in term 
of fine content using a proposed linear function. 

2. The modified punching shear solution is con-
sidered as the generalized expression for different 
failure mechanisms. The general shear and punch-
ing shear failure mechanisms are approached when 

the β  values are 1.65π  and 3π , respectively. 
Using the modified punching shear solution, the 
maximum pullout bearing stresses for various cohe-
sive-frictional soils are predicted satisfactorily 
where the β  value decreases as the fine content in-
creases. In other words, the failure mechanism ap-
proaches punching shear as the fine constant in-
creases. The relationship between β  and fine 
content is represented by a polynomial function. 
The β  value of 2π  is recommended for F < 45%. 
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1 INTRODUCTION 

Deep cement mixing (DCM) columns have been 
successfully used to improve engineering properties 
of soft clay layer. The primary applications of DCM 
columns are foundation support, retention systems, 
ground treatment, liquefaction mitigation, hydraulic 
cut-off walls and environmental remediation (DJM 
Research Group, 1984; CDIT, 2002) 

Because the main function of single DCM col-
umns is to transfer the weight of the embankment 
through the slip surface, they are usually applied for 
the settlement reduction of embankments based on 
work by Bergado et al. (1999), Lai et al. (2006), Han 
et al. (2007) and Liu et al. (2012). Single DCM col-
umns should not be used  for slope stabilization due 
to the limitation of their effect on the improvement 
of slope stability based on theoretical work by Ki-
velö (1998) and Broms (1999) and experimental 
work by Miyake et al. (1991), Kitazume and 
Maruyama (2005) and Larsson (2012). Therefore, to 
improve slope stability, DCM columns are generally 
installed in single rows called column rows. The 
column rows have been used to increase the stability 
of slopes against horizontal or sliding forces (Brom, 
1999; Topolnicki, 2004). Buathong et al. (2011) de-
termined remedial techniques to increase the stabil-
ity of stabilized slopes with DCM column rows in 
soft clay using 2D finite element analysis.  

Brom (1999) and CDIT (2002) recommended that 
the design of DCM columns should consider the sta-
bility of the stabilized slope as well as settlement 

and lateral movement. If the settlement and/or lateral 
movement is large, the stabilized slope will lose ser-
viceability. The above-mentioned research is only 
concerned with settlement or stability, while limited 
studies on lateral movement are available.        

 In this study, a parametric investigation based on 
three-dimensional finite element analysis was con-
ducted to study the lateral movement behavior of 
slopes stabilized with DCM column rows because 
they are critical to slope serviceability. The investi-
gated key factors include penetration depth, spacing 
and the modulus of elasticity of the DCM column 
row. A field case study, as described below, was 
first selected to calibrate the stiffness of soft clay to 
ensure that the soil stiffness parameters used for the 
parametric study are reasonable. The most important 
parameters for controlling lateral movements were 
identified in this study. 

2 SELECTED FIELD CASE STUDY 

The selected field case study was the Suvarnabhumi 
Drainage Canal Project, which is located in Samut-
prakan province, Thailand. The general soil profile 
consisted of deltaic sediment with approximately 12 
m to 18 m of soft normally consolidated clay, which 
is highly compressible clay. The configuration of the 
DCM columns shown in Figure 1 without any addi-
tional DCM columns was used to conduct the first 
field trial. The DCM columns under the roadway 
(called the bearing DCM columns) were 0.6 m in di-
ameter and were installed in a rectangular pattern at 
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a 1.50m × 1.75m spacing. Seven tangential DCM 
columns (called the DCM column rows) were in-
stalled in a row pattern at the canal slope with a 
spacing of 1.50 m.  

The construction plan was divided into four stag-
es: first, the DCM columns were installed; second, 
the roadway with a height of 1.2 m was constructed 
using silty sand fill material; third, the canal was 
constructed with a depth of 3.0 m; and finally, the 
roadway was built to a height of 2.4 m. The large 
lateral movement occurred when the excavation 
reached 3.0 m in depth. Therefore, the additional 
DCM columns at the berm area and the canal slope 
were considered to control lateral movement. The 
lateral movement during the various stages of exca-
vation was monitored by an inclinometer installed 
prior to the excavation of the canal.  

 
 
 
 
 
 
 
 
 
 
 

 
Figure 1. Configuration of DCM columns used for numerical 
back-analysis and parametric study soil and DCM column 
properties. 

 
Figure 2 shows the soil and DCM column properties 
at the field trial. The soil profile consisted of four 
layers as follows: 5.5 m of very soft clay, 9.5 m of 
soft clay, 4.2 m of medium stiff clay and 1.6 m of 
stiff clay. The natural water content was near the 
liquid limit, high water content was noted in the 
depth range of 2 to 10 m (>100%), and the lower 
water content was note in the deeper layer. The un-
drained shear strength, which was measured using 
the field vane shear test, tended to increase with 
depth.  

Unconfined compression tests were completed on 
the DCM column specimens collected with a sam-
pler at various depths. The collected specimens were 
cured for 30 days before testing. The unconfined-
compressive-strength value (qu) of the DCM col-
umns, which was obtained from the field specimens, 
ranged from 890 kPa to 2,700 kPa, with an average 
value of 1,500 kPa (qu,average). The elastic modulus at 
50% of the unconfined compressive strength (E50) 
ranged from 150,000 kPa to 880,000 kPa, with an 
average value of 380,000 kPa, which indicates the 
empirical relation of E50 ≈ 250qu. 

 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2. Soil and DCM column properties. 

3 NUMERICAL ANALYSIS  

3.1 Finite-element mesh and boundary condition 

The finite-element computer software PLAXIS 3D 
V2.2 was used to calibrate the soil stiffness in terms 
of the elastic modulus. A trial-and-error procedure 
was adopted to obtain the best fit between the meas-
ured lateral soil movement and the finite element 
simulation results. Figure 3 illustrates the three-
dimensional finite element (3D-FE) mesh that was 
used in the back-analysis, which corresponds to the 
DCM column configuration in Figure 1. For the 
boundary condition, horizontal displacement was 
prevented and vertical displacement was free at the 
side boundaries. Both horizontal and vertical dis-
placements were prevented at the bottom boundary. 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 3. 3D-FE mesh used for the back-analysis.  

3.2 Constitutive model and model parameters 

Table 1 shows the input DCM column and roadway 
parameters used in the analysis. The DCM columns 
were modeled as linearly elastic to perfectly plastic 
materials with the Mohr-Coulomb failure criterion   
(Abusharar et al. 2009; Huang and Han, 2009; 
Vootipruex et al. 2011; Mun et al. 2012). The shear 
strength and the elastic modulus were estimated 
from the field specimens with an average value as 
described in the previous section. The tensile 
strength of the DCM columns, considered using the 

:408:



tension cutoff in the model, was 16% of the uncon-
fined compressive strength (Jamswang et al 2011). 

The hardening soil (HS) model was selected to 
describe the subsoil behavior in this paper. The HS 
model utilizes four basic deformation parameters: 
the secant stiffness in standard drained triaxial tests 
(E50), the tangential stiffness for primary oedometer 
loading (Eoed), the unloading and reloading stiffness 
(Eur) and the power of the stress-level dependency of 
the stiffness (m).  

3.3 Back-analyzed soil stiffness results 

The initial soil parameters of the HS model were de-
termined from the previous study on Bangkok clay 
by Rukdeechuai et al. (2009) because they were not 
examined in this paper. This calculation was per-
formed under undrained conditions due to the rapid 
rate of excavation in the field. 

Figure 4 shows the results of the finite element 
analysis, which were compared with the field meas-
urements. The lateral movement results using the in-
itial soil parameters are much larger than the field 
measurements. To overcome this error, the input soil 
stiffness (E50, Eoed and Eur) was adjusted until the 
best fit between field measurement and FEM results 
obtained. Table 2 provides the back-analyzed values 
of soil stiffness used in the final analysis. It was 
found that the soil stiffness for the soft clay, medium 
stiff clay and stiff clay has more effect on the lateral 
movement. The ratio of Eur/Eoed in very soft and soft 
clay is 3 and 5, respectively. This ratio is close to 
those in the study of Surarak (2012), which range 
from 2 to 4. With the adjustment of the soil stiffness, 
the HS model is effective at predicting the lateral 
movement. 
 

Table 1. DCM column and roadway properties. 

Materials DCM column Roadway 

Model MC MC 

γ (kN/m3) 15 20 

υ 0.33 0.33 

E50 (kPa) 380,000 7,500 

c'  (kPa) Su = 750 0.0 

φ (degree) 0 29 

 

 

Table 2. Soil parameters used in the model.  

Materials 
Very soft 

clay 

Soft 

clay  

Medium 

stiff clay 

Stiff 

clay 

Model HS HS HS HS 

E50 (kPa) 800 15,000 60,000 80,000 

Eoed  (kPa) 800 15,000 60,000 80,000 

Eur  (kPa) 2,400 75,000 180,000 240,000 

γ (kN/m3) 16 16 18 18 

υ 0.33 0.33 0.33 0.3 

m 1 1 1 1 

c'  (kPa) 2.0 5.0 10.0 18 

φ (°) 22 22 22 22 

OCR 1 2 6 10 
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Figure 4. FEM results and field measurement data. 

4 PARAMETRIC ANALYSIS  

4.1 Effect of the penetration depth of the DCM 
column row 

For the excavated slope, the penetration depth of the 
DCM column row (Pr) significantly influenced the 
amount of lateral movement. To study the effect of 
the penetration depth of the DCM column row in 
this paper, various penetration depths of the DCM 
column row were examined. The varied depths were 
5 m, 7 m, 9 m, 11 m and 14 m. 

The maximum lateral movements versus penetra-
tion depths of DCM column rows are shown in Fig-
ure 5. The maximum lateral movement decreased as 
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the penetration depth of the DCM column row in-
creased. However, the decrease of the lateral move-
ment was not linear with the increase of the penetra-
tion depth of the DCM column row. The lateral 
movement significantly decreased when the penetra-
tion depth of the DCM column row increased from 5 
m to 7 m. However, the decrease rate was approxi-
mately constant when the penetration depth of the 
DCM column row was greater than 11 m. The ratio 
between the penetration depth of the DCM column 
row and the excavation depth (H) is also presented 
in Figure 5. The minimum lateral movement occurs 
when the ratio of Pr/H is at least 3.7. 

Figure 6 shows snapshots of the deformation 
mesh of the DCM column row for the depths of 5 m 
and 11 m. At 5 m, the DCM column row rotates sim-
ilarly to rigid bodies without substantial flexural dis-
tortion. This phenomenon indicates that the DCM 
column row does not develop a substantial bending 
moment (Kourkoulis et al. 2011). Therefore, the lat-
eral movement of the slope was large. However, at 
the penetration depth of 11 m, the column row be-
haved like a long pile with flexural motion instead of 
rotation. In addition, a fixity condition was pro-
nounced. The fixity condition of the DCM column 
row is required to obtain the minimum lateral 
movement. However, when the fixity condition is 
reached, any further increase of the penetration 
depth of the DCM column row is not economical, 
i.e., the penetration depth of the DCM column row 
should not be greater than 11 m (Pr/H =3.7) for this 
analysis. 
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Figure 5. Penetration depth on maximum lateral movement. 

 

Figure 6. DCM column row deformation mesh.  

4.2 Effect of the DCM column row spacing 

The design concept of the DCM columns was to 
produce a soil-column system as a composite mate-
rial. Appropriate spacing is required for this concept. 
Wang and Yen (1974) analytically investigated the 
behavior of piles in a rigid-plastic soil with an infi-
nite slope. They concluded that there is a critical pile 
spacing value in both sandy and clayey slopes be-
yond which almost no aching develops. The arching 
originates from the stress transfer from the soil to the 
piles through the mobilization of shear strength 
(Kourkoulis et al. 2011). The stress is transferred 
from a yielding mass of soil to the adjoining station-
ary part of the soil (Terzaghi, 1936). 

To study the effect of the spacing between the 
DCM column rows, the ratios of Sr/D (Sr = center-
to-center DCM column row spacing and D = diame-
ter of the DCM column row) from 0 to 7.5 were in-
vestigated. Based on the previous analysis of the ap-
propriate penetration of the DCM column row, the 
DCM column row was 11 m deep (Pr/H =3.7). 
Therefore, the effect of the DCM column row spac-
ing on the lateral movement was only analyzed at 
the penetration depth of 11 m. 

Figure 7 shows the maximum lateral movements 
versus the ratios of Sr/D. As expected, the lateral 
movements decreased with decreasing DCM column 
row spacing because, when the DCM column row is 
closely spaced, the DCM column row becomes more 
similar to a continuous wall (in the direction perpen-
dicular to the soil movement). In addition, the influ-
ence of soil arching becomes more pronounced (Cai 
and Ugai, 2000). When the column row spacing is 
large, the DCM column row behaved as isolated 
piles. The lateral movement significantly decreased 
when the DCM column row spacing decreased from 
7.5D to 5D. However, the lateral movement slightly 
decreased when Sr/D is less than 2.5. Therefore, the 
Sr/D value of 2.5 can be considered the effective 
DCM column row spacing in this analysis. 

The numerical analysis results revealed that for a 
close spacing (Sr/D < 2.5), the DCM column row 
and soil in between move by approximately the 
same amount, which is considered effective in terms 
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of soil arching, while for a large spacing (Sr/D > 
2.5), the DCM column row does not generate suffi-
cient soil arching, and the soil slides between the 
columns. This phenomenon is consistent with the 
findings of Cox et al. (1984), Reese et al. (1992), 
and Liang and Zeng (2002), who concluded that S/D 
≤ 5 is required to generate soil arching. 
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Figure 7. Spacing and maximum lateral movement. 

4.3 Effect of the elastic modulus of the DCM     
column row 

The elastic modulus of the DCM column row (E50) 
is usually related to its unconfined compressive 
strength (qu) using the ratio E50/qu. From the results 
of unconfined-compression-testing of field-cored 
specimens (Figure 2), the modulus of the DCM col-
umn rows was found to range from 150,000 kPa to 
880,000 kPa, which corresponds to E50/qu,average rati-
os from 100 to 580. Thus, the ratios of E50/qu,average = 
100, 200, 300, 400 and 580 were chosen to investi-
gate the effect of the elastic modulus of the DCM 
column row on the lateral movement. The penetra-
tion depth of the DCM column row of 11 m and the 
effective spacing of 2.5D were used for the analyses. 

The effect of the elastic modulus of the DCM 
column row on the maximum lateral movement is 
shown in Figure 8. The increase in the elastic modu-
lus reduced the lateral movement of the soil because 
when the elastic modulus of the DCM column row 
increased, the global stiffness of the soil-DCM col-
umn system increased. 

Moreover, the lateral movement was significantly 
reduced when the elastic modulus of the DCM col-
umn row increases from 100 to 200, but the lateral 
movement tended to slightly decrease for higher 
elastic moduli. Within the variation range of the 
elastic modulus, the E50/qu,average value of 300 to 400 
can be considered the effective value in this paper. 
Further increases in the elastic modulus of the DCM 
column row may not be economical considering the 

decrease in lateral movement. Several studies exam-
ining the effect of the elastic modulus of DCM col-
umns focused on settlement (Huang and Han, 2010; 
Borges and Marques, 2011; Oliveira et al. 2011). 
These studies indicated that the increase in the elas-
tic modulus could reduce the embankment settle-
ment. Thus, the elastic modulus of the DCM col-
umns affects the soil movement in both horizontal 
and vertical directions. 
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Figure 8. Elastic modulus and maximum lateral movement. 

5 CONCLUSIONS 

An excavated slope stabilized with DCM column 
rows on soft clay frequently encounters the problem 
of large lateral movement, which contributes to the 
loss of serviceability. Therefore, this paper intended 
to study the effect of parameters on the lateral 
movement of excavated slope by three-dimensional 
finite element analysis. The parameters examined 
were penetrated depth, spacing, and the elastic mod-
ulus of the DCM column row. To ensure the reason-
ableness of the soil stiffness parameter for the para-
metric analyses, a field case study was selected for 
the calibration of the soil stiffness. Based on the re-
sults, the following conclusions can be drawn. 

1. The penetration depth and spacing of the 
DCM column rows are the most important design 
parameters for controlling lateral movement, while 
the elastic modulus of the DCM column rows was 
considered as a minor design parameter.  

2.  The fixity condition of DCM column rows 
was required to minimize the lateral movement. 
When the fixity condition was reached, further in-
creases in the penetration depth are no longer eco-
nomic. 

3. The minimum lateral movement was obtained 
when the spacing of DCM columns was close 
enough so that soil arching was generated.  
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4.  When the penetration depth and spacing of 
the DCM column rows were sufficient, the increase 
in the elastic modulus of the DCM column rows was 
not economical considering the decrease in lateral 
movement. 
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1 INTRODUCTION 

A proper geomembrane installation with associated 
construction quality assurance (CQA) is always cru-
cial to the long term performance of liner system. To 
ensure the sealing integrity of geomembrane instal-
lation, a series of the quality assurance and quality 
control program as well as field monitoring and leak 
tests are usually required in order to serve as verifi-
cation during and after construction. Electrical leak 
detection surveys are currently the most effective 
and practical means of locating leaks in installed ge-
omembranes, particularly at post-installation after 
cover soil placement. Electrical leak detection sur-
veys as detailed in ASTM D7007 are performed us-
ing the concept that if there is a sufficiently conduc-
tive medium both above (cover material) and below 
(subgrade soil or a conductive geomembrane layer) 
an insulating barrier (geomembrane) and each of 
these conductive mediums are oppositely electrically 
charged, electric current will flow towards and 
through any location where the integrity of the insu-
lating barrier has been compromised. The direction 
of this current flow can then be detected using 
equipment that measures voltage drop between two 
measuring points. By taking these voltage drop 
measurements in a predetermined grid on the cover 

soil, holes can be pinpointed by finding locations 
where the current reverses direction.  

The key factors in being able to successfully per-
form an electrical leak detection survey as described 
above are that there must be a sufficiently conduc-
tive medium both above and below the geomem-
brane liner, and that these conductive mediums must 
be in intimate contact with the geomembrane so that 
an electrical connection can be made through any 
holes in the geomembrane liner. For single-lined 
system using nonconductive traditional liner, an 
electrical leak detection survey can only be per-
formed successfully provided that the liner is in in-
timate contact with the subgrade soil that maintains 
sufficient natural moisture content. However, in 
most of the applications, that is not always a guaran-
teed condition to perform an electrical leak detection 
survey on traditional geomembrane liner. For in-
stance, a double lined pond where the primary ge-
omembrane liner is separated from the conductive 
subgrade by a geonet and a secondary liner. Similar-
ly, even in a single lined pond, a hole that is located 
at the peak of a wrinkle in the liner is unlikely to be 
detected by electrical leak detection survey on the 
traditional liner because the electrical connection is 
broken by the poor intimate contact between the 
holes and the subgrade soil. In addition, in cases 
where there is a dry subgrade or encapsulated geo-

Electrically Conductive Geomembrane Enhances Liner Integrity Surveys 
at Post Installation 
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 ABSTRACT: Construction Quality Assurance (CQA) determines a successful construction of quality con-
tainment systems. Electrical liner integrity surveys are non-destructive CQA tests that help locating leaks and 
reducing defects at post-installation of the liner systems and even after geomembranes are covered with soil 
and water. An advantage and innovative geomembrane product, Leak Location Liner incorporates a thin layer 
of electrically conductive layer on the bottom surface of an insulating geomembrane that allows it to be 100% 
sparked tested for defects. The paper discusses the utilization of electrically conductive geomembranes can 
significantly enhance electrical liner integrity surveys that are commonly used to locate leaks in installed ge-
omembranes after shallow cover soil and water placement. Based on large scale field tests and commercial 
scale tests that have been performed by third party surveyors, the leak surveys demonstrate that an electrically 
conductive geomembrane can significantly increase the quality of electrical liner integrity surveys by improv-
ing both speed, accuracy and expanding detection limits.  It also allows the use of liner integrity surveys in 
applications that were previously impossible such as multiple-layer systems, on side slopes and in situation 
where wrinkling has occurred in the liner. 
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synthetics clay liner (GCL), the material beneath the 
nonconductive traditional liner may not be suffi-
ciently conductive to perform the leak survey (Peggs 
2007). Although hydrating encapsulated GCL has 
been suggested, it has not been embraced by the in-
dustry and GCL desiccation is still an unresolved is-
sue when performing an electrical leak detection 
survey on traditional liner (Beck et al. 2013). The 
side slopes cannot also be leak surveyed effectively 
at all when using nonconductive traditional ge-
omembrane liner.  

However, when using electrically conductive 
Leak Location Liner, the conductive layer in the ge-
omembrane shall be served as the conductive medi-
um at the base of geomembrane and the aforemen-
tioned are no longer the concerns. In most cases 
cover material such as water and soil will still be 
used as the conductive medium above the insulating 
barrier. In this way, an electrically conductive Leak 
Location Liner will allow electrical leak detection 
surveys to be performed effectively in applications 
that were previously not possible when using tradi-
tional geomembrane liner.  A series of tests in-
cludes preliminary test pads, large scale test and 
commercial scale tests utilizing electrically conduc-
tive liners that have been performed by third party 
surveyors shall be discussed in the following sec-
tions. 

2 ELECTRICALLY CONDUCTIVE 
GEOMEMBRANE   

Historically, electrically conductive liner is a spe-
cialty polyethylene geomembrane that incorporates 
an electrically conductive layer which can be uti-
lized for post-installation surface inspection, i.e., 
spark testing as per ASTM D7240. Spark testing us-
ing holiday detector was originally developed to in-
spect coatings on steel pipe. To perform spark test-
ing, a high electrical potential (voltage) of negative 
polarity (ground) is applied to the metal pipe to be 
tested. An electrode (wand and brush) of opposite 
(positive) polarity is then passed over the coating. 
Any voids in the coating will establish continuity 
and allow a spark to pass between the metal pipe and 
the electrode (wand and brush). Geomembrane man-
ufacturers use this technology for electrically spark 
testing of synthetic polyethylene geomembrane for 
defects and pin holes during the manufacturing pro-
cess (Youngblood et al. 2009). Today, this proven 
technology has been adopted in the field. With the 
development of a specialty coextruded geomem-
brane having an integral outer layer of conductive 
material, an electrically conductive geomembrane 
can be 100% electrically spark tested in the field to 
inspect for post-installation mechanical damage. To-
day the specialty geomembrane also enables leak de-
tection surveys to be effectively conducted over en-
tire geomembrane surface even with shallow cover 

soils and water. Figure 1 shows a typical cross sec-
tion of an electrically Conductive White geomem-
brane with an intimate conductive layer at the bot-
tom surface of the liner. 

 

Figure 1. Cross-section of Electrically Conductive Geomem-
brane (GSE Leak Location Liner). 

3 FIELD TESTS  

3.1 Preliminary testing  

Prior to full scale implementation, preliminary test-
ing and investigations were performed on small 
scale test pads with the objective to confirm the ap-
plication of electrically conductive liner for use in 
electrical leak detection surveys in an easily control-
lable environment that would eliminate many of the 
variables experienced in larger projects. As shown in 
Figure 2, the preliminary test pads were two 6m x 
12m x 0.3m above ground framed in areas, one for 
water covered testing, and the other for soil covered 
testing. The frames were built on top of a large area 
of non-conductive textured geomembrane which is 
served to isolate the conductive liner from any influ-
ence by contact with the subgrade. Additionally in 
both areas geonet was also placed below the conduc-
tive liner to aid in the drainage of water from under 
the liner which may have had an effect on the re-
sults. To further simplify the tests and avoid any po-
tential complications brought by welding multiple 
sheets, a single seamless sheet of conductive liner 
was used in each test pads.  
 
 
 
 
 
 
 
 
 
 
Figure 2. Small Test Pads with Water and Soil Covered.  

 
Results from this first survey were successful and 

holes that were detected were 2.5mm in diameter, 
and with a detectable signal from approximately 3 
meters away (Ramsey et al. 2012). Following with 
this, the next test was to introduce multiple ge-
omembrane sheets into a larger test area. A larger 
test pad, 17m x 37m x 0.3m was constructed and ar-
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ranged as shown in Figures 3 and 4, which has in-
cluded both fusion welded panel seams and extru-
sion welded patches at the intersections with the 
cross seam. In order to electrically connect adjacent 
panels inverted segments of conductive liner were 
placed beneath the seams prior to welding. The pan-
el connector configuration shown was used so that 
the longest current path possible from the hole to the 
ground point could be tested, simulating a similar 
circuit over a greater distance in a smaller area, in 
this case a ground path distance of almost 33 meters.  
The containment was then filled with water and a 
leak survey was performed. 

 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 3. Photo of Test Pad 3.  
 
 
 

 
Figure 4. Schematic of Test Pad 3. 

 
The survey on the third test pad was also very 

successful. Holes of similar size were easily located 
3 meters away from the hole and showed no signal 
interference from the seams. Similar to the earlier 
tests the entire bottom surface of the geomembrane 
has already isolated from the subgrade. In order to 
further demonstrate the benefits of conductive liner 
in leak detection surveys a hole was made on top of 
a wrinkle in the liner where there was clearly not in-
timate contact with the subgrade soil. This hole was 
also detected just as easily as in all previous surveys. 

To further confirm these results, an independent 
leak detection surveyor, Leak Location Services Inc. 
of San Antonio, TX, USA was invited to perform an 
electrical leak detection survey on the site using 
equipment that was fundamentally similar to the 

equipment previously used but was designed and 
used slightly differently.  The results of this survey 
were equally successful and each of the holes was 
located (Ramsey et al. 2012). 

3.2 Large scale implementation and testing 

A larger scale implementation and performance test-
ing was conducted on a 30m x 76m test site.  Sub-
grade at the site was compacted soil. In some areas 
where sharp rocks were present, was covered with a 
5cm layer of sand.  The first layer of geomembrane 
was a 0.5mm rub sheet for added protection as well 
as to isolate the conductive layer from the subgrade 
on top of which were a mix of both 1.0 millimeter 
and 1.5 millimeter electrically conductive liner (GSE 
Leak Location Liner). A 330 gram per square meter 
geotextile was also used above the conductive liner 
to protect it from rocks in the 0.5 meter cover mate-
rial that was from natural soil near the site. 

Upon completion of site construction an electrical 
leak detection survey was performed by an inde-
pendent leak detection surveyor, I-CORP INTER-
NATIONAL, Inc., Ocean Ridge, FL, USA.  Meas-
urements were taken at approximately 1.5 meters 
intervals throughout the test area.  Over the course 
of the survey four leaks were found, approximately 
5cm in length, where rocks from the cover soil had 
been forced down through the textile and liner.  
Additionally a 3mm hole was also located that had 
been created intentionally by hand before the survey 
and reburied.  Signal strength was primarily influ-
enced by the size of the hole, as larger holes had a 
much more clear and easy to pinpoint signal howev-
er it is also suspected that inconsistencies in cover 
soil moisture content may have also been having an 
effect on signal strength and clarity. 

3.3 Two project performance tests   

The first project is a commercial evaluation of the 
Leak Location Liner system at a private surface wa-
ter impoundment located at Knox County, Ohio, 
northeast of the city of Columbus, USA.  The site 
was 1.6 hectares in size with an irregular shape and 
approximately 3H: 1V side slopes and a maximum 
depth of 7.5 meters.  The site profile of the lining 
system was as follow (subgrade to surface): sub-
grade soils (clay type with shale inclusion), 0.50 
millimeter High Density Polyethylene (HDPE) Ge-
omembrane, 1.0 millimeter and 1.5 millimeter White 
Leak Location HDPE Geomembrane, a 330 gram 
per square meter, 45 to 60 centimeters of cover soil 
(clay type with shale rock inclusions), and water. 
The geosynthetic materials were installed by Ameri-
can Environmental Group of Richfield, Ohio. Figure 
5 shows the test pad at the project site. 
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Figure 5. Photos of test pad at Ohio site. 
 
After installation and cover soil placement a leak 

detection survey was conducted by a third-party sur-
veyor, I-CORP INTERNATIONAL, Inc. This sur-
vey was conducted through the cover soil. The 0.50 
millimeter geomembrane liner was intended to be 
used as a barrier to electrical current flow to ground 
and thus requiring any detection of leakage and liner 
damage in the White Leak Location HDPE Ge-
omembrane to be identified as a result of electrical 
current within the White Leak Location HDPE Ge-
omembrane. As verification, and to help in adjusting 
testing protocols, a small test pad was also con-
structed with site specific soil that was used for 
equipment set-up, and to demonstrate the impact of 
cover soil and subgrade soil contact. 

One section of approximately one half of the area 
of the pond had been installed with a typical welding 
machine and weld conditions. This technique result-
ed in false positive signals being generated at the 
flap section of the weld and prevented the accurate 
testing of the installation. The remainder of the site 
was welded using a specifically designed wedge in-
sert for the welding equipment and performed very 
well. During leak location testing a temporary trench 
was constructed to separate the two sections of the 
pond.  Leak detection survey was successfully 
completed and identified the presence of 4 holes and 
penetrations in the conductive geomembrane, one of 
which had been intentionally placed to confirm the 
performance of the inspection system. The necessary 
repairs were made and the site is currently in suc-
cessful service. 

The second commercial installation was complet-
ed at a construction and demolition waste landfill 
operation located at Mower County, Minnesota, 
southeast of the city of Minneapolis, USA. The site 
was 1.5 hectares in size with an irregular shape and 
approximately 3H: 1V side slopes.  The site profile 
of the lining system was as follow (subgrade to sur-
face): subgrade soils, BentoLiner Geosynthetic Clay 
Liner (Grade NSL), 1.5 millimeter White Leak Lo-
cation High Density Polyethylene (HDPE) Ge-
omembrane, GSE Drainage Geocomposite (GSE 
FabriNet 5 millimeter, double sided 130 gram per 
square meter geotextile), 1.2 meters of cover soil 

and above that, eventual waste placement. Geosyn-
thetic materials were installed by GSI (Geosynthet-
ics Inc.) of Waukesha, Wisconsin. Figure 6 shows 
the overview of the project site. 

Figure 6. Overview of Minnesota Site. 
 
After installation and cover soil placement a leak 

detection survey was conducted by Leak Location 
Services Inc. of San Antonio, Texas. This survey 
was conducted through the cover soil. The survey 
took approximately two days to complete which re-
sulted in the discovery of a small damage in the ge-
omembrane, a crescent shaped cut of small size 
(Figure 7). The necessary repair was made and the 
site is currently in successful service. 

 
Figure 7. Photo of defect found during covered ELI survey at 
Minnesota site. 
 

:416:



4 CONCLUSIONS  

Covered liner leak detection surveys are gaining 
popularity as a non-destructive CQA method for 
post installation leak testing. However, many condi-
tions contribute to the reliability and performance of 
these types of surveys. Completion of these field 
tests has demonstrated the ability of electrically con-
ductive liner (Leak Location Liner) to be used to fa-
cilitate an electrical leak detection survey in applica-
tions that would be impossible when using 
traditional nonconductive liner. The recently im-
proved Leak Location Liner features a conductive 
backing specifically designed to carry sufficient 
electric current for leak testing will be served as the 
conductive medium under the geomembrane. This 
special liner enables a leak detection survey to be 
completed through cover soils, and in applications 
where the liner is not in full intimate contact with 
the subgrade soils, which include a double-lined 
pond application where the primary liner is separat-
ed from the conductive subgrade by a geonet or 
gecomposites and the secondary liner; the singled 
lined pond with a geomembrane overlying GCLs 
and geotextiles, as well as on slopes and in situations 
where wrinkling has occurred in the liner.  

Results from field testing exhibited that the use of 
electrically conductive geomembrane does not have 
a negative effect on the ability to perform the leak 
detection survey effectively or in its ability to find 
small holes when installed properly. The field tests 
also revealed that the improved electrically conduc-
tive geomembrane significantly enhances the quality 

of covered leak detection surveys that are used to lo-
cate holes in a liner system regardless of subsoil 
conductivity beneath the liner. The use of special-
ized welding equipment and techniques to prevent 
false positives at the seams is necessary to obtain the 
performance demonstrated in these field tests. 
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1 INTRODUCTION 

Expansive soils are found in arid or semiarid regions 
and in temperate climate zones. These soils exhibit 
high plasticity, high swell potential, low strength and 
durability. Consequently, these soils are poorly suit-
ed for construction and are considered problematic 
(Seed et al. 1962; Alawaji, 1999; Cokca, 2001; 
Erguler and Ulusay, 2003). Principally, when the 
moisture content increases, the expansive soils ex-
hibit high volumetric expansion, while when the 
moisture content decreases, the soils shrink due to 
presence of montmorillonite clay, which has well-
shrink potential (Chen, 1988), thus giving rise to 
ground movement. This movement can cause severe 
structural damage, foundation cracks, floor slab 
cracks and roadway distress, as reported in many 
countries (Daniel and Wu, 1993; Alawaji, 1999). In 
the past, if such soils were found in a construction 
area, the construction site may have been changed or 
the soils replaced by high-quality materials. Today, 
populations are increasing, construction sites are 
limited and the quality of construction material is 
decreasing. Therefore, the expansive soils are in-
creasingly used as subgrade or fill materials in civil 
engineering projects. Yong et al. (1986) utilized ex-
pansive soils as back fill materials. Daniel and Wu  
 
 

(1993) and Alawaji (1999) reported that expansive 
soils have been used as soil barriers, landfill liners, 
and vertical barrier walls. 

Seed et al. (1962) classified the swell potential of 
expansive soils based on odometer swell potential 
values. The remolded specimens were compacted at 
their Standard Proctor MDD (maximum dry density) 
and OMC (optimum moisture content) values and 
inundated under a pressure of 7 kPa. Sridharan and 
Gurtug (2004) proposed a linear relationship be-
tween the swell potential and the swelling pressure 
of compacted clays.   

2 SOIL IMPROVEMENT METHOD 

To mitigate these swelling problems, soil improve-
ment methods are introduced. Cement is an admix-
ture that is widely used in the construction of roads, 
airports, embankments, or canal linings by mixing 
with clay subgrades to improve strength, swelling 
characteristics, and bearing capacity. The effects of 
cement stabilization on clay soils have been investi-
gated by many researchers (Porbaha et al. 1998; 
Miura et al. 2001; Jelisic and Leppanen, 2003; 
Rotta et al. 2003; Lorenzo and Bergado, 2004).  Fly 
ash has been shown to effectively improve soft inor-
ganic soils (Bin-Shafique et al. 2004; Prabakar et al. 
2004; Trzebiatowski et al. 2005; Tastan et al. 2011).  

Swelling Characteristics of Expansive Soils improved with Cement and 
Fly ash  

P. Jamsawang & P. Voottipruex 
King Mongkut’s University of Technology North Bangkok, Bangkok, Thailand 

 

 
 

ABSTRACT: This paper studies the swelling characteristics of unimproved and improved expansive soils in 
terms of the swell potential, swelling pressure and rate of secondary swelling. The admixtures used in this 
study are locally available cement and fly ash. The soils used in this study were taken from the Mae Moh 
power plant, Lampang Province, in northern Thailand. A conventional consolidation test apparatus was used 
to determine the swelling of the soil specimen. The optimum admixture contents are determined to efficiently 
reduce the swelling of unimproved soil. The rate of secondary swelling for unimproved soil is within the 
range of highly plastic montmorillonite clay, whereas the specimens improved with optimum admixture con-
tents can be classified as non-swelling kaolinite. A soil type affects the swelling pressure. Expansive soil im-
provement with fly ash alone can reduce swelling percentage .The swelling characteristics can be predicted 
well by the swelling percentage in this study.  
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3 SCOPE OF PRESENT STUDY 

There are plans to construct a road embankment and 
parking area at the Mae Moe power plant, located in 
Lampang province, Thailand. The construction ma-
terials available for this project are the problematic 
expansive soils found near the plant. Because of the 
insufficient improvement of the expansive soils from 
the addition of admixtures, this research aims to in-
vestigate the swelling characteristics of unimproved 
and improved expansive soils in terms of swell po-
tential, swelling pressure and rate of secondary 
swelling. The admixtures used in this study are lo-
cally available cement and fly ash. The optimum 
amount of admixtures is determined to efficiently 
reduce the swell potential.  

4 SPECIMEN PREPARATION 

The physical properties of unimproved soil taken 
from the Mae Moh power plant are presented in Ta-
ble 1. The soil was classified as CH due to the large 
amount of fine-grained soil (91.2%); the amount of 
gravel and sand in the soil was equal to 8.8%. The 
liquid limit was 72%, and the plastic index was 40%.  

The standard Proctor test was performed to obtain 
the maximum dry unit weight, γd(max), and optimum 
moisture content (OMC). The admixtures are locally 
available and include cement and fly ash, which is a 
by- product material from the power plant, proper-
ties and classifications of fly ash and cement are pre-
sented in Table 2.  The mixing ratio of the cement in 
this study is 1%, 3%, 5% and 7% by weight of dry 
soil, while the mixing ratio of the fly ash is 5%, 
10%, and 20% by weight of dry soil. A combination 
of cement with fly ash could contribute strongly to 
the development of the strength and durability of the 
improved expansive soil. Cement was used in soil 
specimens as necessary for energy conservation in, 
combinations of 1% cement and 5%, 10%, or 20% 
fly ash.  

To quantify the swell potential, swelling pressure 
and secondary compression index, the swelling tests 
were performed in the conventional consolidation 
test apparatus. The specimen preparation of both im-
proved and unimproved soils was controlled by a 
maximum dry unit weight of 14.9 kN/m3 and an op-
timum moisture content of 26.2% from the standard 
Proctor test. Each specimen was pressed carefully in 
a standard fixed-ring consolidometer made from 
stainless steel with a 55 mm inside diameter and a 
height of 19 mm. All specimens were inundated un-
der a pressure of 7 kPa to measure the swell poten-
tial. The specimens were cured for 28 days before 
the tests.  

 

Table 1 Physical properties of original soil sample. 
Property Value 
Gravel (80 - 4.75 mm), % 
Sand (4.75 – 0.075 mm), % 
Silt & Clay (%) 
Classification 
Specific gravity 
Liquid Limit (%) 
Plastic Limit (%) 
Plastic Index (%) 

3.2 
5.6 
91.2 
CH 
2.66 
72 
32 
40 

Maximum dry unit weight from stand Proctor 
test (kN/m3) 

14.9 

Optimum moisture content (%) 26.2 

 
Table 2 Properties and classifications of fly ash and cement. 
Parameter Fly ash Cement 
SiO2 (%) 29.15 20.61 
Al 2O3 (%) 15.66 5.03 
Fe2O3 (%) 15.97 3.03 
SO3 (%) 4.98 2.70 
CaO (%) 23.05 64.89 
MgO (%) 2.15 1.43 
Specific gravity 2.65 3.15 
Loss of ignition (%) 2.11 1.23 
Classification Class C Ordinary Portland 

cement   
  Type1-Grade 53 

5 CONSOLIDATION TEST RESULTS 

5.1 Swelling versus time curve  

Figures 1 present the log of time and swelling for the 
unimproved and improved expansive soils with ce-
ment, 1% cement mixed with fly ash and fly ash. 
Swelling is defined as the ratio of the amount of 
swelling to the original thickness of the sample ex-
pressed as a percentage. It can be observed that the 
increase in the swelling percentage is quite rapid at 
the initial stage and that it gradually reaches the as-
ymptotic level. It takes approximately 4000 minutes 
to reach near-equilibrium for unimproved expansive 
soils whereas all improved soil specimens take only 
approximately 500 to 1000 minutes. The time is re-
duced due to the lower plasticity index (PI) of the 
improved soil specimens; the lower the plastic in-
dex, the less time it takes to reach near-equilibrium, 
the smaller is the time taken to reach near equilibri-
um (Sridharan and Gurtug, 2004), as shown in Table 
3. The plasticity index of the improved soil speci-
mens indicates that the admixture improvement re-
sulted in lower plasticity properties compared with 
the unimproved soils. As the amount of admixture 
increased, the liquid limit (LL) decreased, and an in-
crease in the plastic limit (PL) was obtained; there-
fore, the plasticity index decreased. When the ad-
mixture was added to clay, a cation exchange 
reaction took place. This reaction decreased the dou-
ble-layer thickness, resulting in an increase in the at-
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traction forces, which led to better flocculation of 
the particles. The test results of Sridharan and Gur-
tug (2004) also showed that near-equilibrium was 
reached in less than 24 hours for kaolinite (PI = 
7.1%) and in approximately 7 days for montmorillo-
nite clay (PI =58%), implying that the swelling be-
havior of unimproved soil in this study lies between 
kaolinite and montmorillonite clay whereas the im-
proved soils behave like kaolinite.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 1. Relationship between log time and swelling. 
 
Table 3 Properties of unimproved and improved soil. 

Soil Type PI 
(%) 

b 
 

Smax 
(%) 

Cαs SP 
(kPa) 

Swell 
ratio 

Unimproved  40.0 0.11 8.80 0.01224 160  
Improved           
1% cement 27.7 0.67 1.45 0.00176 200 6.1 
3% cement 26.2 0.97 1.03 0.00142 140 8.5 
5% cement 22.5 1.36 0.73 0.00076 90 12.1 
7% cement 16.2 1.51 0.65 0.00077 80 13.5 
1% cement-
5% flyash 26.6 

0.76 1.33 
0.00299 130 6.6 

1% cement-
10% flyash 23.5 

1.01 0.99 
0.00209 100 8.9 

1% cement-
20% flyash 21.8 

1.38 0.73 
0.00120 80 12.1 

5%  flyash 28.5 0.33 3.03 0.00649 160 2.9 
10% flyash 26.0 0.71 1.40 0.00245 80 6.3 
20% flyash 24.5 1.12 0.89 0.00239 40 9.9 

5.2 Rate of swelling and maximum swelling   

Basma and Tuncer (1991) defined the rate of swell-
ing as the time required to reach 50% swelling (the 
time to half the maximum swelling). This definition 
was adopted from the consolidation theory for the 
determination of the rate of consolidation. However, 
it should be noted that the behaviors of swelling and 
consolidation are completely different. Daksana-

murthy (1978) proposed a hyperbolic equation to 
predict the swelling of expansive soils as given in 
Equation 1:

 
t

 = a+bt
S

 (1) 

The plots of swelling, S, versus log of time, t, in 
Figure 1 have been transformed into plots of t/S ver-
sus t in Figure 2 showing the almost perfect linear 
relationship between time and time/swelling. The 
constants a and b are defined by the straight line. 
Herein, b is the slope of the swelling path. Moreo-
ver, the rate of swelling can be known by the value 
of the slope, b, which shows the flow of the swelling 
path. Therefore, b is defined as the coefficient of the 
swelling rate. A steeper slope is a sign that the rate 
of swelling is smaller.  As shown in Table 3 that the 
swelling rate coefficient of the cement-improved soil 
increased with increasing cement content. However, 
the swelling rate coefficient for the expansive soil 
improved by 1% cement with fly ash and fly ash 
alone also increase compared with unimproved soil, 
exhibiting the lowest coefficient of the swelling rate 
of 0.11. Moreover, Table 3 presents the maximum 
swelling (Smax) for the unimproved and improved 
soils. The maximum swelling of the unimproved soil 
is found to be 8.8% classified as a high degree of 
expansion based on the classification of Seed et al. 
(1962).  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2. Relationship between time and time-swelling ratio. 
 
The actual maximum swelling tabulated in Table 

3 can be predicted using a hyperbolic equation, ob-
tained from the asymptotic line of a hyperbola, and 
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it can be calculated using 1/b. (Dakshinamurthy, 
1978; Rao and  Kodandaramaswamy, 1980; Sri-
dharan et al. 1986). Figure 3 shows the relationship 
between actual maximum swelling and the predicted 
maximum swelling obtained from 1/b. The studies 
show that the predicted maximum swelling is 1.02 
times the actual maximum swelling. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 3. Actual swelling and predicted swelling of unim-
proved and improved soils. 

 
The relationship between the maximum swelling 

(Smax) and the plasticity index (PI) of unimproved 
and improved expansive soils from this study and 
studies by Seed et al. (1962), Chen (1988) and Sri-
dharan and Gurtug (2004) are shown in Figure 4. 
The correlation in this study exhibits a unique expo-
nential curve of Smax = 0.0056e-0.123PI with R2 = 
0.8765, corresponding to the relationship presented 
by Chen (1988) rather than Seed et al. (1962) and 
Sridharan and Gurtug (2004) . However, the maxi-
mum swelling (Smax) decreased as the PI decreased, 
corresponding to previous studies.  

In this study, the effect of the admixture content 
on maximum swelling is shown in Figure 5. The 
swelling decreases rapidly when the cement content 
increases from 0% to 3% and slightly decreases 
when the cement content is higher than 3%. It can be 
considered that 3% cement is an optimum cement 
content that efficiently reduces the swelling of un-
improved soil from 8.8% to 1.03 % with swelling ra-
tio of 8.5, as shown in Table 3. The swelling ratio is 
defined as the ratio of the swelling of unimproved 
soil to the swelling of improved soil. For cost effec-
tiveness, the combination of 1% cement mixed with 
8% fly ash and 14% fly ash alone are also optimum 
admixture contents providing the same swelling 
(1.03 %) of the improved soils compared with 3 % 
cement alone. In addition, the maximum swelling 
(1.03%) of the improved soil with the aforemen-
tioned optimum admixture contents can be classified 
as having a low degree of expansion based on classi-
fication of Seed et al. (1962).  

 
 

Figure 4. Maximum swelling and plasticity index of unim-
proved and improved soils. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 5. Effect of admixture content on maximum swelling of  
unimproved and improved soils. 

5.3 Secondary swelling rate 

The curves in Figure 1 are s-shaped, exhibiting ini-
tial primary and secondary swelling that is similar to 
conventional consolidation test results. The low 
swelling rate during the initial stage is attributed to 
the low unsaturated hydraulic conductivity of the 
samples. Once water mobility was initiated, the high 
water adsorptive forces on the clay particle surfaces 
were readily wetted, thereby resulting in a high rate 
of primary swelling. The gradual reduction in the 
swelling rate during the primary and secondary 
swelling is attributed to the increasing sample satu-
ration due to water migration (Shahid, 2006). The 
secondary swelling rate is similar to the rate of sec-
ondary compression (Lambe and Whitman, 1979), 
which can be calculated according to the following 
formula: 
 

              
                         

                                    (2)                                                         
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αs maxC =0.0015S  

where αsC is the secondary swelling rate, ∆e is the 

change in void ratio and t1 and t2 are the time period. 
Table 3 shows a summary of the rates of secondary 
swelling, which is facilitated by long-term predic-
tions of swelling for all soil specimens. The maxi-
mum rate of secondary swelling of unimproved soil 
is 0.01224. In this study, the secondary swelling rate 
of the cement-improved soil decreased from 0.00176 
to 0.00077 as the cement content increased from 1% 
to 7 %. When different amounts of fly ash were add-
ed to the specimen improved with 1% cement, the 
secondary swelling rate decreased as fly ash content 
increased from 0.00299 to 0.00120, as shown in Ta-
ble 3. Moreover, for the expansive soil improved 
with fly ash alone, the secondary swelling rate also 
decreased from 0.00649 to 0.00245 and slightly de-
creased to 0.00239 as the fly ash content increased 
from 5% to 10% to 20%.  

Sridharan and Gurtug (2004) reported that the 
rate of secondary swelling is almost zero for non-
swelling kaolinite. For the less-plastic soil (PI = 
12.1%), the rate of secondary swelling ranged from 
0.00124 to 0.00495, and it varied from 0.0123 to 
0.0236 for highly plastic montmorillonite clay (PI = 
58%). Figure 6 presents the effect of the admixture 
content on the rate of secondary swelling together 
with the results of Sridharan and Gurtug (2004). It 
can be observed that the rate of secondary swelling 
for unimproved soil in this study is within the range 
of highly plastic montmorillonite clay. The speci-
mens improved with 3% to 7% cement and with 1% 
cement-20% fly ash can be classified as non-
swelling kaolinite. However, the specimen improved 
with fly ash alone cannot be considered as non-
swelling kaolinite. In Figure 7, the empirical rela-
tionship of the rate of secondary swelling with max-
imum swell can be expressed as follows:

                                          

  
               
                                                                           (3) 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 6. Effect of admixture content on rate of secondary of  
unimproved and improved soils. 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 7. Maximum swelling and secondary rate of unim-
proved and improved soils. 

5.4 Swelling pressure 

The swelling pressures (SPs) of expansive soil spec-
imens are shown in Table 3. The swelling pressure is 
defined as the pressure required to compress a spec-
imen that has been soaked and completely swollen 
under seating pressure back to its original configura-
tion (Sridharan et al. 1986). It can be observed that 
the swelling pressure increased as the maximum 
swelling increased. The linear relationship between 
the SP and maximum swelling (Smax) of the unim-
proved and improved expansive soils is shown in 
Figure 8. Sridharan and Gurtug (2004) proposed a 
unique relationship between the swelling percentage 
and the swelling pressure, irrespective of the soil 
type, because SP (kPa) = 48.32Smax for kaolinite and 
montmorillonitic clay under a maximum swelling 
pressure of 1,000 kPa. In this study, there are four 
straight lines for different soil types that exhibit dif-
ferent slopes. The steepest slope was found in a 
specimen improved with cement followed by 1% 
cement with fly ash, fly ash and unimproved soil. At 
the same maximum swelling (Smax), the steeper the 
slope, the higher the swelling pressure.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 8. Swelling and swelling pressure of unimproved and 
improved soils. 
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6 CONCLUSIONS 

In this study, the swelling and shear strength charac-
teristics of expansive soil obtained from the Mae 
Moh power plant, Lampang Province, Thailand, was 
investigated. To identify the swelling behavior of 
samples more clearly, experiments were conducted 
on improved specimens containing cement, cement 
mixed with fly ash and fly ash using the convention-
al consolidation test. The cement content values 
used 1%, 3%, 5% and 7% and the fly ash content 
were 5%, 10% and 20%. Combination of 1% cement 
with 5%, 10% and 20% fly ash were also used as 
admixtures. Based on the results, the following con-
clusions can be drawn. 

The time taking to reach near-equilibrium of 
swelling for improved soils is less than those for un-
improved soils because of the lower plasticity index 
of the improved soil specimens. Thus, the improved 
soils behave like kaolinite whereas the swelling be-
havior of unimproved soil lies between kaolinite and 
montmorillonite clay.  

The degree of expansion of unimproved specimen 
can be reduced from high degree to low degree due 
to use of optimum admixture contents based on clas-
sification of Seed et al. (1962). The maximum swell-
ing is correlated with the plasticity index of unim-
proved and improved expansive soils exhibiting 
unique exponential curve.  

The swelling pressure increases as the maximum 
swelling increases. The soil type affects the swelling 
pressure. The cement improved-soil with high stiff-
ness requires high swelling pressure at the same 
maximum swelling.  
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Dynamic Stability of Medium Dense Sand with and without Microfine 
Cement (MFC) Grouts Along with Sodium Silicate. 

M. V. Shah, S. N. Shah & A. J. Shah 
L.D. College of Engineering, Ahmedabad 

1 INTRODUCTION 

Grouting is effective and economical ground 
improvement technique for the major 
infrastructures like metro rail, mono rail, fly over 
bridges, foot over bridges, jetties whose 
foundations are continuously subjected to dynamic 
loads. Particularly grouting is also used to increase 
stability of loose cohesionless soils and to increase 
their shear resistance. Cement based grouts are 
generally used for a granular soils because these 
grouts can easily penetrate into the soil pores, 
maintain the required properties in the hardened 
state and they are less expensive compared to other 
options. The development in the field of grouting 
technology has brought Micro-fine cement as an 
innovative grout material. Its penetration capability 
is comparable to any chemical grouts with high 
strength and durability. The fineness of Microfine 
cement is approx 2.5 times greater than OPC. Due 
to its high fineness, the cement has extremely good 
retention when used for purpose of grouting in 
both- the micro-cracks in concrete or rocks or 
voids in soil. It provides better penetration in tight 
joints, fissures and pore spaces. 
 The scope of the study is to develop the concept 
of Micro-fine cement grouting with Sodium 

Silicate as an activator. Various rheological 
properties of grout are found out and the 
penetrability characteristics of design grouts for 
various types of gradation of cohessionless soil 
with constant particle size are studied. The main 
objective of the present study is to develop and 
design economical grout with sodium silicate to 
increase the dynamic stability of medium grain 
sand encountered in various infrastructural 
projects. 

2 MATERIALS 

The materials used for this study are, Microfine 
cement, sand and Sodium Silicate. The details of 
these materials are given as under 

Table 1. Physical properties. 
Fineness (cm2/gm) >9000 

Specific gravity 3.1 

Bulk density (kg/m2) 600-700 

PSD (D10) <2.5 

PSD (D50) <6 

PSD (D95) <15 

ABSTRACT: Grouting is one of the fastest and effective ground improvement technique to stabilize the loose 
to medium dense sandy soils. The aim of this research paper is to design and develop suitable grout mix using 
Microfine cement (fineness > 9000 cm2/gm) with sodium silicate as an admixture. Various Physical and 
Mechanical grout properties like, fluidity, gellification time-setting time, viscosity, bleeding potential, etc. are 
determined at various w/c ratios along with varying proportions of Sodium Silicate. The penetrability of MFC 
grouts into varying gradation of sandy soils is achieved by a special lab injection technique. The dynamic 
stability of grouted sand samples is determined by loading-unloading mechanism on a conventional 
unconfined compressive strength test machine. From the results and analysis, it is concluded that MFC grouts 
with sodium silicate as an activator is very much efficient in terms of penetrability and strength 
characteristics. 

International Conference on Advances in Suranaree University of Technology 
Civil Engineering for Sustainable Development 27-29 August 2014 
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Table 2. Setting time. 
Initial setting time (min) Final setting time (max) 

1 hours 10 hours 

 
Table 3. Compressive strength. 

Day MPa 

3 days >30 

7 days >40 

28 days >50 
 
Table 4. Chemical properties of MFC. 

Constituent % 
Lime saturation factor 0.66 to 1.02 
Alumina factor (min) 0.66 

IR 4 
MgO 6 
SO3 3 
LOI 5 
Cl- 0.1 

 
Table 5. Properties of Sodium Silicate. 

Constituent % 
SiO2 28.49 

Na2O 8.5 

SiO2:Na2O 3.35 

Specific gravity 1.4 

 

3 EXPERIMENTAL PROGRAMME 

Design of Raw Grout: In the present study 
framework approach is adopted as it is highly 
recommended for cement based grouts (A.V. 
Shroff et al. 1987).as per frame work approach, 
initially all the raw grout properties viz. 
gellification time, setting time, bleeding potential, 
afflux time are determined and then the optimum 
proportion is obtained on the basis of .the flow and 
strength characteristics. For present research raw 
grouts with w/c ratios (1.5, 2, 2.5, 3) and additive 
as  sodium silicate in proportion of  0.5, 1, 1.5, 2, 
2.5, 3% are prepared and finally their unconfined 
compressive strength are obtained. 

3.1 Results of raw grout properties 

 
Figure 1 Gell time v/s Sodium Silicate. 
 

 
 
Figure 2. Gell time v/s w/c ratio. 
 

 
Figure 3. Afflux time v/s Sodium Silicate. 
 

 
Figure 4. Afflux time v/s w/c ratio. 
 

 
Figure 5. Bleeding potential v/s Sodium Silicate. 
 

 

Figure 6. Bleeding potential v/s w/c ratio. 

3.2 Strength of raw grout 

3.2.1 Sample preparation 
Split PVC moulds with height and diameter equal 
to 12.5 cm and 4.2 cm were used to prepare the 
samples. The Unconfined strength test was 
performed according to IS 2720 (part 10): 1991. 
The raw grout samples were cured for 7, 14 and 21 
days. 
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Figure 7. Compressive strength v/s Sodium Silicate. 
 

 
Figure 8. Compressive strength v/s w/c ratio. 
 

3.2.2 Discussion 
As the amount of Sodium Silicate increases, the 
gellification time of grouts increases (Figure 1). As 
the w/c ratio increases, the gellification time 
decreases (Figure 2). It is desirable to have a 
shorter gell time so that the grout solution can be 
hardened early. For this purpose, the amount of 
Sodium Silicate should be lower and the w/c ratio 
should be higher. However, the gell time can be 
decreased by adding some accelerators like 
cellulose derivatives, Calcium Chloride, etc. 
     From Figure 3, as the amount of Sodium 
Silicate increases, the Afflux time increases. As 
w/c ratio increases, the afflux time decreases 
(Figure 4). Afflux time determines the fluidity of 
grout solution into the soil formations. So, from 
practical consideration, the Afflux time should be 
less than gel time such that the grout slurry can be 
easily poured into the soil pores before setting 
occurs. But it should not be too less that the 
bleeding or leakage occurs. 
     According to Figure 5, as the amount of 
Sodium Silicate increases, the bleeding potential 
decreases. As w/c ratio increases, the bleeding 
potential increases (Figure 6). It is required to have 
a lower bleeding potential such that there is no any 
leakage of grout solution from a particular soil 
pore until setting occurs. 
     The compressive strength is the most important 
property for any raw grout mix. The compressive 
strength increases with increase in the amount of 
Sodium Silicate with 1.5 and 2 w/c ratios. For 2.5 
w/c ratio, the strength decreases with increasing 

the Sodium Silicate proportion (Figure 7). From 
Figure 8, as the w/c ratio increases, the 
compressive strength decreases. 

For MFC grouts, the maximum strength is 2236 
kPa at 2 w/c ratio and 3 % Sodium Silicate (Figure 
7 and 8). This proportion provides a good lower 
bleeding potential and a lower difference between 
Afflux time and gellification time. The 
gellification time can be decreased by adding some 
accelerators. Therefore, MFC grout may provide 
sound penetration characteristics at the lower w/c 
ratio. 

3.2.3 Gradation of sand to prepare the grouted 
sand sample: 

For a sand-cement grout mix, evenly graded 
sand(ranges between 75 micron - 4 mm) should be 
used. It is required that the sand sould have the 
fineness modulus ranging between 2.4 and 
2.85.(Dr. A. V. Shroff and Dr. D. L. Shah, 1992). 
The sand should be evenly garded means it is 
desired to have the values of Cu >= 6 and Cc = 1 to 
3. For this purpose, number of sieve analysis tests 
are carried out. After number of sieve analysis tests 
and by adopting some trial and error methods, the 
obtained values of Cu, Cc and Fineness Modulus 
are 7.69, 1 and 2.5 respectively. Other details are 
shown into the following Table 6. 
 
Table 6. Gradation of soil for grouting. 
Sieve 
(mm) 

Mass 
(gm) 

% 
retained 

Cumulative % % 
finer 

4.75 16 3.2 3.2 96.8 
2 50 10 13.2 86.8 
1 70.3 14.06 27.26 72.74 
0.425 76 15.2 42.46 57.54 
0.212 40.1 8.02 50.48 49.52 
0.150 93.1 18.62 69.1 30.9 
0.075 86.4 17.28 86.38 13.62 
pan 68.1 13.62 100 0 
total 500  F. M. = 2.5  
 

 
Figure 9. Particle size distribution curve of sand. 
 
     The Table 6 and figure 9 shows the 
characteristics of the sandy soil to be grouted. 
From e Figure 9 it is observed that soil belong to 
well graded type with f Cu and Cc values as  7.69 
and 1 respectively. According to the mass obtained 
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in the various sieves, total 30 kg of soil sample is 
prepared and divided into three buckets with each 
bucket weighing 10 kgs.. On the basis of particle 
size distribution curve, soil of each size is 
calibrated so as to prepare a total sample of 10 kg. 
Now, this soil is subjected to relative density tests 
to obtain the medium dense soil of desired relative 
densities. 
 

3.2.4 Relative density tests 
Figure 10 shows the relative density test apparatus. 
Test is performed as per IS 2720- part 14. Total, 
eleven number of tests are performed with varying 
time (sec) and with various height of falling (cm). 
According to the code IS 2720 part 14 (1991), the 
control over the height of falling of soil mass is 
having a great impact on the relative density of the 
soil. 
 

 

Figure 10. Relative Density test on Sand. 
 

 
Figure11. Relative Density v/s height of falling. 
 

 
Figure12. Relative density v/s time. 
 
     From measurements plots  between relative 
density v/s height of falling and relative density v/s 
time are plotted. From both the plots it is 
determined  that, the IDat 1 sec time and 1 cm 
height of falling, the relative density obtained is 
36.67%. At 15 sec time and 6 cm height of falling, 
the relative density is 46.56%. Similarly from plot 
other values of ID can be obtained as shown in fig 
11 and 12.  
 

3.2.5 Penetrability of Grout and Preparation of 
Grouted samples 

Preparation of samples: To get equivalent weight 
of soil as per relative density achived in laboratory 
i.e. 36.67%, 46.56% and 56% the equivalent 
volume of PVC mould were calibrated as per 
volume of relative density mould. For eg. To get 
same effect of compactness and same prosity in 
PVC mould the equivalent weight of sand 
caluclated is 185 gm for ID = 36.67% and similarly 
for other IDs it can be determined as shown in 
Figure13. Atmost care was taken to see that 
volumetric porosity does not differ from standrad 
one for any samples. For penetration of the grout 
into the soil samples  special lab injection 
technique was developed at geotechnical 
engineering lab of L.D. College of Engineering 
indigeneoulsy.. The Figure 13 shows an injection 
of 50 ml capacity which provided with a needle of 
1.2 mm internal diameter at the other end and a 
pressure gauge (10 Kg/cm2 capacity) at the middle. 
 
 

 

Figure 13. PVC Moulds, sand sample and Injection with 
pressure guage 
 
     The volume of grout for injection into the 
mould was determined as per volumetric porosity 
obtained for particular ID.. For 36.67% relative 
density, the volume of grout needed was 60 ml, 
and for relative densities 46.56% and 56%, the 
grout volume is 50ml and 45 ml respectively.Here, 
the injection of grout slurry was carried out in the 
stagewise manner. 

3.2.6 Cyclic and Static UCS Tests of the Grouted 
samples 

Figure 14 shows an apparatus for an Unconfined 
compression machine used in present invesigation. 
Total 24 grouted sand samples were prepared for a 
particular relative density with curing period as 7 
days, 14 days, 21 days and 28 days respectively. 
Each sample were subjected to static unconfined 
compression test and dynamic unconfined 
compression test to get their static and dynamic 
strength under each period of curing. 
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Figure 14. Unconfined Compression test apparatus. 
      
     The static UCS tests were performed as per IS 
2720-part-10 as shown in Figure 14. The cyclic 
load was applied by loading and unloading 
mechanism with respect to the time period. 
Here, the first load was given for the 15 secomds 
and then the machine was stopped. The readings of 
dial gauge and proving ring were noted down very 
carefully. After this, the dial gauge and proving 
ring are set to zero load or initial condition. Then 
the second load was applied for 30 seconds. After 
30 seconds, the machine was stopped and the 
readings were noted down. Then again machine is 
set to the zero load condition. The same procedure 
is repeated until the specimen breakes. 

3.2.7 Results of static and cyclic UCS tests: 

 
Figure 15. Compressive strength v/s curing time. 

 
Figure 16. Compressive strength v/s curing time. 

 
Figure17. Compressive strength v/s curing time. 

4 RESULTS AND DISCUSSION 

The above Figure 15, 16 and 17 shows the graph 
between curing time (7, 14, 21 and 28 days) and 
static and dynamic unconfined compressive 
strength at three relative densities viz. 36.67%, 
46.56%, and 56% respectively. The 28 days static 
compressive strength values for these relative 
densities are 9011kPa, 9552kPa and 9681kPa 
respectively. The dynamic compressive strength 
values for the same are 9539kPa, 10627kPa and 
11559kPa respectively. From the above graphs, it 
is clear that as the relative density increases, the 
static and dynamic compressive strength values 
increases.  

5 CONCLUSION 

From the results of physical properties of raw grout 
and unconfined compressive strength the optimum 
grout proportion obtained with 3% sodium silicate 
as additive is w : c ~2. With this proportion, the 
raw grout is having the compressive strength up to 
2236 kPa after 21 days of curing. The minimum 
pressure required to inject the grout into the sand is 
in range of 1.5-2.5 kg/cm2. At the relative densities 
of 36.67%-46.56% and 46.56%-56%, the values of 
dynamic unconfined compressive strength 
increases up to 11.41% and 8.77% respectively 
after 28 days of curing. The static compressive 
strength values for the same increases up to 6% 
and 1.4% respectively after 28 days of curing. The 
Microfine cement grouts thus prove to be more 
efficient and effective in terms of both 
penetrability and strength in compare to OPC 
grouts. The dynamic and static compressive 
strength increases with increase in the relative 
density by using MFC grouts. 
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1 INTRODUCTION 

Solid wastes are continuously being generated as by-
products from domestic and industrial swages 
around the world. The disposal of solid waste has 
become a major problem and will become more ex-
pensive in near future. Currently, waste-water treat-
ment plants around the world are accumulating large 
stockpiles of sludge and biosolids annually.  
 Over the past years some attempts have been 
made to reuse recycled materials such as recycled 
glass, concrete, brick and other construction and 
demolition materials in various engineering applica-
tions such as pavements, embankments, etc. Fur-
thermore, some researchers reported on potential us-
age of biosolids in conjunction with natural 
aggregates in road-work applications and as a substi-
tute for engineering fills.  

According to ANZBP (2013), the production of 
solid biosolids is approximately 330,000 tonnes an-
nually in Australia. The average solids content of bi-
osolids is around 26% and this equates to approxi-
mately 1.3 million tonnes of biosolids in dewatered 
form, which is also called wet (ANZBP, 2013). In 
addition, almost 30% of biosolids (96,000 tonnes dry 
basis) is generated in the state of Victoria where 
most biosolids are produced in Western and Eastern 
waste-water treatment plants.  

Biosolids samples for this research were collected 
from biosolids stockpiles at a City West Water 
(CWW) waste-water treatment plant, which is locat-
ed approximately 30 km west of Melbourne. The 
treatment plant currently serves over 20,000 proper-
ties in Melbourne western suburbs and treats a flow 
of nearly 13 million litres of swage a day (CWW, 
2014). The treatment process starts from the time 
that the raw sewage enters the plants. Initially, cot-
ton buds, bits of plastic and debris are removed from 
the sewage. Next, biosolids are separated from the 
treated sewage and cleaned for the second time 
(CWW, 2014). Then, the left over water is removed 
from the biosolids, loaded into holding bins and tak-
en to a recycling facility. The biosolids sampled for 
this research were air-dried for almost eight years 
and collected from an old stockpile in Altona. 

In theory, recycling and reusing waste materials 
seems to be a simple solution while in reality there 
are several obstacles associated with reusing them 
instead of natural aggregates. The main problem 
with reusing recycling materials is the required ac-
ceptance by the end user. The construction and road 
authorities have so far preferred not to use untested 
and unproven recycled materials in engineering ap-
plications. However, the possibility of using recy-
cled materials can be proven by variety of extensive 
laboratory testing and filed studies.   

Geotechnical Investigation of Stabilised Municipal Biosolids 

F. Maghoolpilehrood, M. M. Disfani & A. Arulrajah 
Swinburne University of Technology, Melbourne, Australia 

ABSTRACT: Biosolids are solid waste by-products from sewage treatment process, mainly mix of both or-
ganic and inorganic compounds including household and industrial wastes. This paper reports on the results 
of a geotechnical laboratory investigation on wastewater biosolids stabilized with different percentages of 
cement and lime. Biosolids were sourced from a wastewater treatment plant in Melbourne, Australia. Tests 
undertaken include moisture content, specific gravity, Atterberg limits, particle size analysis, organic content, 
standard compaction, pH and unconfined compression strength. Results of pH and unconfined compression 
tests were used to determine the optimum dosage of cement and lime. The results indicate that the plasticity 
index and linear shrinkage of biosolids decrease by adding the optimum amount of additives. Furthermore, the 
compaction test results indicate that the maximum dry density of biosolids increases with both stabilizers 
while the optimum moisture content decreases. The results suggest that stabilized biosolids is a viable materi-
al for engineering applications such as embankment fills in roads. 
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 The key design parameters in roadwork and high-
way embankments are mainly obtained from the re-
sults of compaction, consolidation and strength tests 
(Arulrajah et al., 2011). Organic soils naturally have 
low shear strength and high compressibility, which 
can be problematic in construction of roadways on 
them (Hampton and Edil, 1998). Many developed 
countries such as the United States, the United 
Kingdom, Singapore and Australia have reported on 
the geotechnical aspects of untreated biosolids 
(Suthagaran, 2010, Suthagaran et al., 2010). Howev-
er, there have been only limited studies on the ge-
otechnical characteristics of stabilized biosolids.  
 The moisture content, liquid limit and plasticity 
indices of pure biosolids are comparable to com-
monly found organic soils in nature (Disfani, 2011). 
The results of compaction tests indicate that the 
maximum dry density of biosolids increases with in-
creasing the percentage of additives such as lime and 
fly ash, while optimum water content decreases 
(Lim et al., 2002b). Maghoolpilehrood et al. (2013) 
stated that the untreated biosolids have a soaked 
CBR of about 1.0%, indicating poor load bearing 
characteristics, which requires treatment with appro-
priate additives in order to be used as a substitution 
for embankment fill material. Lim et al. (2002a) re-
ported a CBR value of 2.74% for compacted sewage 
sludge and higher values for treated biosolids with 
lime and fly ash.  
 Tastan et al. (2011) reported that adding fly ash 
into the soil could increase unconfined compression 
strength of organic soils. Nevertheless, their study 
indicates that the amount of increase depends on the 
type of soil as well as characteristics of fly ashes. 
 Previous research conducted on biosolids suggest 
that biosolids obtained from different treatment 
plants show varying geotechnical characteristics, 
although similarities can be established when they 
are compared to natural clay material (Disfani et al., 
2009). Results of the existing research studies indi-
cate that treated biosolids have higher strength prop-
erties, improved permeability and lower secondary 
consolidation values (Maghoolpilehrood et al., 
2013). The current research was conducted to de-
termine the geotechnical properties of biosolids 
when mixed with different percentages of cement 
and lime.  
 Geotechnical laboratory tests in accordance with 
relevant Australian or ASTM testing methods were 
undertaken on samples of biosolids and their mix-
tures with cement and lime to determine their ge-
otechnical characteristics. The suite of laboratory 
tests undertaken included moisture content, specific 
gravity, Atterberg limits, linear shrinkage, particle 
size analysis, organic content, standard compaction, 

pH and unconfined compression strength. Establish-
ing the potential use of biosolids as a construction 
material in embankments is the main objective of 
this research. 

2 MATERIALS AND METHODS 

The laboratory tests were performed on specimens 
obtained from biosolids stockpiles at the CWW 
treatment plant in Melbourne. In this study, biosolids 
were sampled from five different spots at a depth of 
0.2 to 1 m from the old biosolids stockpile. Labora-
tory experiments were conducted on untreated bio-
solids along with biosolids stabilised with cement 
and lime. 
 Hydrated lime and ordinary General Purpose (GP) 
Portland cement were adopted to modify the biosol-
ids in this study. Lime is chemically transforms un-
stable soils into a structurally sound construction 
foundation (Austroads, 1998). Lime is particularly 
important in road construction for modifying and 
improving the engineering properties of subgrade 
soils, subbase and base materials and also can be 
used to improve engineering characteristics of bio-
solids (Austroads, 1998). Portland cement can be 
used either to improve and modify the quality of soil 
or to transform the soil into a cemented mass, which 
significantly increases its strength and durability 
(Austroads, 1998). 
 The natural moisture content of biosolids was de-
termined by drying the material at oven temperature 
of 50°C, as higher temperatures would cause loss of 
the organic content. The sieve analysis test was con-
ducted according to the Australian standards (AS, 
1996) to determine the grain size distribution curve 
of biosolids. For the fine-grained particles, hydrome-
ter analysis was determined by following ASTM 
practice (ASTM, 2007a). Organic content test were 
conducted by the loss of ignition method ASTM 
practice (ASTM, 2007b). Particle density was under-
taken according to Australian Standards (AS, 2000). 
Atterberg limits test was undertaken to determine the 
plastic and liquid limit of treated and untreated bio-
solids according to the Australian standard (AS, 
2009). The pH values of biosolids and the mixtures 
were determined according to the Australian stand-
ards (AS, 1997).  
 Standard proctor compaction effort was undertak-
en to determine the optimum moisture content and 
maximum dry density of treated and untreated bio-
solids samples following the Australian standard 
(AS, 2003). 
 The optimum dosages of lime and cement were 
selected based on a series of laboratory tests. Uncon-
fined compression strength (UCS) test was used to 
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determine the optimum dosage of cement for biosol-
ids mixture following the TxDOT test procedure: 
Tex-120-E (TxDOT, 1999). To determine the opti-
mum dosage of lime, pH concentration test results 
were analysed. 

3 STABILIZATION STUDIES 

This section describes the procedures followed to 
determine the optimum dosages of lime and cement 
as stabilizers for biosolids samples. 

3.1 Determination of optimum lime dosage 

In this study, pH tests were undertaken to determine 
the optimum dosage of lime for biosolids samples. 
High pH has been widely used as an indicator of bi-
ochemical stabilisation because a pH above 11 leads 
to the immobilization of heavy metals as well as the 
destruction of pathogens and lowering of microbial 
activity (Kayser et al., 2011). A decrease in pH can 
lead to a surge in biodegradation of organic matter, 
and a subsequent decrease in strength. Because the 
organic content of biosolids is very high, limiting 
biodegradation is important and therefore, maintain-
ing a pH above 11 is necessary (Kayser et al., 2011). 
 Biosolids samples were dried at 50°C oven and 
sieved through 2.36 mm sieve. Different percentages 
of lime (3, 5, 7 and 9%) were added to 30 g of bio-
solids samples by dry mass. Each biosolids and lime 
mixture then was mixed with 75 ml of distilled water 
in a 100 ml capacity beaker. After stirring the mix-
ture properly, the pH of the mixture was measured at 
0, 30, 60, 120, 180 and 240 mins intervals. Figure 1 
shows pH values of mixtures versus the lime dosage 
in percentage for biosolids samples. As Figure 1 
shows the pH value of biosolids was significantly 
increased from 7.4 for pure biosolids to 12.1 when 
blended with 3% lime. Then, the growth of pH value 
trend of biosolids mixture plateaued when more than 
5% lime was added. Therefore the 5% lime was se-
lected as the optimum dosage representing the low-
est amount of lime and nearly highest pH value. 

3.2 Optimum cement content determination 

Optimum cement content of biosolids was deter-
mined using the TxDOT test procedure: Tex-120-E 
(TxDOT, 1999). Dosages of 4, 8 and 10% cement 
content were used to prepare the specimens for un-
confined compression strength (UCS) testing. The 
samples were compacted in 4 layers, each layer by 
35 blows with a 2.7 kg hammer falling freely from 
300mm in height. After the compaction and prior to 
shear test, the compacted samples were cured for 7 
days inside the damp room. 

 

Figure 1. pH versus percent lime added. 

 Figure 2 illustrates the variation of cement dosage 
and the UCS values. Figure 2 shows UCS values of 
cement treated specimen rose with the increase in 
amount of cement and slightly dropped for 10% ce-
ment. This drop in UCS could be attributed to the 
development of micro-cracks appearing on the sur-
face of the sample. 
 The unconfined compression strength of speci-
mens were also calculated and shown in Figure 3. 
As Figure 3 shows the shear strength of biosolids 
constantly increased with the increase of cement 
percentage before it started to fall for 10% cement. 
This drop in unconfined compression strength also 
could be caused by the micro-cracks.  
 However, The optimum cement dosage chosen for 
this research was 5%. This dosage was selected 
based on the physical appearance of tested specimen 
and previous studies on geotechnical characteristics 
of aged biosolids stabilized with cement and lime 
(Maghoolpilehrood et al., 2013). 

 

Figure 2. Determination of optimum cement dosage. 
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Figure 3. The unconfined compression strength of untreated 
and cement treated biosolids. 

4 TESTS RESULT AND DISSCUSSION 

Two CWW biosolids samples were tested in the la-
boratory to determine their engineering properties 
and test results are summarised in Table 1 
.  
Table 1 Engineering properties of pure biosolids. 
Engineering Parameters Pure Biosolids S1 S2 

Gravel sized particles: 4.75 mm to 26 mm (%) 6 7 

Sand particles: 0.075 mm to 4.75 mm (%) 50 49 

Silt particles (0.002 to 0.075 mm) (%) 23 22 

Clay particles: <0.002mm (%) 21 22 

USCS Notation SC-
SM 

SC-
SM 

Organic Content (%) 10.4 9.9 

Specific Gravity, Gs 2.58 2.58 

Natural Moisture Content in 50°C Oven (%)  33.6 33.7 

Natural Moisture Content in 100°C Oven (%)  40 40.7 

 

The particle size distribution curves of two biosolids 
samples are presented in Figure 4. These curves 
show that both biosolids samples contain around 
50% of sand sized particles and more than 20% clay 
sized particles. The percentages of fine, sand and 
coarse friction of biosolids samples are presented in 

Table 1  
 Organic content of biosolids was determined by 
the loss on ignition method. Karlsson and Hansbo 
(1989) stated soils having organic content in the 

range of 6% to 20% are characterized as medium or-
ganic soils. The average organic content of CWW 
biosolids was approximately 10% that can be classi-
fied as medium organic soil. 
 Previous studies show that the specific gravity of 
the western treatment plant biosolids was 1.86-1.88, 
which is significantly lower than that of the inorgan-
ic soil and aggregates (Arulrajah et al., 2013). The 
specific gravity of CWW biosolids studied in this re-
search was found to be 2.58, which is higher than 
the Western Treatment Plant (WPT) biosolids 
(Maghoolpilehrood et al., 2013). The high specific 
gravity of CWW biosolids is expected due to the 
high clay content in this material and a moderate or-
ganic content. The natural moisture content of the 
biosolids samples was found to be high around 40%, 
which is higher than its optimum moisture content. 
 

 

Figure 4. Gradation curves for biosolids. 

 The geotechnical properties of the stabilised bio-
solids are presented and compared with the values of 
the untreated biosolids in Table 2. 

Table 2 Engineering properties of stabilised biosolids. 
Engineering Parameters of sta-
bilised biosolids 

Pure 
Bio 

Lime 

5% 

Cement 
5% 

Optimum Moisture Content (%) 28 25.8 25.6 

Maximum Dry Density (kN/m3) 1.36 1.38 1.41 

Liquid Limit (%) 61.5 51.7 60 

Plastic Limit (%) 25.1 45 35 

Plastic Index  36.4 6.6 25 

Linear Shrinkage (%) 16.1 5.7 13 

pH 7.38 12.39 --- 
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The compaction characteristics including opti-
mum water content and maximum dry density of 
treated and untreated biosolids that were obtained 
through standard compaction tests are summarised 
in Table 2. The results show that the dry density of 
biosolids would increase by the additives while the 
optimum moisture content would decrease. The ad-
dition of 5% cement increased the maximum dry 
density of biosolids by 3%. 
 Atterberg limits test were conducted to measure 
the plastic limits and liquid limits and corresponding 
plasticity index of the untreated and treated biosol-
ids. The results of Atterberg limits of untreated and 
treated biosolids are shown in Table 2. The results 
show that the liquid limits would decrease and plas-
tic limits would increase by adding both cement and 
lime. In cement blend, the liquid limit decreased 
slightly but plastic limit increased by 40%. Liquid 
limit of lime treated mixture declined by 16% and 
plastic limit raised by 80%. Both cement and lime 
admixtures have positive influence on reducing the 
plasticity index respectively by 30% and 80%. 
Higher reduction in plasticity index of biosolids was 
noticed in lime treated mixture.  

 
Figure 5. Compaction curves for pure and stabilized biosolids. 

 Linear shrinkage tests were undertaken to deter-
mine the amount of shrinkage that the untreated and 
treated biosolids samples undergoes from their liq-
uid limit to their shrinkage limit. The results of 
shrinkage limit of treated and untreated biosolids are 
expressed as a percentage in Table 2. The biosolids 
mixtures with lime and cement had lower linear 
shrinkage than pure biosolids. But again the de-
crease was significant in lime treated material, 
which was 5.7%, almost 65% lower than pure bio-
solids. 

 

Figure 6 Variation of pure and lime treated biosolids at differ-
ent curing periods. 

 The variations of pH values of lime treated and 
pure biosolids with curing period (days) are present-
ed in Figure 6. The results illustrates that the pH 
values of lime treated mixtures has declined with 
curing time. After 28 days of curing, the pH values 
of 5% lime treated biosolids were reduced by 19%. 
However, the pH value of untreated biosolids was 
initially decreased before starting to slightly increase 
after the first day. 

5 CONCLUSIONS 

Biosolids samples collected from the City West Wa-
ter in Melbourne, Australia were tested to investi-
gate their geotechnical characteristics in both un-
treated and stabilised conditions. A series of 
laboratory tests were undertaken to determine the 
optimum of cement and lime. After stabilization 
studies, 5% cement and 5% lime were chosen as op-
timum percentage of additive. Reduction in liquid 
limit and plasticity index was noticed when additives 
were added to biosolids. The stabilisation of biosol-
ids with additives significantly increases the plastic 
limit of biosolids. The shrinkage value of untreated 
biosolids was decreased significantly up to 65% by 
adding lime. The influence of 28 days curing shows 
the decline in pH value of lime treated mixtures. The 
experimental laboratory results indicate that the 
maximum dry density of biosolids increases with 
both stabilizers while the optimum moisture content 
decreases. 
 Further research needs to be undertaken to study 
the compressibility, swelling, unconfined compres-
sion strength and shear strength of pure and stabi-
lized biosolids with cement and lime, in order to en-
hance its bearing capacity and shear strength 
properties to enable its potential usage in structural 
fills. 
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1 INTRODUCTION 

The island of Mauritius is of volcanic origin and 
formed by several series of volcanic activities. It 
consists of undulating central uplands (rising to a 
maximum elevation of about 600 m in the south and 
with a mean elevation of the order of 400 m) sur-
rounded by mountain ranges and plains, forming a 
bowl with chipped rims, filled with layers of young 
formations, the excess of which has flowed away. 
Outside are the plains, which were deposited as lava 
flows. These flows are the products of small volca-
noes situated on the wide low median ridge running 
across the island from southwest to north east. The 
much eroded relicts of the rim protrude above these 
younger volcanics as a discontinuous ring of moun-
tain ranges with rugged peaks. The mountain ranges 
surrounding the central plateau have an asymmet-
rical profile (Proag 1995; Carte geologique de Mau-
rice 1996 and Giorgi et al 1999). 

Intermediate and more recent series of volcanic 
eruptions from several small emissions of volcanic 
rock distributed over the whole island cover the an-
cient central volcanic plateau and the deeply eroded 
valleys heading towards the sea. Most of the island 
is now covered with intermediate and late lava flows 
which have in general a gradual dipping towards the 
sea from the interior. Isolated remnants of the an-
cient series occur in the highest peak of the island. 

The lava flows consist of a sequence of massive 
basalt strata and volcanic breccias. The residual soils 
in Mauritius are the end product of severe weather-
ing and leaching of basalt (Proag V, 1995), belong-

ing to the family of laterite and lateritic soils cover-
ing much of the tropics, subtropics and warm tem-
perate regions of the Earth. 

Dark Magnesium Clay (DMC) – a residual basalt 
of volcanic origin belonging to the lateritic soil 
family and coal Fly Ash (FA) are both considered to 
be unsuitable materials for construction purposes. 
The former belongs to clays exhibiting undesirable 
expansive engineering properties and the latter is a 
well-known nuisance to the environment (Mitchel, 
1986 and Gourly et al. 1993). However, their simul-
taneous use, with an aim to improve the strength 
properties of clays, yields a resultant green material, 
with acceptable engineering properties that satisfies 
the requirements to sustainable building. Research-
ers worldwide have been focusing on the use of in-
dustrial and agricultural wastes as source of raw 
building materials. This is an alternative way to get 
rid of them in a constructive manner. Stabilisation of 
soils with additives, such as cement and lime, began 
with a trial basis in 1917 and since then several 
works have been published. Most of them focus on 
improving their strength and durability characteris-
tics, applicable in the construction of road base and 
sub-base as well as manufacturing of building 
bricks. It has been shown that the strength of stabi-
lised soils depends mainly on the types of stabiliser 
and additive, genetic origin of raw materials, miner-
alogical and chemical composition (Toubeau et al, 
1987, Ringsholt et al and Megat et al 1990). Fly ash 
was successfully used in different regions for stabili-
sation of expansive soils and in each case a different 
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approach, which satisfies the exigencies of the raw 
materials was used (Nicholson et al, Arora et al, 
2005 and Mcmanis et al.2013). The strength charac-
teristics of fly ash stabilised soils are measured 
through their compressive strength or other related 
parameters such as California bearing ratio (CBR) 
and shear parameters (NCHRP report, 1976; Misra 
2000; Robert and Brooks 2009). 

The aim of the present study is to investigate the 
possibility of using fly ash to stabilise a problematic 
soil of volcanic origin DMC. In this paper, the effect 
of physical and geotechnical factors of clay and fly 
ash on the strength and compressibility of the stabi-
lised material is studied including the initial compac-
tion pressure applied on the specimens, grain size in 
the original material and the stabiliser content. 

2 SOME FACTORS AFFECTING SOIL 
STABILISATION 

2.1 Compaction Pressure 

At a given compaction energy, the minimum water 
content corresponding to maximum strength is the 
optimum water content. In order to reduce the water 
content, compaction energy must be increased. The 
compaction energy is not a direct factor but it may 
contribute to reduce the water content (Horpibulsuk 
et al. 2003; Horpibulsuk et al. 2006; Horpibulsuk et 
al. 2008; Horpibulsuk et al. 2009; Sukmak et al. 
2013). 

2.2 Particle Size 

Based on grain size, soils can be classified as grav-
el/coarse sand - 20 to 2 mm, sand/fine sand - 2 to 
0.06 mm, silt - 0.06 to 0.002 mm and clay - particles 
less than 0.002 mm (BS 1377-2, 1990).  
 Generally, soils with a high specific surface will 
need less amount of binder, provided that the clay 
particles are reactive. Conversely, a lower specific 
surface area soil will require higher amount of stabi-
liser to provide the same strength and durability.   
 A soil which is suitable for stabilisation contains a 
mixture of sand, silt and clay sized particles coex-
isting in an appropriate proportion/ratio. The proper-
ties of each of these three fractions influence the 
properties of the end stabilised product. The well 
graded soils are needed to produce acceptable dense 
specimen. An ideal distribution of particle sizes to 
provide a perfectly packed structure is almost un-
likely and almost never occurs naturally (Norton J. 
1997; Gooding and Thomas, 1995). Depending on 
the soil type, effective fly ash content for improving 
the engineering properties of the soil varies in the 
range of 15 to 30% (Robert and Brooks, 2009). 

3 MATERIALS AND METHODS 

3.1 Soil Samples 

The tested dark magnesium clay was sampled from 
La Gaulette, a south eastern area in Mauritius, which 
is covered by old volcanic lava series. This for-
mation is frequently encountered in different regions 
of the island and generally this clay is a main cause 
of degradation of infrastructures due to high swell-
ing and shrinkage properties. The location is in a 
relatively dry region with a mean annual rainfall less 
than 1600 mm. Parish and Feillafé (1965) classified 
this soil as M2 class dark magnesium clay of the 
Magenta family. This soil contains Montmorillonite 
as a dominant clay mineral together with a high de-
gree of saturation by magnesium. It has developed 
under low rainfall conditions (less than 1500 mm) 
on the lower slopes and valleys of mountains of the 
older volcanic series.  

The index properties of test soil are shown in Ta-
ble 1. It is classified as clay with high plasticity 
(CH), as shown in Figure 1. Diffractogram of dark 
magnesium clay submitted to XRD analysis for 
overnight duration are shown in Figure 2. The sam-
ple is predominantly montmorillonitic with traces of 
kaolinite. This variability of constituents in miner-
alogical composition, that is coexistence of montmo-
rillonite and kaolinite, may affect the reactivity and 
general behaviour of the soil as regards its stabilisa-
tion with additives. 
 
Table 1. Properties of DMC and Fly ash 

Properties DMC Fly ash 
Specific gravity (g/cm3) 2.632 2.456 
Specific surface(m2/g) 109.2 26.45 
Liquid limit, wl (%) 80.2 - 
Plastic limit, wp (%) 34.1 - 
Plasticity Index, PI (%) 46.1 - 
 

 
 

Figure 1. Plasticity chart and soil classification of DMC. 
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Scanning Electron Microscopic (SEM) image of 
the soil in Figure 3 clearly shows that its particles 
have a certain regular characteristic shape, which 
possibly confirms a high degree of alteration of the 
parent rock material (Shootenko and Goodary, 1989 
and 1990). 

 

 
 

Figure 2. Diffractogram of Dark Magnesium Clay (DMC). 
 

 
 
Figure 3. SEM image of DMC - raw sample. 
 

The specific surface area of the clay particles of 
soil was measured by nitrogen adsorption using the 
Brunauer, Emmett and Teller, commonly known as 
BET, isotherm for multilayer adsorption. The specif-
ic surface area for dark magnesium clay is 109.2 
m2/g. Particle size distribution analysis (Figure 4) 
shows that the content of coarse particles is almost 
negligible in the DMC. 

 

 
 
Figure 4. Particle size distribution of DMC. 
 

Table 2. Constituents of DMC and fly ash. 
Constituents DMC (%) Fly Ash (%) 

SiO2 49.22 54.77 
Al 2O3 24.11 26.05 
CaO 0.56 5.24 
K2O - 2.85 

Fe2O3 19.82 4.08 
TiO2 5.36 2.46 

Mn2O3 0.72 0.14 
P2O5 - 2.93 
SO2 0.20 0.98 
SrO - 0.35 
ZrO2 - 0.13 

 

3.2 Fly Ash 

Fly ash was supplied by Compagnie Thermique du 
Sud (Mauritius). The sum of silicon dioxide (SiO2), 
aluminium oxide (Al2O3) and iron oxide (Fe2O3) 
content is over 70%; hence it is classified as Class F. 
The constituents of fly ash are listed in Table 2. 

3.3 Specimen Preparation 

The soil, fly ash and water were mixed in a mechan-
ical mortar mixer with a fixed rotational speed. The 
dry soil and fly ash were first mixed for a duration of 
5 minutes, water was then added and mixed for an 
additional 10 minutes. For each mix, a set of five 
cubical specimens 40 mm x 40 mm x 40 mm was 
prepared in a mould with dimensions 40 mm x 40 
mm and 50 mm high. Specimens were prepared at 
varying FA content, ranging from 5 to 25 wt%, as 
stated above, and pressed under compaction pres-
sures of 2, 4, 6, 8, 10 and 12 MPa. The optimal value 
for compaction pressure, yielding maximum dry 
density is therefore defined. Results obtained in this 
study have also been compared to published results 
(Toubeau et al, 1987; Megat and Noor 1990; Arora 
and Aydilek 2005) where a suitable value of the 
compaction pressure of specimens have been as-
sumed from 10 to 30 MPa for soils belonging to the 
same family, that is laterite and lateritic soils. 

To achieve maximum dry density, the mass of soil 
required to fill the mould each time was calculated 
from the standard Proctor compaction test (BS 1377-
4, 1990) results, and the volume of the mould. The 
compaction curves (Figure 5) reveal that the maxi-
mum dry density values (ρd) are 1.453 g/cm3 and 
1.53 g/cm3 and optimum moisture content values 
(wopt) are 23 wt % and 26 wt% for DMC and DMC-
FA respectively. The samples were demoulded and 
allowed to cure in ambient conditions for 7 days at 
room temperature (Neville A, 1995). The height was 
then adjusted to 40 mm and the unconfined com-
pressive test was undertaken at the age of 7 days us-
ing an adapted CBR compression machine with a 
rate of shear, fixed at 1.27 mm/min. 
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Figure 5. Compaction curves of DMC and FA stabilised DMC. 
 

One dimensional consolidation and compressibil-
ity parameters of saturated specimens were deter-
mined by using laboratory oedometers. The speci-
mens were loaded axially in sequence of 50, 100, 
200, 400, 200, 100, 50 and 0 kPa. Each stress incre-
ment was held constant until the end of primary con-
solidation or a minimum of 24 hours. The dimen-
sions of specimens were 50 mm in diameter and 20 
mm thick in conformity with BS: 1377 Part 5: 1990. 
Readings of the compression gauges were taken at 
intervals of 0, 10, 20, 30, 40, 50 seconds, 1, 2, 4, 8, 
15, 30 minutes, 1, 2, 4,8, 24 hours as per current 
regulations. 

4 TEST RESULTS 

Compressive strength values with respect to com-
paction pressure for both DMC and DMC-FA mix-
tures at various FA contents are shown in Figure 6. 
The results show that the FA content and the applied 
compaction pressure affect the compressive 
strengths of the specimens significantly. Compres-
sive strengths increase with an increase in compac-
tion pressure up to a threshold compression pressure. 
Beyond this threshold, the compressive strength de-
creases with increasing compression pressure. The 
threshold compression pressure is found to be 8 MPa 
which is possibly the applied standard Proctor ener-
gy to achieve maximum densification (Goodary et 
al, 2012). 
 

 
 
Figure 6. Compressive strength versus compaction pressure re-
lationships of DMC and FA stabilised DMC. 
 

The decrease in compressive strengths after the 
threshold value (8 MPa) may possibly be due to seg-
regation of clay and FA particles (Neville, 1995), 
whereby the fines are carried away from the mix by 
migration of water towards the surface, leaving be-
hind a lean mixture in the central mass of the sam-
ple. Consequently, it results in a diminution of its 
compressive strength (Goodary et al., 2012). The 
samples are in the wet side of the optimum when the 
compression pressure is higher than 8 MPa, causing 
a decrease in strength of the specimens. This may al-
so be due to the preferential orientation of clay parti-
cles, under excessive loading, which gives rise to a 
horizontal layering of the clay particles in the sam-
ple, regardless of the FA content, giving rise to det-
rimental cracks. 

Variation of unconfined compressive strengths of 
specimens compressed at optimum compaction pres-
sure of 8 MPa as a function of the percentage FA 
content is shown in Figure 7. It is obvious that the 
maximum compressive strength for DMC occurs at 
15% FA content. The increase in fly ash at low con-
tent improves the compactibility of the stabilised 
material due to the round shape of the fly ash parti-
cle. However, for high fly ash content of greater than 
15%, the strength decreases due to the decrease in 
plasticity index since fly ash is a non-plastic materi-
al. 

 

 
 
Figure 7. Compressive strength versus fly ash content relation-
ship of FA stabilised DMC. 
 

Results of consolidation tests on the specimen at 
optimum FA content are presented and compared to 
those of unstabilised DMC in Figure 8. It is shown 
that the fly ash improves yield stress of the DMC 
significantly. The compression of the stabilised 
DMC is minimal up to the yield stress of 100 kPa 
and then the larger compression with increasing ver-
tical pressure is observed. The compression index at 
post-yield state is essentially the same as that of un-
stabilised DMC. 
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Figure 8. Compression curves of DMC and FA stabilised 
DMC. 

5 CONCLUSIONS 

Based on results of the present research investigation 
on DMC and DMC-FA specimens, the following 
conclusions are made: 

1. The optimum value for the applied compac-
tion pressure, equivalent to the standard proctor 
compaction pressure at which the DMC-FA mixture 
yields a maximum compressive strength has been 
defined. It is found to be 8 MPa. 

2. An addition of optimum amount of FA to the
natural residual DMC improves packing of the DMC 
mass structure, enhancing the maximum dry density 
and compressive strength, applicable to civil engi-
neering earthworks. The optimal fly ash content is 
found to be 15%. The higher fly ash content leads to 
non-plasticity of the stabilised material and hence 
the lower compaction ability and compressive 
strength. 

3. The compressibility of the DMC is improved
by addition of fly ash as shown by the increase in 
yield stress. The compression index of the stabilised 
DMC is essentially the same as that of unstabilised 
DMC at post-yield state. 
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Pavement Technology 





1 INTRODUCTION 

There are many factors influencing the quality and 
performance of a pavement structure. Design, mate-
rial, traffic, construction quality, and also environ-
mental factor such as moisture and temperature con-
ditions are among those affecting factors. Flexible 
pavement having a thin surface layer on a thick un-
bound base layer, a typical setup in this region, must 
mostly rely on a strong support from its base layer. 

Moisture condition of pavement layers has a sig-
nificant influence in building strength and modulus 
of unbound materials. Variation in the amount of 
moisture inside the unbound base layer can sensi-
tively cause structural deformation and mechanistic 
performance of flexible pavement. An excess of wa-
ter may break material bonding inside pavement lay-
er, which eventually cause the deformation and per-
formance degradation. Roughness, rutting, and 
cracking are among several damage that might ap-
pear due to moisture problem. At a certain value of 
moisture content, the modulus of unbound base layer 
might be reduced to a significant level. Moreover, it 
can eventually reduce pavement service life. This is 
a condition we want the least to happen. 

In general, water movement inside a pavement 
structure has two components, lateral movement and 
vertical movement. Vertical movement may consist 
of surface infiltration, infiltration caused by layer 
permeability, or even water suction due to difference 
of potential. Lateral movement is mainly comprises 
of runoff, drainage related, and can be a water suc-
tion as well. Either way, the water movement re-

mains unexpected, and thus leaves us with the 
changing value of moisture condition as well.  

Considering the risk it may bring, and the need of 
preventing early damage, it is necessary to have ad-
equate information about the moisture condition of 
the base layer over time. There are many alterna-
tives, in terms of measurement method, to obtain ad-
equate moisture measurement. However, a comfort-
able and reliable method should be preferable. 

Some examples of moisture measurement meth-
ods that are popularly used until now are gravimetric 
analysis, dielectric method (moisture sensor), ground 
penetrating radar, and nuclear gauge. 

2 BACKGROUND 

2.1 Soil moisture measurement methods 

Ground moisture condition is a typical important pa-
rameter in geotechnical-related matter. There are two 
general classification of measurement method com-
prises: direct (gravimetric) and indirect (e.g. nuclear 
gauge, ground penetrating radar, moisture sensor). 

Gravimetric has been the most fundamental and 
basic moisture content measurement until now. This 
type of measurement is a lab-scale activity, which 
requires samples to be obtained from the field.  
Gravimetric moisture content is expressed as the ra-
tio of water mass to the dry mass of a given solid 
mass sample. The representative formulas are given 
as following. 

Volumetric MC: � � �� / ( �� � �	
 (1) 
Gravimetric MC:� � ��/�� (2) 

Characteristic of Moisture Measurement on Base Material of Flexible 
Pavement 

R. Siahaan, S. Unsiwilai & B. Sangpetngam 
Chulalongkorn University, Bangkok, Thailand 

 ABSTRACT: Moisture is one of the influential factors of pavement structural condition generally, and base 
layer specifically. Having that said, owning adequate data of moisture condition may prevent unwanted dam-
age in the future. At the moment, in Thailand a proper field moisture measurement and time-series data are 
still unknown. Therefore, in this study moisture sensor is installed in an unbound base layer of road section to 
monitor the moisture fluctuation all day for a long period. The expected benefit from this study is to obtain 
the knowledge of how the moisture changes over time on a daily basis, and to gain the information of plausi-
ble specific time of moisture measurement on road pavement. 

International Conference on Advances in Suranaree University of Technology 
Civil Engineering for Sustainable Development 27-29 August 2014 

 

:443:



* /w Sw θ ρ ρ= (3) 

Where � = volumetric moisture content; � = gravi-
metric moisture content; �� = volume of water; �� = 
volume of the solid particle; �	 = volume of pore; 
� =  the density of water (=1); � = the bulk densi-
ty of soil sample (=mS/VS); mS = mass of solid parti-
cle; mw = mass of water 

A sample taken is comprised of three main 
components: air, water, and solid particles (might be 
soil particle, gravel, etc.) as shown by the picture 
above. By removing the water through heating 
process, we may obtain the weight or volume of the 
rest components. This is the basic principle of oven-
sampling method. 

The fact that it requires field samples for the lab 
test causes this method as an utter field-destructive 
method, and it takes fairly much time. Despite of its 
fundamental principal and usage, gravimetric method 
has been commonly used as reference for other 
methods of measurement, instead of as routine 
measurement. 

An indirect method offers a soil moisture 
measurement alternative that disturb soil sample the 
least and can be operated at site. Some widely used 

indirect methods at present are ground penetrating 
radar (GPR), nuclear density/moisture gauge (NDG) 
and dielectric moisture sensor. 

A GPR system consists of three main parts, 
comprises of the control unit, the antenna and the 
survey encoder. The antenna has a transmitter and a 
receiver. When the signal returns to the antenna, 
travel time and amplitude will be reported on the 
screen of the survey encoder. The antenna itself has a 
wide range of frequencies (control unit) for different 
specific uses. High frequencies are used for shallow 
depth of observations whereas low frequencies are 
used for deep depth and large targets of observations. 

Radar signal can travel faster in a low dielectric 
medium than in a higher dielectric medium. As water 
has higher dielectric constant than others, the signal 
travels longer when water exists. This petrophysical 
relation between volumetric moisture content and 
dielectric constant is the background principal that 
makes the use of GPR versatile to moisture 
estimation. 

Radar signal can travel faster in a low dielectric 
medium than in a higher dielectric medium. As water 
has higher dielectric constant than others, the signal 
travels longer when water exists. This petrophysical 
relation between volumetric moisture content and 
dielectric constant is the background principal that 
makes the use of GPR versatile to moisture 
estimation. 

Nuclear Density/Moisture Gauge (NDG) is a ra-
diation-based instrument. NDG works by releasing 
gamma radiation, ‘fast’ neutrons into the material. 
When the ‘fast’ neutron collides with another atom 
that similar in mass with it, it may lose some amount 
of energy and be slowed down. Hydrogen, which 
forms water particle, has fairly same mass as the 
neutron released by the nuclear gauge. Therefore, 
principally the gamma radiation will be slowed 
down whenever there is an interaction with hydro-
gen atom specifically, or water generally. 

NDG detectors will count the gamma rays that 
passed through the material during radiation. This 
counted number is the basis to estimate the moisture 
content. Basically, the more neutrons counted, the 
higher the moisture content of the material.

2.2 Moisture sensor (Dielectric method) 

The most common indirect method is moisture sen-
sor. A moisture sensor works on an electrical-based 
principle, which implements the nature of electrical 
impulse in its relation to water presence. Speed of 
electrical impulse is determined which is affected by 
the amount of water on its wave path. 

A moisture sensor using dielectric method esti-
mates the moisture content based on dielectric con-
stant (εr) of the measured medium. Dielectric con-
stant is a value that represents the velocity of an 
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Figure 1. Basic GPR Working Principle [14]. 

Figure 2.  Nuclear Gauge Basic Working Principle [4]. 
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electromagnetic wave propagated through a medium 
(i.e. soil). In other words, dielectric constant repre-
sents the ability of a medium conducting electric 
force. The most fundamental basis of dielectric 
method is that water has significantly higher dielec-
tric constant (εr -water = 80) than other materials. 
The velocity of a wave going through a certain me-
dium will be highly determined by the existence of 
water. Hence, it can help us estimate the moisture 
content. 

There are many variations of dielectric measure-
ment methods depending on the material type, sam-
ple geometry, and frequency range, of which three 
different types. Those are Time-Domain Reflectom-
etry (TDR), Frequency Domain, and Amplitude 
Domain Reflectometry (ADR). Each type has signif-
icantly different working principles but as men-
tioned before, they estimate moisture content based 
on dielectric constant. Choosing one from the other 
is commonly based on the usage suitability. 

The relationship between dielectric constant and 
volumetric water content has been developing for 
the last several decades. The most drawing attention 
is the works of Topp et al. (1980), as following. 

2 2 4 25.3 10 2.92 10 5.5 10r rθ ε ε− − −= − × + × − ×

 6 34.3 10 rε+ ×  (4) 

where θ = volumetric moisture content; εr = dieletric 
constant 

This equation is compatible for various kinds of 
soil type. However, there are still doubts about its 
accuracy if used in specific soil type. 

2.3 Implementation and evaluation of moisture 
sensor 

Moisture sensor has widely been used in agriculture 
environment, and fairly used in engineering matter. 
It is considered very useful for both industrial and 
academic research.  

Some studies have conducted experimental re-
search to evaluate the adequacy of moisture sensor 
during ground moisture measurement (i.e. soil). It 
has been found that moisture sensor is commonly 
sensitive to material type and temperature, or com-
bination between both (and salinity for some types).  

Cataldo et. al. (2009) tested TDR-based moisture 
sensor to monitor moisture value on granular materi-
als, such as siliceous sand and feedstuffs, experi-
mentally. The study concluded that TDR-based 
moisture sensor is classified as valid tools for granu-
lar materials moisture measurement based on the ac-
curacy of the result. In the study, they used TDR 
sensor on previously moistened granular samples.[5] 

Moisture sensor performs differently on two dif-
ferent material type (soil and clay) when the temper-
ature is varied. Soil samples were placed in a con-
tainer and embedded with moisture sensor, and 

inserted into oven to find out the effect of tempera-
ture in measurement. Temperature was found having 
more significant effect on clay measurement than on 
sand (Merlin et.al. 2007).[11] 

In conclusion, NDG and GPR are both quite com-
fortable to use, in addition NDG even gives a fairly 
fast result of measurement. However, both are high-
ly priced and could only be done once at one point 
of time. Oven-sampling method with gravimetric 
analysis, as being mentioned, is a long-process and 
destructive method. Moisture sensor on the other 
hand has suitably reasonable price, is comfortable to 
use, and gives fast result. 

3 OBJECTIVES 

This study aims to implement an electrical-based 
moisture sensor for a case of typical pavement struc-
ture, and more importantly to find adequate infor-
mation of how moisture inside unbound base layer 
changes over time. 

In this study, electrical-based measurement is 
considered to be relatively suitable and reliable in 
terms of field moisture measurement over a long pe-
riod. We are aiming to collect time-series data using 
a set of moisture sensor. 

Secondly, the specific objective is to analyze the 
characteristic of moisture measurement result from 
the sensor into a general preliminary suggestion in 
base layer moisture measurement. We aimed to find 
several characteristics, such as measurement timing, 
moisture value alteration-trend, and plausible infor-
mation in summary. 

4 METHODOLOGY 

In order to obtain the information related to moisture 
changes over time inside the unbound base layer, we 
conducted a monitoring process on a typical flexible 
pavement section. The pavement site locates in Sa-
raburi province of Central Thailand region. The base 
moisture monitor is an automatic process, comprises 
of a set of main instrument: an ML2x Thetaprobe, 
and an automatic GP1 data logger as illustrated in 
Figure 3. 

Figure 3.  ML2x Thetaprobe (left) and GP1 Data Logger 
(right). 
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4.1 ML2x Thetaprobe 

ML2x Thetaprobe is an amplitude-domain-
reflectometry-based sensor, which uses electrical 
pulse as a tool to detect water content of a medium. 
Electrical wave sent from the probe will interact with 
water inside the medium that will produce a reading 
on the logger. The measurement area is relatively 
small, taking shape of a cylinder (about 1.2-inch) 
[12]. The reading will be presented in percentage 
value that represents volumetric moisture content. 

 
Figure 4. Top View of Field Observation Site. 

4.2 Installation 

We chose a feasible road section that has typical 
structure to avoid specific measurement bias. To 
keep the logger safe from unexpected weather fac-
tor, or might as well theft, we set up the logger on a 
nearby shelter on the road shoulder. Bird-eye view 
of field set up is shown on Figure 5. 

Figure 5. Detailed View of Observation Hole . 
 
In order to reach the base layer with the moisture 

probe, a coring-machine with 4-inch diameter head 
is used to remove the surface layer. The depth of 
coring is 50 mm (surface layer thickness). The dis-
tance between center-point of the hole to the edge of 

pavement is 600 mm. Before insertion, we drilled 4 
small holes to enable the probe insertion easier. 

The ML2x Thetaprobe is embedded in the base 
layer and buried with aggregates. Then hot mix as-
phalt with fine-graded aggregates is applied on the 
upper portion to seal the hole on surface layer, and 
ultimately to repair the surface in order to prevent 
water penetrates easily into the observed base layer. 

The moisture sensor is connected to GP1 data-
logger that is kept under a shelter nearby. This is to 
keep out the logger from external distraction. GP1 
data-logger is set to record moisture value of the 
base layer every 15 minutes all day every day. Rec-
orded data is stored in memory, and can be collected 
each time of site visit without stopping the logging 
process. 

4.3 Duration and maintenance 

The moisture measurement is set to operate continu-
ally for a long period. In this article particularly, we 
have collected a portion of moisture measurement 
data for 15 weeks to find any characteristic pattern 
of moisture changes inside the base layer. The ob-
tained data is in the period of 1-December 2013 to 
15-March 2014. 

The performance of this kind of moisture sensor 
actually relies on the power supply, or specifically in 
this case, the battery level. Manual explained that 
ML2x Thetaprobe needs at least 5.0V battery power 
to produce good measurement. Therefore, we do pe-
riodical site visits and battery replacement. 

 
Figure 6. Sample of Sinusoidal Fitting on 23-February. 

5 RESULTS, ANALYSIS, AND DISCUSSION 

The objective of this study is to investigate the char-
acteristic of moisture measurement on base layer of 
road section. The result of this study is specific for 
measurement using moisture sensor technology, and 
mainly focusing on characteristic of moisture chang-
es in a specific period of time.
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Figure 7.  Moisture fluctuation on base layer during 15-Week data logging. 
 

Figure 7 illustrates the moisture in base layer 
measured in 15 weeks. The result shows that mois-
ture definitely fluctuates over the weeks of meas-
urement. In larger scope, the increasing and decreas-
ing activity shows an approachable pattern. This 
brings to the smaller scope where volumetric mois-
ture content is apparently changing over 24 hours 
every day. The fluctuation is different for each day, 
with fluctuation range is vary between 0.2% and 
0.7% of reading value (volumetric moisture con-
tent). 
 In Figure 7, we can also see there is some incon-
sistency of measurement in between 10-January and 
22-January, specifically shown by the green high-
light. The distortion of data logging was found out to 
be caused by battery power insufficiency. Therefore, 
measured data on that period of time is omitted from 
further analysis. 

5.1 Sinusoidal pattern 

Based on this 15-week logged data between Decem-
ber 1st, 2013 and March 13th, 2014 we found that 
volumetric moisture value fluctuates following a 
pattern similar to sinusoidal graph. The blue line in 
small graph inside Figure 7 can show us visually the 
sinusoidal shape of the fluctuation, in which each 
column represents one day data.  

It is observed that the moisture content fluctuation 
may be symmetric. Therefore, a sinusoidal regres-
sion is conducted to validate the relevancy of sinus-
oidal approach to our existing data. Assuming that 
the mean of moisture values is linear in one day, we 
fitted sinusoidal equation to moisture data on each 
day, and collect the R-square for each day. 

In this study, the regression is conducted using 
PAST 3.01 statistical software. The sinusoidal fitting 

process inside the software used the general formula 
of sinusoidal equation as: 
 
� � � cos��� � �
 � � (5) 
 
where  A = amplitude; B = 2π/T; C = phase shift; 
D = mean offset;  T = period (minute) 

The unknown variables to be found are: A, B, C 
and D. Instead of set as fixed, period is set to be fit-
ted as well to see the difference of moisture fluctua-
tion period for each day. Since the logging interval 
is every 15 minutes, period value is in minute unit. 
In the data of each day, time of zero minute is 
equivalent to 00:00 hour (mid night).  The result is 
presented on next Table 1: 

The results of all R-square values from our data 
are above 0.850 and average R-square value is 0.900 
which indicate a very good fitting. Based on these 
results, we may conclude that sinusoidal approach is 
suitable to use as reference for daily moisture 
changes under the condition stated in the first para-
graph of this section. Figure 6 illustrates a fitting 
sample from one of the existing data. 

5.2 Sinusoidal fitting 

In the fitting process, the fitted equations are actual-
ly different from each other day because of moisture 
daily variation. Moreover, it is also found that it is 
possible to fit one sinusoidal equation for similar da-
ta from several days. However, due to the incon-
sistency and unexpected changes of moisture chang-
es, it is considered unreasonable to set the number of 
days for one sinusoidal equation.  

Figure 8 gives an illustration regarding the varia-
tions of sinusoidal equation for each day. The distri-
bution of amplitude value is widely spread away 
from the red line (average).  Amplitude size repre-

:447:



sents the range of fluctuation value on each day, 
which means the larger the amplitude, the bigger the 
moisture fluctuation range. There are many factors 
that can cause these daily variations, of which envi-
ronmental factor might be the most probable factor 
in this case. 

On the other hand, the period (T) value shows 
fairly similar value on each day fitting. We may use 
this finding as reference to determine our measure-
ment timing for daily measurement. 

 
Figure 8.  Variation of amplitude (A), period (T), phase shift 
(C), and offset (D) over time. 

5.3 Measurement timing 

Moisture measurement might not be possible to do 
using monitoring system every time for each case 
study. For maintenance matter, we could measure 
the moisture on a daily basis. Moreover, we can save 
a lot of measuring time by knowing the right time to 
obtain volumetric moisture value that fairly repre-
sents the day.  

In this study, we found that moisture is actually 
fluctuates leaving two extreme value at different 
time on each day. Logged-data showed that the vol-
umetric moisture content reaches minimum value in 
the early morning and reaches maximum value in 
the mid-afternoon.  

In Figure 8, we can see the period variation on 
each day from included data of 15-week logging.  
While the red line represents the average value of 
the period, the distribution of each day period is fair-
ly consistent and not immensely scattered. We found 
an average value of 1,300 minutes represents the pe-
riod variation of the collected data. This value can 
be used as reference to conduct measurement in the 
field by using moisture sensor based equipment. 
While period is the distance between the same ex-
treme values, our measurement timing should have 
half-period time distance. In conclusion, the time 
difference between the first and second measure-
ment should be 650 minutes (approximately 10 
hours). 

Figure 9 shows the overall fitting results of each 
day data. It reveals that minimum volumetric mois-
ture value of each measurement day is consistently 
found between 5:45 and 6:15 hour in the morning. 
On the other hand, the maximum volumetric mois-
ture value of each measurement day is consistently 
found inside 16:30 – 17:00 time range in the after-
noon. The area between two adjacent red lines repre-
sents the time area where extreme values should be 
measured.  

Figure 9. Overall sinusoidal fitting result and recommended 
measurement time of day. 

 
By using this information and the recommended 

measurement time difference, we can plan two 
measurement times between those time period and 
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include a space between measurements approximate-
ly 10 hours. 

5.4 Average volumetric moisture content 

As previously mentioned, the representing value of 
volumetric moisture content is considered best taken 
from average value for each day. On its relation to 
this matter, it is advantageous to use the sinusoidal 
approach. The generalized sinusoidal formula as 
presented before shows D as an offset value, which 
is actually the mid-value of the sinusoidal graph. 
Based on trigonometric, the offset value can be cal-
culated by averaging the two extreme measured val-
ues (maximum and minimum). 

In summary, we can simply obtain the average 
volumetric moisture content value to represent each 
day by collecting only both maximum and minimum 
value of the day. 

Figure 8 shows the offset variations over time in 
15 weeks. The trend shows a decreasing movement 
from time to time in the period of measurement. 
This is normal knowing that Thailand is entering 
summer season during the logging activity at the 
moment, in which a long dry condition is normally 
expected to be happened. 

6 CONCLUSION 

Moisture is one of the key factors affecting modulus 
and strength of unbound materials in flexible pave-
ment structure. In this study, moisture condition in 
the unbound base layer is the main focus, particular-
ly its alteration. The volumetric moisture content of 
unbound base layer was monitored for a long period 
on a flexible pavement section representing a typical 
thin surfaced structure. The results of moisture 
measurement over a period of 15 weeks in summer 
season reveal that moisture content in unbound base 
layer changes in sinusoidal pattern over each day. 
Based on the regression analysis, the average sinus-
oidal period is 21.67 hours.  

The research finding suggests that moisture moni-
toring over time should be applied to obtain suffi-
cient moisture data for determining the mean value 
of moisture content to represent the condition for 
each day.  Based on the analysis in this study, it is 
suggested that extreme measurement values locate 
between 5:45 to 6:15 hr in the morning for the first 
measurement, and anytime between 16:30 to 17:00 
hr in the afternoon for the second measurement of 
the day. A moisture measurement task should simply 
capture at least these two time pockets to obtain the 
reasonable average moisture value. 
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1 INTRODUCTION 

The number of car accidents in Thailand has been 
increasing annually, and this is partly due to some of 
the elements in Thai road design and construction, 
such as road geometry and on-road post construction 
conditions. These factors relate directly to the safety 
of the road, along with one of the most fundamental 
elements; skid resistance. The reduction in a road’s 
skid resistance over time and/or after rain causes 
slippery road conditions, which may result in fatal 
car accidents. It is therefore crucial to maintain an 
effective (safety) level of skid resistance in the road 
surface over the whole life of a road in-service. It 
should be noted that Road Safety - in this paper the 
term Road Safety refers to the condition of a road in 
terms of its age, skid resistance etc. 

Generally, the braking distance required by an in-
dividual vehicle depends upon the skid resistance 
between the vehicle tyres and the road surface in 
question. Ideally, skid resistance values would be 
known prior to the actual construction of the road. 
However, in practice, skid resistance values can only 
be measured in-situ, that is, on the road and prior to 
the post construction stages. Due to these difficul-
ties, skid resistance values have generally not been 
accounted for during the asphalt mixture design pro-

cesses, nor during the aggregate selection processes. 
Were this the case, unexpectedly low resistance val-
ues of the road surface would be obtained, these be-
ing the result of poor mix design and material selec-
tion. Improvements in the skid resistance of roads 
would avoid both the high maintenance costs and the 
deterioration of roads with regard to safety. 

In order to achieve the standard level of skid 
(frictional) resistance, the frictional characteristics of 
asphalt mixtures should be considered and appropri-
ate aggregate selection undertaken during the asphalt 
mixture design processes. If skid resistance values 
based on aggregate and asphalt mixture characteris-
tics can be estimated prior to the road construction 
stage, road safety and maintenance management 
should become more controllable. Consequently, the 
main aim of this research is to develop a predictive 
skid resistance model based on the aggregate and 
mixture characteristics of asphalt concrete. The 
model will then be used in a preventive scheme for 
road safety run by the Department of Rural Roads, 
Thailand. 

2 LITERATURE REVIEW 

Pavement friction is the resisting force that is creat-
ed between a road pavement surface and the tyre of 
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a vehicle. This force is usually generated when the 
tyres of any vehicle roll or slide along a road sur-
face, as shown in Figure 1. The friction force can be 
divided into 2 components; longitudinal friction and 
side force friction. The skid resistance in the form of 
the friction coefficient may be formulated as shown 
in equation 1. 

� � �/��                 (1) 

where µ is the friction coefficient, F is the friction 
force in the opposite direction to the movement, and 
Fw is the normal force from the dry weight of a vehi-
cle. 

Figure 1. Pavement friction generated from contact of tyre of 
the vehicle with road surface. 

 
Based on the literature to date, the frictional re-

sistance of a road surface is a significant part of road 
safety management schemes, as it directly relates to 
the incidence of road accidents (Henry 2000, Ivey et 
al. 1992). Road accidents increase when frictional 
resistance is reduced by wet surface conditions 
(Rizenbergs et al. 1973). Research into and meas-
urement of frictional resistance was conducted by 
the Texas Department of Transportation (TXDOT) 
(1966). This was undertaken during wet surface 
conditions where vehicle speeds were equal to 50 
mph (80 km). The results found a definite statistical 
trend between the low level of skid resistance on the 
road and a rise in the road accident rate. This trend is 
illustrated in Figure 2. Various other works, such as 
those of McCullough et al. (1966), Agent et al. 
(1996), and Wallman and Astrom (2001) support the 
TXDOT research.  Moreover, studies into the effects 
of wet surface conditions on tangential wheel align-
ment, using a Sideway-force Coefficient Routine In-
vestigation Machine (SCRIM) at 13 percent slip 
(Viner et al. 2004), show that the number of road 
vehicle accidents is statistically related to pavement 
resistance. 

In 2009, the National Cooperative Highway Re-
search Program (NCHRP) in Washington, D.C., in-
troduced guidelines for the selection of asphalt mix-
tures and aggregates for high resistance road 
pavement design. The most fundamental recommen-
dation in the guidelines concerned the aggregate se-
lection processes for asphalt mixture design. A suit-

able aggregate for effective short-term and long-
term pavement friction would be an aggregate with 
appropriate physical, chemical and mechanical char-
acteristics. In the NCHRP guidelines, aggregates 
from different locations was tested as per recom-
mended standard procedures. In general, it was 
found that pavement aggregate could be selected 
from at least two main sources and combined to 
achieve the correct design gradation, along with oth-
er abovementioned characteristics. This process 
would usually be performed prior to the start of the 
project to ensure a satisfactory grading of the aggre-
gate characteristics, which in turn should ensure 
road pavement of adequate, if not high quality. In 
addition to any standard requirements of other coun-
tries, the polishing resistance of a selected aggregate, 
estimated from Polishing Stone Values (PSV), is one 
of the recommended design parameters for high re-
sistant pavement in the NCHRP guidelines. 

 

Figure 2. Relationship between wet-surface accident rate and 
pavement resistance (Rizenbergs et al. 1973). 

 
Previous research (NCHRP, 2009) has also 

shown that an aggregate containing hard and soft 
minerals has a micro-texture of high stability which 
directly relates to the durability level of the pave-
ment material. The long-term deterioration re-
sistance of pavement, or the long-term stability of 
the micro-structure, can be estimated from the PSV 
value of the aggregate. During the asphalt mixture 
design (as a macro-texture) it is important to consid-
er other related factors in addition to the physical 
and engineering properties of pavement aggregate. 
This should ensure the high frictional resistance of 
the road surface, post construction. 
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3 METHODOLOGY 

Figure 3 shows the working diagram used in the new 
predictive model for asphalt concrete skid resistance, 
with the main research aim shown in red. 

The experimental study of asphalt mixtures and 
aggregates formed the basis of this research which 
examined the correlation between material charac-
teristics and skid resistance values using statistical 
analyses. The skid resistance predictive model was 
then formulated based on the experimental findings, 
in conjunction with the statistical correlation anal-
yses. 

Figure 3. Research methodology. 
 
The experimental study in the research consisted 

of four elements. Firstly, a selection of comprehen-
sive sources of aggregates was made, these being 
representative of those used in the Thailand road 
net-work. Aggregate properties were then deter-
mined through laboratory testing, and asphalt con-
crete sample preparation was based on specifications 
used in Thailand. Finally, testing was carried out on 
the skid resistance of asphalt concrete. 

3.1 Asphalt concrete mixture 

The amount of asphalt binders, air void measures 
and aggregates of asphalt concrete samples used in 
this re-search were based on a job mix formula de-
sign in accordance with the specifications of the De-
partment of Rural Roads of Thailand (Department of 
Rural Roads Standard 230-2545 and 607-2545). The 
asphalt mixtures used were designed to produce 
wearing courses of AC 9.5 and AC 12.5. The cylin-
drical test samples for the skid resistance tests were 
prepared based on the Marshall Mix design and the-
se comprised 28 job mix formulas (14 formulas for 
AC 9.5 and 14 formulas for AC 12.5). Aggregates 
for these asphalt concrete samples were sourced 
from 14 various locations in Thailand. In addition to 
the samples prepared for job mix design purposes, 
an additional 3 samples for each job mix design 
were required for the modified sand patch tests (see 

details in 3.4). The total number of asphalt concrete 
samples required came to 168.   

3.2 Aggregate testing 

The investigation into aggregate characteristics em-
ployed the following tests: 
• X-ray Diffraction (XRD) and X-ray Fluores-

cence Spectrometry (XRF) for evaluating the 
mineral composition and contents of aggregates. 

• Determination of aggregate impact resistance us-
ing Aggregate Impact Value (AIV) based on 
B.S. 812:1967 standard. 

• Determination of crushing resistance of aggre-
gate using Aggregate Crashing Value (ACV) 
based on B.S. 812:1967 standard. 

• Determination of abrasive resistance of aggre-
gate using Los Angeles Abrasion (LA) value 
based on procedure adapted from ASTM C131-
69 and ASTM C535-69. 

• Determination of soundness of aggregate using 
sodium sulphate or magnesium sulphate (equiva-
lent to AASHTO T104 or ASTM C88). 

• Determination of frictional resistance of material 
using Polished Stone Value (PSV) based on B.S. 
812:1967 standard. 

3.3 Determination of skid resistance values from 
asphalt concrete samples 

In this research, the Skid Resistance Values (SRV) 
of asphalt concrete samples was determined using 
the British Pendulum Tester, as shown in Figure 4. 
A unique base plate was required during the test to 
match the sample prepared from the Marshall meth-
od. A pendulum tester is designed for in-situ testing; 
therefore, the special base plate was attached to hold 
the laboratory prepared sample during testing. In this 
study, the measured SRV values were transformed 
to SRV35 which is the SRV value at the temperature 
of 35ºC, and F60 which is the measure for skid re-
sistance based on the International Friction Index 
(IFI) (see section 4.5). 

Figure 4. British pendulum tester with additional base plate for 
skid resistance measurement. 
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3.4 Determination of texture depth (Td) or Mean 
Texture Depth (MTD) of asphalt concrete 
sample using Sand Patch method 

The standard Sand Patch testing procedure (BS598 
Part 105, ASTM E965) used for measuring the MTD 
in the field was adapted and modified to suit the test-
ing of samples in laboratory, as illustrated in Figure 
5. 

Figure 5. Modified sand patch tests in this study. 

3.5 Source of aggregate 

Comprehensive sources of aggregate were used in 
this research and these were quantitatively and quali-
tatively ranked as being representative of the aggre-
gates in Thailand’s road network. Table 1 lists the 
aggregate source locations, which include 14 prov-
inces in Thailand. Limestone was taken from Trang, 
Chonburi, Tak, Chiangmai, Nakhon Sawan, Su-
khothai, Ratchaburi, Saraburi, Nakhon Ratchasima, 
and Surat Thani. Granite was brought from 
Songkhla and Narathiwat, while Basalt was sourced 
from UbonRatchathani and Buriram. 

4 RESULTS AND DISCUSSION 

A statistical examination of the correlations between 
aggregate and asphalt mixture characteristics and 
skid resistance values from the laboratory test results 
is summarised in the following sections. 

4.1 Correlation between frictional resistance and 
type of asphalt mixture (MTD, SRV35, F60 VS 
AC9.5 and AC12.5) 

Based on the test results in this study, different types 
(AC9.5 and AC12.5) of asphalt mixtures exhibited 
different skid resistance characteristics (in terms of 
MTD and SRV35 parameters). However, the types 
of asphalt mixture shad no specific impact on skid 
resistance values, when F60 was used to represent 
the frictional resistance of asphalt concrete samples 
in the analysis. 

4.2 Correlation between frictional resistance and 
type of aggregate (MTD, F60 VS Granite, 
Limestone and Basalt) 

The MTD and F60 parameters of skid resistance 
characteristics were used to examine the effects of 
aggregate type on the frictional resistance of asphalt 
concrete. 

The results from the statistical analysis showed 
that the P-Values for every aggregate type were 
greater than 0.05, which was not statistically signifi-
cant. It can be concluded that the null hypothesis of 
frictional resistance (in term of MTD, SRV35 and 
F60) correlating to the aggregate types is rejected at 
a 5% significance level. This illustrates that different 
aggregate types do not have an impact upon skid re-
sistance, as represented by MTD and F60. 
 
Table 1. Sources of Limestone, Granite, and Basalt for aggre-
gate testing. 
No. Source Limestone Granite Basalt 
1 Songkhla  √  
2 Trang √   
3 Chonburi √   
4 Tak √   
5 Chiangmai √   
6 NakhonSawan √   
7 Sukhothai √   
8 Ratchaburi √   
9 Saraburi √   
10 NakhonRatchasima √   
11 UbonRatchathani   √ 
12 Buriram   √ 
13 Narathiwat  √  
14 Surat Thani √   

4.3 Correlation between frictional resistance and 
aggregate characteristics (AIV, ACV, PSV, LA, 
SOUDNESS VS F60) 

From the statistical analysis, the F60 parameter does 
not correlate nor depend on all the aggregate charac-
teristics of AIV, ACV, PSV, LA, and soundness. 
The R-Value and R-Square are relatively small, 
which means that the correlation between F60 and 
the aggregate characteristics is statistically low. This 
is also proven by the P-values from statistical signif-
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icance testing, of which, all P-values are greater than 
0.05. Therefore, aggregate characteristics considered 
in this analysis (AIV, ACV, PSV, LA and sound-
ness) are not suitable for frictional resistance predic-
tive model development. 

4.4 Correlation between frictional resistance, 
characteristics of asphalt mixture, and asphalt 
mixture design (% passing, % binder content, 
MTD VS F60) 

The statistical analysis shows a significant correla-
tion between the MTD and F60 of asphalt AC9.5 
and AC12.5. This is also proven by the high R-
Values, high R-Squares, and low P-values. It can be 
concluded that the F60 of asphalt AC9.5 and 
AC12.5 correlates to the MTD parameter, and that 
the MTD is a suitable parameter for use in the de-
velopment of a frictional resistance predictive mod-
el. 

4.5 Development of skid resistance predictive 
model 

Laboratory results and statistical analysis from pre-
vious sections were used for the development of the 
predictive model, which focused on estimating the 
IFI standard frictional resistance value, F60. Calcu-
lation procedures for SRV values from the British 
Pendulum Test are given elsewhere (Department of 
Rural Roads 2013). Figure 6 shows the conceptual 
diagram for the development of the predictive model 
to estimate skid resistance values. The details of the 
analysis inputs for the skid resistance predictive 
model are also given in the final report (Department 
of Rural Roads 2013). 

Figure 6. Development of skid resistance predictive model. 
 

The input parameters for the predictive model de-
scribed in the previous section can be subdivided in-
to two groups based on a texture scale. The input pa-
rameter representing the micro-texture characteris-
characteristics is PSVdiff, while MTD and gradation 
(λ, κ) represent the characteristics of the macro-
texture, as shown in Figure 7. Therefore, the input 
parameters for the F60 predictive model develop-
ment include: 
• PSVdiff which is the difference between PSV val-

ues of aggregate before and after polishing. 

• Gradation (λ, κ) which are the model parameters 
of the Weibull Distribution Curve for each ag-
gregate from different sources. The mixed ag-
gregate was designed and mixed based on the 
Thailand Department of Rural Road Standards, 
Thailand, for AC9.5 and AC12.5. 

• MTD is the Mean Texture Depth (mm) of an as-
phalt concrete sample, tested by using the modi-
fied Sand Patch method. 

Following the selection of the input parameters 
for the predictive model, the multiple regression 
analysis technique was used to develop the F60 pre-
dictive model. The following equation is the skid re-
sistance (F60) predictive model developed in this re-
search. 

�60� � 	�
���  ���������  ����  ���� 

��	�����
� � 0.82"              (2) 

Figure 7. Model approach diagram. 
 

Table 2 lists the coefficients and parameters cal-
culated from Equation 2 based on multiple regres-
sion analysis. 
 
Table 2. Coefficients and parameters used in the predictive 
model of F60. 
Mixture Type X Ax Bx Cx Dx Ex 

AC9.5 9.5 1.1490 0.0033 0.0002 -0.0043 0.1041 

AC12.5 12.5 0.8161 0.0020 0.0078 0.0603 0.1104 

Total 

(AC9.5 + AC12.5) 

t 0.9167 0.0030 0.0027 0.0388 0.1099 

 
The predictive model of Equation 2 with the coef-

ficient values in Table 2 resulted in high R-Square 
values, which were more than 0.80 for all predic-
tions (see Figures 9, 10, 11). The high value of the 
R-Square means an acceptable correlation between 
predicted and measured F60 values based on the 
suggested input parameters (PSVdiff, λ, κ, and MTD). 
More precisely, the input parameters used in Equa-
tion 2 resulted in an accurate estimation of F60 val-
ues. 
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Figure 8 shows the conceptual diagram of the 
calculation of F60; the calculation procedure of the 
value was modified from the traditional IFI method 
(ASTM E1960 – 07 (2011)). This was undertaken to 
suit the conversion of SRV35, derived from the Brit-
ish Pendulum Tester used in this study, to F60, 
which relies on the MPD and the given speed of 
measuring devices. It can be seen that the plots from 
the three graphs give very high values for the R-
Square. 

Figures 9, 10 and 11 show the plots between the 
F60 predicted from Equation 2, and the F60 meas-
ured during the test. High values of the R-Square 
from all three graphs can be observed. This means 
that Equation 2 is suitable for calculating the precise 
values of F60. Moreover, Equation 2 can be used to 
predict the F60 values of A9.5, AC12.5 or any other 
type of asphalt concrete. As can be seen from the 
equation, t is any type of asphalt concrete material. 

Figure 8. Calculation method for F60 in this research. 

5 CONCLUSIONS 

In this study, a skid resistance predictive model of 
asphalt concrete, based on mixture and aggregate 
characteristics (gradation (λ, κ), MTD, and PSVdiff) 
as the model variables, was introduced. The aim is to 
incorporate the model into the preventive scheme 
under the future strategic road safety management of 
the Department of Rural Roads, Thailand. In con-
junction with the coefficient values suggested in this 
study, the skid resistance predictive model can ac-
ceptably predict the skid resistance of asphalt con-
crete in the form of F60. This is the normalised skid 
resistance value, developed from the International 
Friction Index (IFI), which may be used for compar-
ing different skid resistance measuring methods. The 
predictive model is intended as the first step in the 
development of skid management as part of road 
safety in Thailand. The skid resistance of asphalt 
concrete can now be predicted during the mix design 
process. This development contributes to the effec-
tive assessment of the safety criteria for asphalt mix 
design in relation to the properties of aggregates and 

asphalt mixtures. The model will be put forward for 
inclusion in the preventive scheme for road safety 
management in the Department of Rural Roads, 
Thailand. 

Figure 9. Comparison between predicted and measure F60 of 
AC9.5. 

Figure 10. Comparison between predicted and measure F60 of 
AC12.5. 

Figure 11. Comparison between predicted and measure F60 of 
any asphalt concrete. 
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1 INSTRUCTION 

High speed railway is experiencing with a rapid 
growth rates in China nowadays. It plays an im-
portant role in technological progress and socio-
economic development, on account of the ad-
vantages in transportation mode, energy consump-
tion and environmental pollution (Fang, Y.T. 2011). 
However, the engineering problems are rather com-
plex than the traditional one. Therefore, it requires 
excellent condition of whole railway system to guar-
antee the travelling safety and comfort at a speed of 
200-350 km/h. 

With higher running speed, increasing freight 
volume and environmental changes, some disease 
has appeared in the under-track structure. Investiga-
tion data of Sui-Yu railway shows that cracks have 
occurred in the back surface of the track plate (Ling, 
H.S. 2009). Defects exist in the track substructure 
will increase the dynamic action between the train 
and track and aggravate the rail vibration obviously, 
which will bring other damage gradually and weaken 
the performance of railway system over time (Shi, 
H.M. 2013).  

Many studies have investigated non-destructive 
testing technology for not only track board but also 
the basement, such as ground penetrating radar and 
ultrasonic echo, though these methods have short-
comings, such as lower accuracy and being suscepti-
ble to interference easily (Shi, H.M. 2013). Further, 
there is hardly any methods have been adopted to de-
tect defects between the bearing plate and basement. 

In present study, a full scale physical model is 
constructed with an artificial defect between the 
bearing plate and basement. Data gathered both in 

the health area and the defect area from the surface 
of bearing plate are analyzed in both time domain 
and frequency domain by impacting imaging meth-
od. Conclusions draw from the field test shows that 
both the impact response and the amplitude spec-
trum at its predominant frequency are effective for 
high speed railway under track structure investiga-
tion and the latter works a little bit better. 

2 MAIN TYPE OF HIGH SPEED RAILWAY 
UNDER-TRACK DEFECTS 

2.1 High speed railway under-track structure 

In China, the ballastless slab track named China 
Railway Track System (CRTSⅡ) is widely used. 
Ballastless track can provide with enough bearing 
capacity and keep outstanding safety performance 
under high running velocity, which has also been in-
to service widely in Japan, Germany and France 
(Ling, H.S. 2009).  

2550
3250
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Track Plate CA Mortar
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Figure 1. The sketch of the cross-section of CRTSⅡ (unite: 
mm). 

Generally speaking, conventional high speed 
railway under-track structure is the structures under 

Multi-Parameter Analysis of Impact Imaging Data for High Speed 
Railway under-Track Structure Investigation 

F. Chen, S. K. Feng, A. L. Che & Z. Z. Zhang 
Shanghai Jiao Tong University, Shanghai, China 

ABSTRACT: The effectiveness of multi-parameter analysis of Impact Imaging Data for detecting defects in 
high speed railway under-track structure was studied. The data were acquired from field test of a real size 
physical model with built-in artificial defect between the bearing plate and the basement. The data were ana-
lyzed with characteristics of both waveform and spectrum, and the analysis result shows that the average am-
plitude over the artificial defects is about 80% bigger than that over the no-defect area. However, the value of 
amplitude spectrum at dominant frequency can be several times bigger than that over the no-defect area, 
shows that the predominant spectrum analysis is more effective than the impact response for detection. 
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rail line. But it refers to the track plate, cement as-
phalt mortar (CA mortar), bearing plate and base-
ment in this study, as shown in Figure 1. 

2.2 Main type of the defects 

The cyclic dynamic load acted on the track plate 
causes warping and cracks on the plate surface. And 
it also causes stress relaxation and displacement of 
pre-stressed steel in interior structure, which further 
promote the development of cracks. Because of the 
inferior compactness of CA mortar, loose zone or 
even holes appears between the track plate and bear-
ing plate. What’s more, the adjustment function of 
CA mortar layer has been weakened. Seams hiding 
between the bearing plate and basement result in 
stress concentration directly and bring about cracks 
or even void in the bottom of the bearing plate indi-
rectly, as shown in Figure 2, where is the target area 
in this study. 
 

 
 
Figure 2. Seams between the bearing plate and basement. 

3 WAVE FIELD PROPAGATING IN UNDER-
TRACK STRUCTURE 

According to the theory of wave propagation, if an 
impact acted on the surface of a plate, it generates R-
wave, P-wave and S-wave. As was researched, P-
wave and S-wave travels into the plate, while R-
wave travels away from the impact point along the 
surface. When cracks, voids or interfaces exist in the 
medium, or the wave meets external boundaries, P-
wave and S-wave will be reflected back (Cheng, 
C.C. et al. 1995). And, more importantly, it provides 
a theoretical basis to determine the location of inter-
nal defects by studying the reflected waves (Liu, C. 
et al. 2013). 

If P-wave propagates to the interface with arbi-
trary incident angle, the converted wave will be pro-
duced following the law of reflection, as shown in 
Figure 3. Similarly, SV-wave appears the same 
property with P-wave, while SH-wave doesn’t pro-
duce converted wave at all.  

When reflected waves return to the free surface, it 
generates displacement of particles that can be 
measured by receivers. If receiver is close to the im-
pact point, the response wave will be mainly domi-
nated by P-wave (Cheng, C.C. et al. 1995), though 

the R-wave doesn't separate from P-wave complete-
ly. Then waves reflected to the surface are, in turn, 
propagate back again. Finally, the wave field is set 
up by multiple reflections of waves between free sur-
face and internal defects or external boundaries. 
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Figure 3. The transmission characteristics of P-wave or S-wave. 
 

Actually, converted waves won’t be produced 
when P-wave or S-wave is incidence perpendicular-
ly. In this case, it is easier to calculate and express 
the reflection coefficient by solving the wave equa-
tion with boundary conditions, because there is no 
need to consider the influence of converted wave. 
The reflection coefficient is described as follow: 
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where Rp = the reflection coefficient of P-wave; Rs = 
the reflection coefficient of S-wave; A1 = the ampli-
tude of incident wave in medium 1; A2 = the ampli-
tude of reflected wave in medium 2; ρi = the mass 
density of medium i; Vsi = the wave velocity of S-
wave in medium i; Vpi = the wave velocity of P-wave 
in medium i (i=1,2). 

From above equations, reflection coefficient is re-
lated to the physical properties of propagation medi-
um. If any weak zone exists in the medium, the pa-
rameter of ρ will change. Then the duration time and 
the energy of reflected wave will be enlarged, which 
can be described by reflection coefficient. 

4 FIELD TEST OF IMPACTING IMAGIGN 
METHOD 

4.1 The principle of impacting imaging method 

Impact imaging method is a nondestructive testing 
method to detect the local defects of medium. 
Through artificial knock at the surface, the elastic 
wave is excited and signals at receiving points are 
received by sensors. Then repeat this procedure with 
the same strength and offset of the source along the 
survey line until it is finished. The propagation char-
acteristics of response waves can be analyzed. And if 
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there is any change in the received wave, it must be 
caused by local anomaly in the media because the 
strength and offset of the source are kept the same 
(Feng, S.K. et al. 2013). 

4.2 Outline of the field test 

This field test is carried out in Zheng Zhou Universi-
ty. The experimental model is constructed in con-
formity to the current standards of China in order to 
simulate the practical engineering more really, which 
is shown in Figure 4. This test is aimed at detecting 
the void area and its location between the bearing 
plate and the basement. 
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Figure 4. The sketch of the longitudinal profile of the experi-
mental model (unite: mm). 
 

 
 
Figure 5. Artificial defect setting in site. 
 

An artificial defect area is set in site, as shown in 
Figure 5. It is located in the center of the surface of 
the basement with the 4 meters long, where is the 
target area in this study. Then this special area is 
overfilled by sand and foam plastic board in two 
parts. Most importantly, the surface smoothness of 
bearing plate and basement needs to be improved be-
fore pouring cement mortar, which is considered to 
guarantee the coupling effect of the two. 

4.3 Data acquisition 

Twenty one survey lines are arranged on the surface 
of the bearing plate, and each survey line consist of 
twelve survey points, which are shown in Figure 6. 
The spacing of survey points is 0.2 m. L9-L13 is situ-
ated just above the defect area, and W1-W6 is corre-
sponding to the sand filled area, while W7-W12 is 
suited above the foam plastic filled area. 
 

2
0

0
¡

Á1
1=

2
2

0
0

5
2

5

1225 200¡ Á20=4000 1225

52
5

L1 L3 L5 L9 L11 L13 L17 L19 L21

Bearing Plate

corresponding to  foam plastic filled area

L7 L15

6450

3
2

5
0

x

y

W

W

W

W

W

W

1

3

5

7

9

11

corresponding to sand filled area

 
 
Figure 6. Layout of survey lines and points (unite: mm). 
 

The impact sources are stimulated by a hammer 
of 250g with a certain offset of 0.2 m. And through 
vertical geophones and digital seismograph, result-
ing surface motion is received, as shown in Figure 7. 
The sampling time is about 0.021us and the duration 
is 0.171s. 
 

 
 
Figure 7. Data acquisition in site. 

5 DATA ANALYSIS 

Based on the analysis of waveform characteristics, 
average amplitude and spectral characteristics, imag-
es are obtained. And colors of images from blue to 
red represents the specific value from small to large.  

5.1 Waveform analysis 

The waveform imaging shows profile of a particular 
survey line and its amplitude, fullness and duration. 
In Figure 8, it describes that the amplitude value and 
duration time in defect area are larger than that in 
health area.  
 

 
 
Figure 8. Waveform imaging along the survey line of W9. 
 

In defect area, the amplitude of survey points cor-
responding to the foam plastic filled area in L11 is 
about 1.5 times that of sand filled area, as shown in 
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Figure 9. It is considered that the effect of foam plas-
tic filled area is better, because it matches void area 
in practical engineering well. 
 

 
 
Figure 9. Waveform imaging along the survey line of L11. 
 

 
 
Figure 10. The strength of impacting response along the survey 
line of W9. 
 

In addition, the strength of impacting response 
describes the characteristics more intuitional and 
clearly, as shown in Figure 10. It shows the response 
strength of reflected wave in defect area is nearly 
twice as large as that in health area, which is con-
sistent with Figure 8. 
 

 
 
Figure 11. Average amplitude imaging. 
 

Average amplitude is a sum of absolute value of 
amplitude, which can evaluate the strength of re-
sponse of reflected wave as a whole. Through ana-
lyzing all of the twenty one lines paralleling to y-
axis, the imaging is obtained, as shown in Figure 11. 

It is easy to estimate that the peak region is corre-
sponding to the defect area in the basement.  More-
over, the peak value in healthy area is nearly twice 
larger than that in defect area.  

5.2 Characteristics in frequency spectrum 

Based on the fast Fourier transform (FFT) analysis, 
the waveform can be transformed from the time do-
main into frequency domain.  
 

 
 
Figure 12. The frequency spectrum imaging along the survey 
line of W9. 
 

As shown in Figure 12, the amplitude value along 
the survey line of L11 and L12 is larger than the other 
lines. However, the value discrepancy between the 
health area and defect area is not obvious when the 
survey line over the boundary of defect area. 
 

 
 
Figure 13. The peak value of amplitude of the frequency along 
the survey line of W9. 
 

The peak value of the amplitude of the frequency 
is shown in Figure 13. Obviously, the peak value of 
L11 and L12 is nearly triple larger than the other lines, 
which is consistent with Figure 12. 
 

 
 
Figure 14. The contour map of amplitude of predominant fre-
quency. 
 

Similarly, the peak region reflects the position of 
the defect area well in Figure 14, which means the 
defect area can be detected and searched out easily 
by comparing the characteristic of predominant fre-
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quency. Therefore, it is considered that analysis in 
frequency domain is more efficient than that in time 
domain. 

6 SUMMARY 

The effectiveness of multi-parameter analysis of Im-
pact Imaging Data for detecting defects in high 
speed railway under-track structure was studied. The 
data were acquired from field test of a real size phys-
ical model with built-in artificial defect between the 
bearing plate and the basement. The data were ana-
lyzed with characteristics of both waveform and 
spectrum, and the following conclusions can be 
summarized from the analysis result. 

(1) In time domain, termed as Impact Response, 
the average amplitude over the artificial defects is 
about 80% bigger than that over the no-defect area 
shows its effectiveness for detection; 

(2) In frequency domain, the value of amplitude 
spectrum at dominant frequency can be several times 
bigger than that over the no-defect area, shows that 
the frequency domain analysis is more effective. 

(3) The weight of the impact hammer and the 
strength of the impact will affect strength and spec-
trum of the elastic wave generated, so it is important 
to keep the impact strength unchanged throughout 
the data acquisition. 

Obviously, the physical properties and the geome-
try of the media will also influence the waveform 
and spectrum of the elastic wave generated, so the 
impact response as well as amplitude spectrum can 
be only applied for detecting defects in laterally ho-
mogeneous media, full waveform inversion of im-

pact data probably will be an analysis method for 
complex media. 
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1 INTRODUCTION 

1.1 Cement-treated base course 

With the rapid growth in world population and a 
higher demand for infrastructure development, more 
advanced road construction techniques are currently 
required in order to maximise the usage of already 
limited resources. Stabilising pavement base course 
by adding cement or other substances to obtain bet-
ter material properties and performance than can be 
obtained by traditional materials is one of the most 
common methods used in roadway construction. The 
performance of stabilised material is usually influ-
enced by many factors, including the amount of sta-
bilised agents, the degree of compaction, moisture 
content, and curing time. 

Cement-treated base is usually classified accord-
ing to its material performance after treatment. It can 
be classified as being at (1) a modified level, where 

a small amount of cement is added to the mixture to 
improve its moisture sensitivity and strength, and (2) 
a stabilised level, where the aim is to obtain greater 
performance (e.g., tensile strength resistance) in the 
bound material by adding a higher amount of ce-
ment. The classification procedure is important in 
terms of providing guidelines to designers for the se-
lection of the appropriate material for its intended 
purpose, particularly with regard to performance. 
Bound or stabilised cement-treated base is a relative-
ly stiff material which is prone to fatigue deteriora-
tion to the point of failure under repeated traffic 
loading. Unbound pavement base, although not sub-
ject to fatigue failure, possesses limited strength and 
low stiffness which can lead to excessive defor-
mation, resulting pavement rutting, such is its failure 
mode. Accordingly, in this paper, a more theoretical 
understanding of the fatigue-life of stabilised pave-
ment base is sought at the design level. In so doing, 
future designs may benefit from new information 

Dynamic Modulus Characteristics of Bound Cement-Treated Crushed 
Rock Base Course 
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Curtin University, Perth, Australia 

ABSTRACT: Cement-treated base is a conveniently and effectively stabilised pavement material consisting 
of a mixture of standard base course materials blended with a prescribed amount of Portland cement and wa-
ter. The cement-treated base material is suitable for use in high-traffic roads and airfield pavements, and usu-
ally provides superior engineering properties compared to standard road base material. However, fully bound 
or stabilised cement-treated base is a relatively stiff pavement base material which is prone to fatigue failure 
under repeated loading. In pavement design, current fatigue models for cement-treated base material remain 
empirical, and there exists a lack in scientific linkage between the models themselves and real fatigue perfor-
mance. Consequently, a more reliable fatigue deterioration model for cement-treated base is required in order 
to maximise the usage of such material in pavements. The provision of ‘bottom-up’ constitutive equations is 
preferable when seeking a deeper understanding of cement-treated base course behaviour under repeated load-
ing. This study focuses on evaluating the dynamic moduli (i.e., the moduli under cyclic loading conditions), 
of cement-treated base under traffic loads. The same testing basis used for asphalt concrete was adopted in 
this research. As such, the dynamic moduli were measured under different temperatures and loading frequen-
cies, based on the dynamic modulus testing protocol for asphalt concrete. Test results revealed that cement 
content and curing time significantly influence the dynamic modulus of bound cement-treated base course. 
However, the dynamic modulus property was slightly affected by the changes in temperature and loading fre-
quency within a specific range of testing conditions of the test protocol. At the end of this research, a predic-
tive equation for the dynamic modulus was tentatively put forward. This equation was developed from the re-
lationship of the modulus to the unconfined compressive strength. It should be noted that this predictive 
equation requires further verification due to its development being based on limited number of test samples 
and results. 
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which will allow maximum effectiveness to be ob-
tained from this stabilised material. 

1.2 Dynamic modulus 

Prior to the development of mechanistic-empirical 
(M-E) design by the US National Cooperative 
Highway Research Program (NCHRP) in 2002, the 
general design parameter used to describe pavement 
material responses was the Resilient Modulus (Mr). 
Despite the use of the Mr there have been difficulties 
in obtaining reliable results, given that asphalt con-
crete is characterised by its complex behaviour and 
that the Mr must be applicable to a range of testing 
conditions that represent actual pavement condi-
tions. Further developments in this area led to a new 
testing protocol for a new design parameter (Dougan 
et al., 2003). The dynamic modulus (|�∗|) is inher-
ently more suitable for defining visco-elastic proper-
ties in materials such as asphalt concrete, and its 
convenient test protocol has since replaced the Mr 
parameter and is now widely used in the US, Canada 
and Europe. Basically, |�∗| is the modulus of a vis-
co-elastic material under sinusoidal loading condi-
tions and |�∗| can be determined from laboratory 
testing or predictive models (Robbins 2009). The si-
nusoidal stress produced from one-dimensional cy-
clic loading can be represented by Equation 1. 

�∗ = ����	
                (1) 

Accordingly, the strain produced by sinusoidal stress 
is illustrated by Equation 2. 

�∗ = ����(	
�)               (2) 

in which �� is stress amplitude, �� is strain ampli-
tude, ω is angular frequency, t is time and φ is the 
phase angle. For elastic material, the phase angle is 
equal to 0°, while it becomes 90° for viscous materi-
als. The dynamic modulus (|�∗|) can be defined as 
the absolute value of a complex modulus. Therefore, 
the calculation for |�∗| can be written as shown in 
Equation 3. 

|�∗| = ��
∗

�∗� = �(��/��)���� = ��
��

        (3) 

The dynamic modulus of visco-elastic material is 
greatly reliant on the rate of loading, temperature 
(Kim 2009) and position within the pavement struc-
ture (Robbins 2009). Moreover, Eres (2003) found 
that the tensile strain of pavement structure is signif-
icantly dependent on |�∗|. This tensile strain is a 
crucial parameter in fatigue model development, as 
tensile failure at the bottom of the pavement struc-
ture can initiate cracking which results in fatigue 
failure. Austroads (2008) also recommends using the 
flexural modulus of cement-treated material under 
dynamic loading conditions to determine the fatigue 
life of pavement structure. Presently, the research on 
the dynamic modulus (based on the definition in 
Equation 3) of stabilised base course is very limited. 

However, this research hopes to further characterise 
the dynamic modulus property, and a first priority 
was to select a stabilised or ‘bonded’ course due to 
its predominating fatigue failure mode. 

2 SAMPLE PREPARATION 

Practically, a laboratory testing scheme is required 
prior to the stabilised base course is used in roadway 
construction. The objective of the laboratory testing 
is to determine the appropriate mix amounts of water 
and stabiliser required during construction. This mix 
design procedure was only partly carried out in this 
research, as only some of the procedure is necessary 
for construction purposes. For example, durability 
tests of the prepared samples are recommended by 
the specifications, but these were disregarded as the 
effects of wetting and drying were not necessary to 
this research. The complete laboratory testing pro-
gram and the testing performed in this research are 
detailed in the following section. Standard crushed 
rock, as per specification of Mainroads Western 
Australia (2012) was used as the parent material for 
the cement-treated material produced in this re-
search. 

2.1 Mix design 

Croney (1998) recommended determining the re-
quired amount of water by performing the compac-
tion (Proctor) test of aggregate alone. The Optimum 
Moisture Content (OMC) at the Maximum Dry Den-
sity (MDD), with approximately 1% added water 
was used as the design value. The purpose of the ad-
ditional water was to ensure that there was enough 
water to react with the fine particles of cement added 
to the parent (original) material. This procedure is 
considerably different from that recommended by 
the Department of the Army, the Navy, and the Air 
force (1994) of US, in that the cement-stabilised 
compaction test according to ASTM D 558 and D 
1557 (ASTM 2011, 2012), requires the aggregates to 
be mixed thoroughly with the cement prior to per-
forming the compaction procedures. Figure 1 shows 
the mix design procedure developed by the Depart-
ment of the Army, the Navy, and the Air force 
(1994). As shown, gradation of the aggregate is re-
quired by the specification. Figure 2 presents the 
grain size distribution of crushed rock used for pre-
paring the stabilised base course sample in this re-
search. Two analysis tests of grain size were per-
formed on the same batch of crushed rock to observe 
the uniformity of samples. It can be seen that the 
grain size distribution from both tests is almost iden-
tical. Figure 2 also shows that the crushed rock used 
in this research is suitable for roadway construction 
with stabilised base course, as the gradation of the 
crushed rock falls in-between the gradation bounda-
ries recommended by the specification. 
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Figure 1. Mix design procedure for stabilised base course rec-
ommended by the Department of the Army, the Navy, and the 
Air Force (1994). 
 

Figure 2. Grain size distribution of crushed rock. 
 

According to Figure 1, the second step in the mix 
design procedure is the determination of a suitable 
amount of stabiliser or an appropriate amount of 
cement binder. The proper amount of cement rec-
ommended by the Department of the Army, the Na-
vy, and the Air force (1994) for cement-treated base 
is the minimum amount of binder required to 
achieve the specified values for strength and durabil-
ity. The desired values of unconfined compressive 
strength (UCS) recommended by the specification 
are 750 psi (5.17 MPa) and 500 psi (3.45 MPa) for 
flexible and rigid pavement respectively. However, 
the main purpose of sample preparation in this re-

search is to investigate only the behaviour of stabi-
lised base course under cyclic loading. Therefore, 
the amounts of cement added to the crushed rock 
were designated and assigned by the researchers ra-
ther than using a single designed value from the mix 
design procedure. The details of the tests and the re-
sults from the sample preparation process are given 
in the following section. 

2.2 Sample preparation and testing results 

In this research, the samples for the compaction test 
were prepared according to ASTM D 558 (ASTM 
2011), while the compaction tests were conducted 
based on ASTM D 1557 (ASTM 2012), as suggested 
by the Department of the Army, the Navy, and the 
Air force (1994). The amounts of cement added to 
the crushed rock were 4%, 5% and 6% by weight. 
Table 1 indicates the OMC and MDD of stabilised 
crushed rock base course with the differing amounts 
of cement binders recommended in this research. 
 
Table 1. OMC and MDD of stabilised crushed rock base 
course. 
Crushed rock with MDD 

(t/m3) 
OMC  
(%) 

4% cement content 2.31 6.20 

5% cement content 2.28 6.00 

6% cement content 2.34 6.40 

 
After obtaining the compaction curves, the sam-

ples for the UCS test were prepared based on AS 
5101.2.2 (Standards Australia 2008a). Five layers 
for each sample were manually compacted into a 
mould of approximately 100 mm in diameter and 
115 mm in height, using a modified-compaction ef-
fort. For all samples, the degree of compaction is re-
quired to be in between 95% and 100%. There were 
three samples for each cement content percentage, 
two sets for the different curing times (7 days and 28 
days), and the addition to 3 more samples of 6% ce-
ment content with a curing time of 14 days. Thus, 
the total number of samples for the UCS test alone 
was 21. Before curing in a moist environment, each 
sample was extracted from the compaction mould. 
The extraction process should be done with care, as 
the samples can easily break apart (particularly sam-
ples with a low cement content). Following the cur-
ing process, the samples were soaked in water for 
four hours before testing. The soaked samples were 
then removed from the water and the UCS tests were 
conducted based on AS 5101.4 (Standards Australia 
2008b).  The average UCS values of the stabilised 
crushed rock base course are plotted in Figure 3. 
This shows that all of the UCS values are higher 
than the values specified by the Department of the 
Army, the Navy, and the Air force (1994). 
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Figure 3. Average UCS values of stabilised crushed rock base 
course. 

3 DYNAMIC MODULUS TEST 

Dynamic modulus measurements, using the Asphalt 
Mixture Performance Tester (AMPT), were devel-
oped for the visco-elastic materials in general, i.e., 
asphalt concrete. However, the dynamic responses 
of the stabilised base course under different tempera-
tures and frequencies are still in doubt. The dynamic 
modulus is a particularly important parameter in fa-
tigue model development. Therefore the same stand-
ard practice as used in asphalt concrete testing 
AASHTO PP 61 (AASHTO 2009) was used to 
guide the testing in this research. 

 

Figure 4. Asphalt Mixture Performance Tester (AMPT). 

3.1 Sample preparation 

Figure 4 shows the AMPT machine used for measur-
ing the dynamic modulus of stabilised crushed rock 
base course. Suitable dimensions for a cylindrical 
sample that is tested with the AMPT machine are a 
diameter of 100 mm and a height of 150 mm. There-
fore, the samples for the dynamic modulus test were 
prepared in a mould with a diameter of 100 mm and 
a height of 200 mm. The samples were then trimmed 
to the specified height just prior to testing. Eight 
layers of crushed rock mixed with cement binder 
were compacted into the mould until a height of 200 
mm was reached. As required by AASHTO stand-
ards (AASHTO 2009), at least two samples were re-

quired for each dynamic modulus measurement. 
Therefore, six samples with a cement content equal 
to 4%, 5%, and 6% were prepared for examination 
of the effects of the cement content. A supplemen-
tary six samples of stabilised crushed rock base 
course with 6% cement were prepared to investigate 
the influences of curing time (two samples each for 
7, 14 and 28 days curing). 

3.2 Testing and results 

After the samples had been cured for 7, 14 and 28 
days, they were cut to the required height and 
soaked in water for four hours. The samples were 
then glued and prepared for the LVDT installation 
(Figure 4). This installation process is usually car-
ried out in an open-air environment; therefore, sam-
ples were wrapped in plastic film in order to prevent 
moisture loss. This process was conducted to ensure 
that the given moisture content of all samples was 
the same as that of the samples produced for the 
UCS test. At a later stage, the dynamic modulus val-
ues were measured at 4 °C, 20 °C and 40 °C accord-
ing to AASHTO PP 61 (AASHTO 2009). The test 
frequencies for 4 °C and 20 °C were 10, 1, 0.1 Hz, 
while a 0.01 Hz loading frequency was added for 40 
°C testing. Based on the standard, the actuator dy-
namically loaded a test sample within a dynamic 
strain range varying between 50 and 150 micro-
strains (AASHTO 2011).  The recommended values 
of dynamic strain range used for the AMPT test by 
NCHRP Project 9-29 are 75 to 125 micro-strains 
(Bonaquist et al., 2008). However, stabilised crushed 
rock base samples in this research were found to be 
very stiff and the load would have exceeded the ac-
tuator limit if the same value of dynamic strain range 
used for asphalt concrete was applied during testing. 
Thus, a trial process was performed by varying the 
dynamic strain range and monitoring the actuator 
load. The dynamic strain range suitable for the stabi-
lised crushed rock base course sample was then de-
termined as being between 45 and 85 micro-strains. 
The results of the dynamic modulus test are present-
ed in Table 2, while Figures 5 and 6 show the rela-
tionship between the respective average |E*| of sam-
ple with different curing times, and the average |E*| 
of sample with different cement content. 

4 DISCUSSION 

The UCS of stabilised crushed rock base is greatly 
influenced by curing times and cement content. Us-
ing the research conducted by Croney (1998), the ra-
tios between strength measured after any curing pe-
riod and strength at 28 days curing were plotted 
against curing time. This strength ratio can vary 
from 0.2 for 1 day’s curing, up to 1.7 for 10,000 
days (approximately 27 years) curing. The strength 
ratio of 7 days curing to 28 days curing in this 
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Table 2. Summary of AMPT test results. 
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4 °C 

 
 

20 °C 

 
 

40 °C 

 (Days) (µ) (%) (Deg) (Deg) 10 Hz 1 Hz 0.1 Hz 10 Hz 1 Hz 0.1 Hz 10 Hz 1 Hz 0.1 Hz 0.01 Hz 

Curing times 

G-1 7 45-65 6 3.43  3.88  18,519  18,239  18,036  18,002  17,732  17,418  17,711  17,231  17,004  17,079  

G-2 7 45-65 6 3.28  4.06  19,864  19,401  18,956  18,862  18,353  17,938  17,969  17,480  17,207  17,251  

H-1 14 45-65 6  2.38   4.80  15,301  14,833  14,575  13,467  12,922  12,587  12,831  12,349  12,159   12,317  

H-2 14 45-65 6  3.50   3.82  19,202  18,624  18,078  18,316  17,747  17,374  17,690  17,263  16,940   16,828  

F-1 28 45-65 6 2.68  3.37  24,353  23,823  23,187  23,229  22,635  22,164  22,806  22,034  21,422  21,095  

F-2 28 45-65 6 3.07  3.94  24,726  24,444  24,037  23,800  23,231  22,737  22,745  22,135  21,644  21,559  

 Cement content  
S-4 28 65-85 6 1.93  2.81  26,354  25,964  25,697  26,188  25,792  25,312  25,042  24,307  23,620   23,254  

S-8 28 65-85 6 2.18  3.96  21,952  20,691  19,765  20,548  19,781  19,229  20,083  19,453  18,886   18,542  

S-2 28 65-85 5 3.68  4.44  16,335  15,459  15,103  15,206  14,593  14,396  14,437  13,569  13,261   13,327  

S-7 28 65-85 5 3.53  4.06  23,043  21,978  21,121  21,331  20,763  20,245  20,727  20,140  19,560   19,274  

S-1 28 65-85 4 4.52  5.20  15,503  14,432  14,056  14,688  13,953  13,739  14,504  13,880  13,764   13,981  

S-5 28 65-85 4 3.43  4.71  18,262  17,812  17,463  17,517  17,254  16,716   7,069  16,635  16,288   16,144  

 
research is in-between 0.8-0.9 (Figure 3), which is a 
little higher than Croney’s result (0.7). This differ-
ence may be caused by the effect of parent material 
types and cement content. Research on the effects of 
parent material (soil) types and stabiliser types on 
the UCS are also given by Croney (1998). 

In the process of determining a suitable dynamic 
strain range for testing, the ranges of dynamic strain 
were increased from 45-65 to 65-85 micro-strains 
and from 65-85 to 85-105 micro-strains. This pro-
cess was performed on the same sample, while test-
ing temperatures and loading frequencies remained 
fixed. At the end of the trial process, the dynamic 
strain range between 45 and 85 micro-strains was se-
lected as the testing strain range for this research. 
Using the different dynamic strain ranges demon-
strated in Table 2, testing was also conducted on 
four different samples, using the same cement con-
tent and curing time (samples F-1, F-2, S-4 and S-8). 
Although the tests were performed on different sam-
ples, it seems that testing with different dynamic 
strain ranges has no significant effect on the dynam-
ic modulus property of a stabilised crushed rock 
base course sample. This is due to the fact that the 
differences in the average dynamic moduli (Figures 
4 and 5) from both sets of tests were less than 4%. 
The same trend can be observed in the trial process 
on the same sample, but only a 1% to 2% difference 
was observed. These changes that occur in the dy-
namic modulus when using different dynamic strain 
ranges may be caused either by sample variations or 
measurement errors. 

For a visco-elastic material such as asphalt con-
crete, the dynamic modulus at a constant loading 
frequency can vary greatly from a few hundred to 

ten thousand MPa for AMPT testing at high temper-
atures (40 °C) and low temperatures (4 °C), respec-
tively. Similarly, the dynamic modulus of asphalt 
concrete at a constant temperature can increase up to 
two times when load frequency is increased from 0.1 
Hz to 10 Hz. However, the dynamic modulus of sta-
bilised crushed rock base course behaves differently 
from that of asphalt concrete. The dynamic modulus 
measured at the same loading frequency varied from 
only 5% to 10% when the testing temperature was 
increased from 4 °C to 40 °C (Table 2). This behav-
iour was also observed when the stabilised crushed 
rock base samples were tested at different loading 
frequencies but at constant temperatures. In this 
case, the increases in the dynamic modulus were on-
ly approximately 5% when the loading frequencies 
were increased. It can be concluded that the dynamic 
modulus of stabilised crushed rock base is slightly 
influenced by loading frequencies and temperatures, 
based on the test range used in this research. This 
may be caused by the elastic behaviour of the testing 
materials. Stabilised crushed rock base course is 
elastic, evidenced by the phase angles measured 
from the AMPT which were generally close to zero 
(Table 2). For an asphalt concrete mixture, the phase 
angle can be as high as 40°. 

Figure 5 shows the influences of curing time on 
the dynamic modulus properties of stabilised 
crushed rock base course samples. It can be seen that 
the average dynamic moduli after 7 days curing can 
increase by up to 16%, if the samples continue to 
cure to the 28 day mark. However, there is no differ-
ence in the average values of the dynamic modulus 
between samples of 7-day curing and 14-day curing 
times. This behaviour can also be observed in Figure 
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3, where the UCS of a 14-day sample increased by 
only 0.7 MPa from the UCS value of the 7-day sam-
ple. However, differences in the amount of cement 
content added to the stabilised crushed rock base 
course do lead to significant changes in the average 
of the dynamic modulus. As shown in Figure 6, av-
erage dynamic moduli can increase by approximate-
ly 17%, up to 46%, when respective amounts of 1% 
and 2% cement are added to the stabilised samples. 
Accordingly, it can be concluded that cement con-
tent and curing time have significant effects on the 
dynamic modulus of stabilised crushed rock base. 

 

Figure 5. Effects of curing time on the average dynamic modu-
lus of 6% cement-treated base course (dynamic strain range is 
45-65 micro-strains). 
 

Figure 6. Effects of cement content on the average dynamic 
modulus of 28 day cured cement-treated base course (dynamic 
strain range is 65-85 micro-strains). 

 
Austroads (2008) recommends prediction of the 

flexural dynamic modulus of stabilised material by 
multiplying a constant variable by the UCS value. 
This relationship is valid when the UCS of the stabi-
lised material is less than 5 MPa. However, the flex-
ural dynamic modulus is vastly different to the dy-
namic modulus measured from the AMPT. The 
flexural dynamic modulus is the dynamic modulus 
of a beam sample under a cyclic bending force, 
while the dynamic modulus in this research is meas-
ured by axially loading the cylinder sample using 
cyclic compression force. A similar relationship be-
tween the material modulus and the UCS, as rec-
ommend by Austroads (2008), was developed and 
plotted as shown in Figure 7. The elastic moduli 
shown in Table 3 and Figure 7 were calculated from 
stress-strain curves measured during the UCS test. 

The uniaxial-compressive strains used for elastic 
modulus calculation were 0.0050% and strain at 
40% of UCS (ASTM 2010), while the dynamic 
modulus was measured at 45 to 85 micro-strains 
(0.0045% to 0.0085%). Table 3 and Figure 7 show 
that the dynamic modulus of stabilised crushed rock 
base course is approximately 10 times greater than 
the elastic modulus. It should be noted that the rela-
tionship between the UCS and the dynamic modulus 
in Figure 7 was developed based on a limited num-
ber of test results. Further verification of this predic-
tive equation is required prior to practical applica-
tion. 
 
Table 3. Relationship between UCS and material 
modulus. 

Curing 
Time 

Cement 
content 

UCS Elastic 
Modulus 

Dynamic 
Modulus 

(Days) (%) (MPa) (MPa) (MPa) 
7 6 10.37 1,333-1,821 17,106-19,192 

14 6 10.56 1,605-1,693 14,550-17,252 

28 6 12.54 1,961-2,732 21,327-24,540 

28 6 12.54 1,961-2,732 20,898-24,153 

28 5 10.49 1,066-2,473 16,301-19,689 

28 4 7.67 900-1,133 15,026-16,883 

 
 

Figure 7. Relationship between UCS, Elastic modulus and Dy-
namic modulus. 

 
Table 4 presents the Coefficient of Variation 

(COV) in percentages for every pair of tests shown 
in Table 2. Generally, the COV can be calculated 
from the standard deviation divided by the mean or 
average value. For example, the COV of a 7-day 
curing sample is the standard deviation of the dy-
namic modulus calculated from sample G-1 and G-2 
divided by the average value illustrated in Figure 5. 
After the COV of all temperatures and loading fre-
quencies was calculated, the minimum and maxi-
mum values were summarised in Table 4. In this re-
search, the COV represents the measurement 
variations in each pair of samples, thus the test with 
the highest COV has the greatest variation. Table 4 
indicates that the dynamic modulus of stabilised 
crushed rock base course measured form the AMPT 
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can have a COV varying from 0% to 20%. It should 
be noted that the COV value can be reduced by in-
creasing the number of samples. 

 
Table 4. COV of dynamic modulus. 

Curin g Sample Cement COV (%) 

Time   content Min. Max. 

(Days)   (%)     

7 G-1, G-2 6 0.50 3.50 
14 H-1, H-2 6  10.73   16.59  
28 A-5, A-6 6 0.13 1.80 
28 S-4, S-8 6 9.11 13.66 
28 S-2, S-7 5 16.61 19.49 
28 S-1, S-5 4 7.18 10.81 

5 CONCLUSIONS 

The dynamic modulus could be an important param-
eter for the development of a reliable fatigue model 
for stabilised base course as advanced pavement en-
gineering enters a new era. A comprehensive testing 
program was developed in this research to character-
ise the dynamic modulus. Testing results show that 
the dynamic modulus of stabilised base course is 
significantly influenced by cement content and cur-
ing time. The dynamic modulus can increase by 
17%, up to 46 % if an additional 1% and 2% cement 
respectively, is added to the stabilised material. 
Moreover, the 28-day samples have dynamic moduli 
which are higher than the 7-day samples by approx-
imately 16%. However, changes in temperature and 
loading frequency have only slight effects on the 
dynamic modulus values of stabilised base course. 
Finally, tentative predictive equations of the dynam-
ic modulus from UCS value were developed. How-
ever, these predictive equations require further veri-
fication in order to increase the precision of the 
estimated result.  
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1 INTRODUCTION 

1.1 General 

Cement-treated base (CTB) is a mixture of unbound 
aggregate base, and cement and water which pro-
vides engineering properties that are an improve-
ment those in original road base materials (e.g., un-
bound aggregates). These improvements include 
greater strength with an increase in resistance to rut-
ting, and a reduction in susceptibility to moisture. 
Unbound aggregates usually consist of standard base 
course materials. The designed thickness of CTB is 
ordinarily less than that of the original base course 
material for the same design traffic, as CTB is capa-
ble of distributing traffic loads across a relatively 
wide area, resulting in lower induced stress to the 
underlying pavement layers. CTB has been used in 
pavements in many countries such as The USA, 
China, South Africa and South Korea (Cho et al. 
2006). In Western Australia (WA), cement-treated 
material is only permitted in the construction of the 
road working platform (i.e., not as a major layer in 
the pavement structure). The reduction of pavement 
thickness is also not permitted when using cement-
treated material. These limitations are specified in 
order to avoid reflection cracking in road pavements 

(Main Roads Western Australia (MRWA) 2010). 
This paper aims to investigate the shrinkage behav-
iour of cement-stabilised material in WA road 
pavements in order to understand whether signifi-
cant amounts of cement content in such stabilised 
material can cause considerable shrinkage.  

1.2 Reflection cracking in flexible pavements 

Reflection cracking in asphalt surfaces originates 
from the cement-stabilised base layer. The appear-
ance of cracking patterns on the surface is generally 
representative of the location of the cracks in the 
cement-stabilised base layer below (Halsted 2010, 
Van Blerk and Scullion 1995). Cracking in the CTB 
layer occurs when the induced tensile stresses in the 
layer, caused by fatigue or shrinkage, exceed the 
layer’s tolerance of maximum tensile strength. Fa-
tigue cracking is associated with the degradation of 
the material modulus due to the applied load repeti-
tions of traffic. Cracks due to fatigue failure origi-
nate at the bottom of the CTB layer and propagate 
upwards through to the asphalt surface (Little et al. 
1995, George 2002). Shrinkage strains can cause 
stresses in the CTB layer as a consequence of the 
friction from the underlying layer constraining the 
movement of the base layer (Cauley and Kennedy 
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1972). Little et al. (1995) stated that fatigue cracking 
can be prevented by adequate pavement design. 
However, most failures in CTB caused by traffic in-
duced stresses are due to shrinkage and thermal 
cracking in the layer, or by a combination of the 
two. This can accelerate the deterioration of the 
pavement by allowing moisture to penetrate 
throughout the pavement structure. The shrinkage of 
cement-treated material mainly consists of drying 
shrinkage and autogenous shrinkage. Drying shrink-
age is a result of water from the mixture evaporating 
into the atmosphere. Autogenous shrinkage is not re-
lated to moisture loss to the environment but is 
caused by water consumption through a hydration 
reaction termed self-desiccation (Dunlop et al. 1975, 
Zhang et al. 2012). 

2 LITURATURE REVIEW 

Shrinkage in cement-treated crushed rock base in 
Western Australia was examined in terms of linear 
shrinkage and nitrogen adsorption (Yeo 2011). The 
results showed that material with a low cement con-
tent (1%-3%) was prone to swelling, whereas CTB 
with 4%-5% cement experienced shrinkage. It is to 
be noted that only fine particles passing through a 
0.425 mm sieve were sampled for these tests, thus 
the bulk shrinkage characteristics may differ to CTB 
prepared with fine to medium grain aggregate. 

Following the practices outlined in the available 
research literature, beam specimens were used to 
evaluate the shrinkage of laboratory compacted 
specimens along with correlations between in-the-
field cracking and laboratory shrinkage of CTB 
(Smith 1974, Cho et al. 2006). Smith (1974) studied 
the shrinkage of CTB taken from 11 sites in Califor-
nia, USA. Test samples were prepared with the same 
cement content, moisture content and relative densi-
ty as those constructed at the sites. It was found that 
the number of cracks which occurred in the field re-
lated to the experimental shrinkage values, as shown 
in Figure 1. It was also found that the shrinkage 
properties of CTB samples were slightly different to 
the test samples which were prepared under different 
conditions. The test samples used Portland cement 
type I and II and had a cement content varying from 
2.5% to 6%. The density alternated between 90%-
100 % maximum dry density (MDD) and the mois-
ture content ranged from 2% below the optimum 
moisture content (OMC) to 2% above the OMC. 

Cho et al. (2006) also evaluated the shrinkage 
properties of CTB samples in the laboratory and 
compared them with those from field trials. Three 
types of test samples were examined using : a) nor-
mal CTB (7% cement), b) normal CTB with 25% fly 
ash replacement and c) normal CTB with 25% fly 
ash replacement and 10% expansive additive. 
 
 

 

Figure 1. Comparison between laboratory shrinkage and num-
ber of cracks in pavements in the field (Smith 1974). 

 
As illustrated in Figure 2, the normal CTB un-

derwent the highest shrinkage value in the laboratory 
and showed the highest number of cracks in the field 
at the 7-week mark. The 25% fly ash with 10% addi-
tive sample from in the field exhibited no cracks, 
although under laboratory conditions, it showed 
higher shrinkage values than those found in the 25% 
fly ash sample. 
 

 

Figure 1. Comparison between laboratory shrinkage and num-
ber of cracks in pavements in the field (Cho et al. 2006). 

 
The effects of plasticity on the parent materials 

and of cement content on the shrinkage of CTB were 
also examined. The results revealed that the higher 
the plasticity in the original aggregate, the higher the 
eventual shrinkage at the same cement content 
(George 1968, Van Blerk and Scullion 1995, 
Chakrabarti and Kodikara 2005). Adaska and Luhr 
(2004) reporting on the investigation by George 
(1968) found that shrinkage in non-plastic aggre-
gate-CTB increased with additional amounts of ce-
ment from 0% to 10%. However, shrinkage in plas-
tic aggregate-CTB decreased where cement content 
was increased from 0% to 3% and then increased 
with cement content up to 10%.  

 Van Blerk and Scullion (1995) found that the 
shrinkage in the CTB was greatly reduced where a 
higher quality aggregate base was used i.e., a base 
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with no plasticity. Shrinkage properties were com-
pared between CTB made with non-plastic lime-
stone and CTB made with non-plastic limestone 
blended with clay fines. The clay fines material con-
tained 21% higher fine particles passing through a 
0.425 mm sieve and showed a plasticity index (PI) 
of 7.4. However, shrinkage trends could not be con-
cluded from the increase and decrease in cement 
content which varied from 2%, to 4% and 6 % for 
both types of CTB.  

Chakrabarti and Kodikara (2005) investigated the 
shrinkage behaviour of CTB samples made with 
General Purpose (GP) Portland cement and crushed 
basaltic rock (CBSR). The shrinkage in CTB in-
creased where cement content was increased from 
2% to 4% for normal CSBR (PI 3%). However, 
shrinkage development as per the 2% to 4% cement 
content samples could not be found in CTB made 
with CBSR and 6% fines (PI 14 %).  CBSR mixed 
with 15% fines (PI 24%) produced the highest 
shrinkage amongst these three types of samples and 
showed a reduction in shrinkage with additional ce-
ment content ranging of 2% to 4%.  

In Texas, the performance of three marginal ma-
terials stabilised with Portland cement type I was 
examined by Scullion et al. (2005). The shrinkage of 
river gravel reduced with an increase in cement con-
tent from 1.5% to 4.5%. The shrinkage in recycled 
concrete aggregate and low quality limestone initial-
ly reduced where cement was increased from 1.5% 
to 3%. However, shrinkage then increased with the 
addition of cement up to 4%. 

3 EXPERIMENTAL WORKS  

3.1 Materials 

General Purpose (GP) Portland cement, according to 
AS 3972 (Standards Australia 1997), was used as a 
stabiliser. Standard crushed rock base (CRB), with a 
maximum grain size of 19 mm, was collected from a 
local quarry in Perth. The basic properties of the 
CRB were checked for conformity with MRWA 
standards (2012a), and the PI was determined at 
4.8%. CRB samples were dried in the oven at 105ºC 
for 24 hours and then sieved using the standard sized 
sieve for CRB (MRWA 2012a). Dry particles re-
tained on each sieve were kept in sealed plastic con-
tainers. To maintain identical gradation, all the sam-
ples retained on each sieve were blended according 
to grain proportion in accordance with the MRWA 
specification for particle size distribution (MRWA 
2012a), as shown in Figure 3. 

 

 

Figure 2. Particle size distribution of CRB used in this study. 

3.2 Shrinkage test 

Based on the existing literature, shrinkage value de-
pends on cement content, aggregate type, fines con-
tent, water content, degree of compaction and curing 
conditions (Van Blerk and Scullion 1995). In this 
study, the shrinkage of CTB samples of varying ce-
ment content was examined whilst other aforemen-
tioned factors were kept constant. 

The test protocol to examine the shrinkage of 
CTB was adapted from the standard shrinkage test 
for concrete, AS 1012.13 (Standards Australia 
1992). Shrinkage test specimens were prepared in 
moulds measuring 75 mm x 75 mm x 280 mm. In 
order to avoid the maximum aggregate size effect on 
the overall test results, a specimen/maximum aggre-
gate size ratio of not less than 5 was maintained by 
keeping the maximum size of the CRB to 13.2 mm 
(as is usual in geotechnical engineering practice). 
Consequently, based on the replacement technique, 
CRB particles greater than 13.2 mm were replaced 
by CRB particles which passed through a 13.2 mm 
sieve and which were retained on a 9.7 mm sieve.  

The shrinkage tests were performed on CTB 
samples with a cement content varying from 2% - 
6%. The moisture-dry density relationships of CRB-
cement mixtures were determined in terms of a mod-
ified compaction test, in accordance with test meth-
od WA 133.1 (MRWA 2012b), as shown in Figure 4 
and Table 1. The results showed a slight reduction 
(3.7%) in optimum moisture content (OMC), and an 
insignificant increase (approximately 0.6%) in max-
imum dry density (MDD) where the cement content 
was increased from 2% to 6%. It should be noted 
that there were significant differences in the water-
cement ratio (w/c) amongst these five types of sam-
ples. 

 
Table 1. OMC and MDD derived from modified compaction. 

% cement OMC (%) MDD (ton/m3) w/c 

2 5.94 2.360 3.03 
3 5.90 2.364 2.02 
4 5.82 2.361 1.51 
5 5.77 2.368 1.21 
6 5.72 2.373 1.01 
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Figure 3. Moisture - dry density relationships for CRB and ce-
ment mixtures under modified compaction. 

 
Two steel studs were inserted to a depth of 1.5 

mm into the centre of each end of the standard 
mould. This ensured that they would be embedded in 
the specimen, as the two end points for the meas-
urement of test sample length can change during the 
test. The gauge length between the two steel studs 
embedded in the specimen was 250 mm. Following 
this, a predetermined amount of CTB was prepared 
at its OMC, and the test sample was compacted 
down to 4 even layers which then produce 95% 
MDD. After compaction, each specimen was cured 
in the test mould for 24 hours to gain sufficient 
strength for handling. This cured sample was then 
removed from the mould and left to cure for a fur-
ther six days at a controlled temperature of 23 ºC 
and at 90% relative humidity (RH). Thus each spec-
imen was cured for 7 days, and the initial length of 
the specimen then measured. The specimens were 
then dried at a controlled temperature of 23ºC and 
50% RH, allowing all surfaces to be exposed to the 
controlled environment. Changes in the length of all 
the specimens were checked periodically using a 
horizontal comparator with an accuracy of 0.001 
mm, as shown in Figure 5. 

3.3 Unconfined compressive strength (UCS) 

UCS tests were performed following the standard 
test method WA 143.1 (MRWA 2012c). The grada-
tion, moisture content and density of the UCS spec-
imens were identical to those the shrinkage tests. Us-
ing modified compaction, the test specimens, 105 
mm in diameter and 115.5 mm in height, were com-
pacted down to five equal layers. All samples were 
cured for 7 days and soaked in water for four hours 
prior to setting up the UCS test. 

 

Figure 4. Length measurements using a horizontal comparator. 

4 RESULTS 

The average shrinkage and 7-day UCS values for all 
CTB samples are presented in Figures 6 and 7. The 
UCS values rose from 3.8 MPa to 11.8 MPa, corre-
sponding to an increase in cement content from 2% 
to 6 %. The increase in rates of shrinkage for all 
samples was relatively rapid in the early part of the 
curing/drying test (21 days according to Figure 6). 
After 21 days of drying, samples with 4%, 5% and 
6% cement content underwent approximately 80% 
of their maximum shrinkage. At the 21-day mark, 
the 2% and 3% cement samples demonstrated re-
spective shrinkage to approximately 91% and 85 % 
of their ultimate values. Shrinkage of all specimens 
became stable after 90 days. The shrinkage of CTB 
decreased as cement content was increased from 2% 
to 4% and shrinkage increased again with cement 
content up to 6%. The 4% cement sample provided 
the lowest final shrinkage value of 380 microstrains 
(µε). The 2% and 6% cement samples exhibited the 
highest shrinkage, at approximately 440 µε. The 
shrinkage for the 3% and 5% cement samples meas-
ured 425 µε, and 410 µε, respectively. There was a 
difference of approximately 17% between the max-
imum and minimum shrinkage of the cement con-
tents of these 5 test specimens.  

 

 

Figure 5. Shrinkage test results. 
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Figure 6. UCS test results. 
 
Figure 8 shows a comparison between the shrink-

age test results obtained from this study and the re-
sults from other investigations. The results illustrate 
the shrinkage at the 21-day drying mark for CTB 
containing a range of added cement. From Figure 8, 
it can be noticed that the shrinkage values and trends 
which correspond to the cement contents differ sig-
nificantly from study to study. This is due to the dif-
ferences in the test materials used in the various 
studies. For a given material, a higher (different) 
shrinkage rate in a cement stabilised material (i.e., 
uniform cement content) can be found in the parent 
material which has a higher plasticity and a greater 
number of fine particles. This shrinkage is caused by 
the evaporation of the excess water that is not uti-
lised in, or required for hydration (Wu 2011). 
Chakrabarti and Kodikara (2005) concluded that the 
dissimilar shrinkage behaviours found in the test ma-
terials used in their study depended on the different 
amounts of shrinkage which were contributed to hy-
dration and loss of water from the fine pores.  

Only the cement content and w/c were varied in 
the samples in this study. Consequently, the shrink-
age of a cement-stabilised material with a relatively 
low cement content (high excess water after hydra-
tion) may be governed mainly by the amount of wa-
ter lost from evaporation. Conversely, it may be as-
sumed that greater shrinkage in higher cement-
content CTB, for example, the 5% and 6% in this 
study, is dominated by self-desiccation or loss of 
water during hydration. 

 

 
 

Figure 7. Various shrinkage test results of a range of cement-
content CTB after 21 days of drying. 

Figure 9 summarises the relationship of 7-day 
UCS and 21-day shrinkage values to cement-content 
of CTB. The optimum cement content of 4% was 
obtained using the lowest shrinkage value and a 
‘reasonable’ UCS value. Figure 10 illustrates the re-
lationship between the shrinkage and the UCS of 
CTB found in this study compared with relationship 
found in the study by Scullion et al. (2005). From 
Figure 10, it can be seen that the shrinkage values of 
all marginal materials depend greatly upon the ce-
ment contents which correspond to their UCS value. 
It should be noted that the cement stabilisation tech-
nique for any marginal material should be performed 
to maximise the potential strength-gain characteris-
tics and to minimise potential shrinkage. Therefore, 
the utilisation of standard aggregate as a parent ma-
terial for CTB should ensure consistency in both the 
shrinkage and strength results. 
 

 
 
Figure 8. Shrinkage at 21 days of drying and 7-day UCS for 
CTB with cement content 2%-6%. 
 

 
 

Figure 9. Relationship between shrinkage and UCS. 

5 CONCLUSIONS 

This study examined the shrinkage of CTB made 
with standard CRB containing cement levels which 
varied across a range of 2% - 6%. The gradation 
characteristics of all samples were controlled. The 
density and moisture contents of all mixes were kept 
constant. The shrinkage values of all test samples 
underwent at least 80% of their ultimate shrinkage 
value after 21 days of drying, and they became sta-
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ble after 90 days. Based on the results of this study, 
the shrinkage values of all CTB test samples did not 
increase with the addition in cement content. The 
highest shrinkage values were found for 2% and 6% 
cement content specimens. These values were ap-
proximately 17% greater than the least shrinkage 
value found for the 4% cement sample.  

Shrinkage is mainly dependent on moisture loss 
from drying shrinkage and autogenous shrinkage (or 
self-desiccation). It may be concluded that the high 
shrinkage in the higher cement-content CTB, i.e., 
5% and 6%, was dominated by self-desiccation, 
whereas shrinkage in the low cement-content CTB 
(2-3%), was caused mainly by drying shrinkage. 
Further investigation is required in order to expand 
upon and further explain these experimental results. 
This is particularly so with regard to water absorp-
tion, the excess of water that is left following the 
hydration reaction, and further analysis of the water 
absorption rate of the aggregate. 
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1  SITUATION INTRODUCTION 

Modern trains can only operate if railway tracks and 
the ballast bed are clear of weeds, which can slow 
trains down and also affect water drainage. The bal-
last is used to support the railway tracks. It can be-
come quickly overrun by weed growth from either 
neighboring trackside weeds or weeds that grow 
from seeds. Weeds also affect signaling effective-
ness and the movement of both cables and train car-
riages.   

The most common way to manage weeds on rail-
way tracks is weeding by hand, which is labor-
intensive, time-consuming and expensive. However 
some countries, such as Sweden and Germany, fre-
quently use the herbicide Glyphosate to control 
weeds, particularly among crops.  

Thailand’s railway tracks have problems with 
weed control.  Several methods have been tried, in-
cluding manual labor and herbicides, but these have 
not been ideal. Thailand is now investigating the 
possibility of using Glyphosate for weed control be-
cause the cost of Glyphosate is going down.  

2 PROBLEM STATEMENT   

When weeds and decaying plant residues grow along 
railway tracks and track ballast, this can obstruct 
track drainage when it rains. When water can’t drain 
properly, more weeds will grow, and the ballast can 
become saturated with polluted water. When the 
tracks sit in water for too long, they can move easily 
and any movement can damage a train. Wooden 
sleepers will also rot if they are submerged in water 

for too long, and this can also damage any train that 
runs across them.  

The main concern for weed management is how to 
bring weeds under control. This can be done through 
a combination of different practices, including labor-
intensive and herbicide methods. In Switzerland, 
Atazine was the first solution to control weed 
growth along railway tracks but there were concerns 
about contaminated drinking water. This led to the 
development of alternatives. 

3 RAILWAY TRACK WEED MANAGEMENT 

Herbicides used to control weed growth can have a 
negative impact on the safety of track ballast, walk-
ways, signaling, communication equipment and 
railway platforms. They can also affect the health of 
both the environment, and railway staff. Safety is a 
concern but weeds must be killed to prevent damage 
to rail tracks and disruptions to train schedules. This 
is why both safety and weed control are priorities.  

4 HERBICIDE PRACTICES 

Today, weed problems are being solved without 
damaging crops by applying herbicides that are in-
creasingly affordable. The use of herbicides in de-
veloped countries has been successful and the pene-
tration rate to major crops such as soybeans, maize 
and rice is high (Finney, 1988). Since the penetra-
tion rate has been successful, the users, or farmers, 
have been rewarded financially.   

Mechanical weed management on the track bed 
can slow weed growth but this is not a practical 
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method because it takes too much time, equipment 
and manpower. This therefore causes delays in train 
schedules (Heeler, 1979). Another approach is to 
burn weeds. This is quite easy to implement but it 
causes air pollution and is not recommended in 
Switzerland (Kuppelwieser et al. 2001). Weeds can 
also be cut but only when they are 1-2 meters away 
from the center of the track bed. Otherwise it is too 
dangerous for staff to work too close to the tracks 
for too long because of running trains. Manual weed 
control is also effective but is also too dangerous to 
be practical. It is also too time-consuming and labor-
intensive (Torstensson, 2001). 

Paraquat is one of the most famous herbicides in 
Thailand. It is widely used to control weeds among 
crops and on vacant land. Paraquat is a fast burning 
herbicide but the weeds grow back so quickly it is 
not cost-effective. 

Glyphosate has recently been recommended for 
use in over 130 countries and the global volume is 
estimated at about 600 Kilotons annually (Research 
and Market, 2008).  Since Glyphosate is effective at 
controlling both annual weed growth and perennial 
weed growth, it has become a famous product (Nan-
dula, 2010).  

Due to Glyphosate’s unique properties, it was ini-
tially utilized to control perennial weeds in ditches 
and fallow fields. However, since Glyphosate can 
kill crops, its application on crops is limited. How-
ever Glyphosate is popular because it can effectively 
control weeds on both vacant land and in conven-
tional tillage systems, especially before planting. 

The use of older herbicides such as Atrazine and 
Diuron has been either restricted or banned in many 
countries. This is because of concerns that residue 
from some herbicides can damage crops and con-
taminate drinking water. Glyphosate however is a 
broad-spectrum herbicide that leaves behind fewer 
residues in the environment, so it is a better choice 
for weed control (Monsanto, 2010). 

5 GLYPHOSATE’S BENEFITS FOR RAILWAY 
TRACK WEED MANAGEMENT 

5.1 Broad-spectrum control 

Many field trials have confirmed that Glyphosate is 
effective at broad spectrum weed control. In Thai-
land’s case, using Glyphosate at 2.5 kg ae/ha pro-
vides 80% weed control and the percentage in-
creased to 90% weed control when the Glyphosate 
rate increased to 3 kg ae/ha (Sopit et al., 2012). The 
results are comparable to tests in the USA (Wolin-
ka,2013) that applied Glyphosate at 2.5 kg ae/ha and 
which then provided 90% weed control. Perfor-
mance developed further when the Glyphosate rate 

increased to 2.88 kg ae/ha and Glyphosate had to be 
re-applied after 2-3 months. In the UK the rate of 
Glyphosate is 1.8 kg ae/ha, which is enough to give 
excellent weed control. The recommended applica-
tion rate for Glyphosate in Thailand is 2.00-3.00 kg 
ae/ha, which depends on the stage of weed growth 
and soil moisture (Sopit et al. 2012). 

5.2  Excellent weed control option 

Table 1: The different weed control practices. 
Methods  % Weed Control 

7 days after 
application 

14 days after 
application 

30 days after 
application 

Glyphosate  30 100 100 
Paraquat 100 70 30 
Hand-
weeding 

100 50 0 

As Table 1 shows, Glyphosate provides better 
weed control than either Paraquat or hand-weeding 
in terms of long lasting control. Similar results (Gar-
nett, 2004) were found after Glyphosate was tested 
against Infrared and Flaming radiation techniques 
for thermal weed control.  

6 TRANSLOCATED HERBICIDES CAN 
CONTROL THE WHOLE PLANT 

Glyphosate is translocated through the plant’s sym-
plast, so there is very little residue to harm the soil. 
Since Glyphosate is a broad-spectrum weed control 
method, it can be said that all plants can be con-
trolled by the delivery of Glyphosate through the 
plant (Nandula, 2010). 

As Glyphosate can kill the complete weed, includ-
ing roots and stems, it can minimize weed  re-
growth which makes longer lasting control possible. 
It is therefore a more cost-effective management 
method (Nandula, 2010).  

7 FASTER APPLICATION 

Since Glyphosate can be sprayed from a big tank 
and easily mixed with other chemicals, it can be ap-
plied quickly. The benefit of this is that the efficien-
cy fits in with the railway schedule and it will de-
crease delays. 

8 USE OF GLYPHOSATE ON RAILWAY 
TRACKS IN OTHER COUNTRIES 

In the UK, almost 85,000 liters of Roundup Pro 
Biactive was used in 2005 on 17,000 track miles 
compared with 140,000 liters of Diuron and 3,000 li-
ters of Trichlopyr (Network Rail, 2005). 
In Germany, Glyphosate has been the only approved 
herbicide for railway weed control since 1997 as 
other herbicides were found to have contaminated 
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ground water near the railway tracks (Schweinsberg 
et al. 1999). 
In Sweden, Glyphosate is the only approved herbi-
cide for railway lines because it is safe for people 
and the environment even when mixed with other 
chemicals (Cederlund, 2008). 

9 CONCLUSIONS AND SUGGESTIONS 

This is a very important finding, from both an eco-
nomical and an ecological point of view, and this re-
search provides a better understanding of how vege-
tation can be effectively controlled by using an 
environmentally safe herbicide. Railway technical 
departments must be aware of the problems which 
are associated with weed management along railway 
tracks. 

The requirements of weed control should be con-
sidered when new railway line construction is 
planned. If appropriate weed management practices 
are well-designed and/or planned, this will save time 
and money.   
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1 INTRODUCTION 

Accuracy of a finite element solution depends signif-
icantly on the extent to which the assumed dis-
placement pattern is able to reproduce the actual de-
formation of the structure. For a one-dimensional 
problem with single variable, Tong (1969) proved 
that the finite element nodal solution can be obtained 
exactly if the assumed shape functions satisfy the 
homogeneous differential equation of the problem. 
Kanok-Nukulchai et al. (1981) extended Tong’s 
concept to one-dimensional problem with several 
dependent variables, i.e., authors developed an exact 
two-node deep beam element. Ma (2008) also ap-
plied concept of nodal exact shape function to 
solved axial vibration problems of elastic bars, exact 
solution was obtained for undamped harmonic re-
sponse analysis 
 In this study, the nodal exact shape function con-
cept suggested by Tong is employed to solve the 
elastic bar embedded in elastic foundation problem. 
A set of shape functions which satisfies the homo-
geneous differential equation will be derived for de-
veloping a present bar element. The stiffness matrix 
and nodal force vector are expressed based on total 
potential energy principle. Example of elastostatic 
pile embedded in soil is solved to verify the accura-
cy and efficiency of proposed bar element. Free vi-
bration of a pile embedded in elastic soil foundation 
using the consistent mass matrix for this bar element 
is also investigated. 

2 MATHEMATICAL FORMULATION 

2.1 Problem definition 

The analysis considers a single circular pile, with di-
ameter d (cross section A = 0.25πd2 and perimeter U 
= πd), embedded in to an elastic soil deposit (Figure 
1). The pile has a length L and is subjected to an axi-
al force P0 at the pile head which is flush with the 
ground surface. The soil medium is assumed to be 
elastic, isotropic and homogeneous, with elastic 
properties described by equivalent spring coefficient 
ks. The pile is assumed to behave as an elastic col-
umn with Young’s modulus E. The Poisson’s ratio 
of the pile material is neglected. 

2.2 Governing differential equation 

Consider one-dimensional element in Figure 1, the 
total potential energy of this soil-pile element sub-
jected to the axial forces P1 and P2 is defined as the 
sum of internal potential energy (strain energy) U 
and the external potential energy due to external 
load as follow: 

2

2

1 1 2 2

0 0

1

2

L L

s

dw
EA dz k w dz Pw P w

dz
UΠ = + − −

  
  

  
∫ ∫ (1) 

where w(z) is the vertical pile displacement at depth 
z. The first and second terms in Equation (1) repre-
sent the strain energy in pile and surrounding soil, 
respectively. 

An Exa ct Finite Element Model for Axially Loaded Pile

C. Buachart & C. Hansapinyo 
Chiang Mai University, Chiang Mai, Thailand 

W. Sommanawat 
Ubon Ratchathani Rajabhat University, Ubon Ratchathani, Thailand 

 ABSTRACT: A displacement finite element method for analyzing axially loaded pile embedded in finite 
depth of soil is presented. The investigation herein is conducted on the condition of shape function by which 
exact value may be reproduced at the nodal points, regardless of the number of elements and the form of the 
particular solution. The examined shape functions which satisfy the homogeneous governing equation are in-
troduced to obtain the exact element stiffness matrix via total potential energy principle. Numerical example 
of elastic pile embedded in Winkler foundation illustrates the accuracy of proposed element compare with 
conventional finite element shape functions. For static case, axial force and displacement solution show very 
good agreement with data form the available literature; the exact solution is obtained even with a single ele-
ment mesh. The same set of shape functions is then employed to derive a consistent mass matrix for the longi-
tudinal free vibration analysis. Results of the natural periods and mode shapes are found to be fairly accurate. 

International Conference on Advances in Suranaree University of Technology 
Civil Engineering for Sustainable Development 27-29 August 2014 

:483:



 
 
Figure 1. Axially loaded pile embedded in elastic soil and cor-
responded two-node finite element model. 
 

The first variation of Equation 1 leads to 

( )
0 0

1 1 2 2        

L L

s

d w dw
EA dz k U w wdz

dz dz

P w P w

δ
δ δ

δ δ

  Π = +  
  

− −

∫ ∫  (2) 

Applying the appropriate Gauss-Green theorem to 
Equation (2) and setting δП = 0, gives the differen-
tial equation for equilibrium 

2

2
0  for  0s

d w
EA k Uw z L

dz
− + = < <  (3) 

and a set of natural boundary conditions as 

1 2
0

 and  
z z L

dw dw
P EA P EA

dz dz= =

= − =  (4) 

2.3 Shape functions for an exact pile element 

Following the concept presented by Tong (1969) and 
Kanok-Nukulchai et al. (1981), a pile element is de-
veloped with the shape functions that satisfy the 
homogeneous differential equation. First consider 
the field variable w which are represented by the fol-
lowing hyperbolic function 

( ) ( ) ( )1 2cosh sinhw z c z c zα α= +  (5) 

where α2 = ksU /EA; variables c1 and c2 are the con-
stants which are determined by imposing displace-
ment boundary condition. By applying the nodal 
boundary conditions, Equation (5) can now be ex-
pressed in terms of nodal variables, w1 and w2, as 
follows 

( ) ( ) ( )1 1 2 2w z w N z w N z= +  (6) 

where the shape functions can be expressed as 

( )
( )

1

sinh

sinh

L z
N z

α

β

−  =  (7) 

( ) ( )
2

sinh

sinh

z
N z

α
β

=   (8) 

with the non-dimensional parameter β = αL. 

2.4 Derivation of the element stiffness matrices 

Refer to first variation of strain energy terms in 
Equation (2), due to the arbitrariness of δw (see also 
Zienkiewicz and Taylor 2000), the element stiffness 
matrix for pile and soil can be expressed as follows: 

0

L
jpile i

ij

dNdN
K EA dz

dz dz

  =   
  
∫  (9) 

0

L
soil
ij s i jK k U N N dz= ∫    (10) 

where the indices i and j are ranged from 1 to 2. 
Substituting shape functions from Equations (7) and 
(8) into element stiffness formulation in Equation (9) 
and (10), the component of element stiffness matri-
ces can be explicitly expressed as 

( )

( )

2
11 22

12 21

csch coth
2

csch 1 coth
2

pile pile

pile pile

EA
K K

EA
K K

α
β β β

α
β β β

= = +

= = − +
   (11) 

and 

( )

( )

2
11 22

12 21

coth csch
2

csch 1 coth
2

soil soil s

soil soil s

k U
K K

k U
K K

β β β
α

β β β
α

= = −

= = − −
   (12) 

2.5 Consistent mass matrix 

In free vibration analysis, the consistent mass matrix 
has to be constructed. Formula of consistent mass 
matrix is similar with soil stiffness matrix in Equa-
tion (12), except the factor ksU replaced by ρA, i.e. 

0

L

ij i jM A N N dzρ= ∫    (13) 

where ρ = mass density of pile material. An explicit 
expression of this consistent mass matrix will be 
omitted for the sake of simplicity and clarity of the 
presentation. 

3 NUMERICAL EXAMPLES 

In this section, two numerical examples are present-
ed to illustrate the effectiveness of the finite element 
proposed in the previous section. Application of this 
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pile element to the free vibration analysis is also 
demonstrated by the second example. Analytical so-
lutions of all problem tests are available in the litera-
tures (Chou and Hsiung 2009; Li et al. 2012, Timo-
shenko et al. 1974, Wu et al. 2012). 

3.1 Example 1. Static analysis of loaded pile with 
end bearing capacity 

A bored pile was installed in the medium clay of 
length 50 m and diameter 1 m. From soil tests, the 
elastic modulus of soil is found to be Es = 30000 
kPa. Assume that Poisson’s ratio of clay is approxi-
mately equals to 0.35, hence the values of equivalent 
soil elastic coefficient ks = 8550 kPa/m and end 
bearing stiffness kb = 34200 kPa/m (Chou and 
Hsiung 2009). Hence, the value kbA is added into the 
last diagonal member of stiffness matrix. The results 
of nodal settlement and forces are plotted in Figures 
2 and 3, respectively. 

As expect, the present pile element model prove to 
be flawless: finite element solutions are identical to 
the exact analytical solutions. This is true regardless 
of the mesh refinement (even with a single element 
mesh). For comparison, the problem is re-analyzed 
with a conventional linear element (Zienkiewicz and 
Taylor 2000). Figure 2 show that using 10 conven-
tional linear element produce similar results of dis-
placement with single proposed element.  
 

 
Figure 2. Comparison of axial displacement w for static case. 
 

To study the performance of present element in 
computing the internal axial force, first relation in 
Equation (4) is used. From Figure 3, the accuracy of 
10 conventional linear elements is equivalent to sin-
gle proposed element. Hence, the superiority of the 
present pile element is very obvious from the com-
parison in Figures 2 and 3. 
 

 
 

3.2 Example 2. Free vibration analysis of the fixed-
ended pile 

Natural frequencies and mode shapes of a fixed-
ended pile is computed with ten pile elements. The 
dimension of pile and all material properties are sim-
ilar with Example 1, except end bearing stiffness is 
very large (fixed at the tip). The unit mass is taken 
as ρ = 2400 kg/m3. Result of the natural frequencies, 
compared with the exact theory (Wu et al. 2012) is 
shown to be very accurate in Table 1. The first three 
mode shapes are also plotted in Figure 4 and appear 
to be almost indifferent from the exact ones. 
 
Table 1. Circular frequency of fixed-ended pile. _______________________________________________ 
Mode      Circular Frequency (rad/sec)        _________________________________ 
Number     Ten Pile Elements  Exact Theory _______________________________________________ 
 

  1         48.3947       48.2671 
 

  2         98.8771       97.8132 
 

  3       159.3101     155.0575 
 

  4       225.0951     213.9065 
 

  5       296.5802     273.3255 
 

  6       374.2987     333.0096 
 

  7       457.3494     392.8379 
 

  8       541.1068     452.7533 
 

  9       614.2737     512.7253 
 

10       658.7863     572.7361 
_______________________________________________ 

Figure 3. Comparison of axial force for static case. 
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Figure 4. Fixed tip pile problem: the first three mode shapes 
from the free vibration analysis of a ten-element model. 

4 CONCLUSIONS 

The new finite element model for pile subjected to 
axial load is proposed. A necessary condition for the 
present finite element model to reproduce the exact 
values at the nodal points is that it has to satisfy the 
homogeneous differential equation of the problem. 
Numerical example for static load indicates that an 
exact finite element solution can be obtained even 
with minimum number of element used. In addition, 
the same shape functions can produce very satisfac-
tory results in free vibration problem. 

5 APPENDIX 

5.1 Exact solution of pile static load test 

From general solution in Equation (5) we can ex-
press the derivative of w as 

( ) ( )1 2sinh cosh
dw

c z c z
dz

α α α= +    (14) 

Then apply the boundary conditions, Equations (4), 
which are expressed as follows: 

0
0z

dw
P EA

dz =

= −  (15) 

b z L
z L

dw
k Aw EA

dz=
=

− =  (16) 

Hence, the exact solution of pile subjected to static 
load P0 at pile head can be derived in to the form: 

( ) ( ) ( )0
sinh

cosh
zP L

w z z
AE

α
ϕ α

β
 

= − 
 

 (17) 

and 

( ) ( )0( ) cosh sinhP z P z zα ϕβ α= −    (18) 

where φ = (β + γ tanhβ)/(γβ + β2tanhβ),  γ = kbL/E. 

5.2 Free vibration of fixed-ended pile 

The governing equation for free vibration of pile is 
expressed as 

2 2

2 2
  for  0s

w w
EA k Uw A z L

z t
ρ

∂ ∂
− + = < <

∂ ∂
 (19) 

Assume that pile subjected to fixed boundary condi-
tion at the pile tip w = 0 at z = L. Natural circular 
frequency ω and mode shape ѱ of pile embedded in 
soil can be expressed as 

( )cos ; 1,2,3,...n nz nψ λ= =  (20) 

and 

( )2 2 2 ; 1,2,3,...n n

E
nω λ α

ρ
= + =  (21) 

where the parameters λn are defined as 

1
; 1,2,3,...

2n n n
L

π
λ  = − = 

 
 (22) 

Note that Equation (20) always satisfies boundary 
condition at pile tip, i.e. ѱn (L) always equal to zero. 
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1 INTRODUCTION 

Asphalt pavement rutting is one of the most com-
monly observed pavement distresses and is a major 
safety concern to transportation agencies in Thai-
land. Research into improvements of conventional 
hot-mix asphalt materials, mix designs and methods 
of reinforced pavement structural layers, can provide 
extended pavement life and significant cost savings 
in pavement maintenance and rehabilitation. Pave-
ments represent the largest component of govern-
ment investment in public transport.  In Thailand, 
the pavement portion of highways and streets has a 
current asset value of more than $50 billion (Svasdi-
sant et al. 2008). These pavements deteriorate with 
time due to traffic loading and environmental expo-
sure. 

The 2-year project funded by the Department of 
Highways (DOH) was developed in 2012 with the 
aim of evaluating the performance of geosynthetic-
reinforced materials in a conventional flexible 
pavement in Thailand (Imjai et al. 2013a). A full-
scale test sections was constructed at Highway 

No.11, located in Uttaradit Province, Northern part 
of Thailand.Three test sections consist of a geosyn-
thetic-reinforced pavements and one unreinforced 
control test section were constructed in this project. 
The test sections were subjected to the static and dy-
namic load for long-term monitoring. Long-term 
monitoring and dynamic test program is ongoing to 
study the long-term geosynthetic-reinforced flexible 
pavement. 

Numerous researches on flexible pavement have 
been studies over two decades. Barksdale et al. 
(1989) utilized the results of a 2D finite element 
model to estimate the reduction in base thickness of 
a stiff geogrid.  Dondi (1994) attempted a 3D FE 
analysis for a pavement using non-linear constitutive 
models for the base and subbased and a linear elastic 
model for AC and geogrid layers. Wathugala et al. 
(1996) performed ABAQUS package (Hibbitt et al. 
2009) to study the effectiveness of geogrid-
reinforced pavement as a rut resistant. Based on their 
study, it is found that by placing the geogrid at the 
AC/base interface leads to the highest reduction of 
the fatigue strain 46 – 48% (Wathugala et al. 1996). 

Finite Element Analysis of Geosynthetic-Reinforced Flexible Pavements 

T. Imjai 
Rajamangala University of Technology Tawan-Ok, Thailand 

K. Tungsanga 
International Engineering Consultants Co., Ltd, (IEC-Thailand), Bangkok, Thailand 

M. Dechasakulsom 
Bureau of Materials, Analysis and Inspection, Department of Highways, Thailand 

ABSTRACT: This paper presents the development of a two-dimensional finite element model for geosynthet-
ic-reinforced flexible pavement. The procedures of constructing a mathematical model and performing static 
analysis with the ABAQUS FE software are introduced. The FE modeling strategies such as element shapes 
and the size of the finite element as well as boundary conditions from previous researches were reviewed and 
studied to optimize the FE model developed in this study. The viscoelastic bahaviour of AC layer was mod-
elled by introducing the creep power law using the creep parameters adopted from the previous study. The 
model was also validated with the full-scale test data carried out in the first phase of the research. The full-
scale test was carried out at Highway No.11, located in Uttaradit Province, Thailand, to evaluate the perfor-
mance of geosynthetic-reinforced materials (geotextile and geogrid) in a conventional flexible pavement. 
Three test sections consist of a geosynthetic-reinforced pavements and one unreinforced control test section 
were constructed in the project. The test sections were subjected to the static load test under truck weights of 
20, 30 and 40 tons. Permanent surface deformations and pavement vertical stress were measured during static 
load testing. Long-term monitoring of the test sections is underway by performing static and dynamic load 
tests for the next phase. Analytical results for three different placements of geosynthetics in the paved road 
layers and field data have been evaluated and compared. The results showed that a higher tension stress ab-
sorption when the geotextile is placed on the top of base course and geogrid in between base and subgrade 
layer as verified by the field data. The result of this research is a practical framework for developing extensive 
full-scale testing data base which can be used to validate FE modeling of geosynthetic-reinforced flexible 
pavement.   
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Table 2.  A chronological of numerical studies for flexible pavement reinforced with geosynthetics from 2001 – 2013.* 

          Author 
FE Details 

Perkins 

 (2001) 

Perkins & Edens 

 (2003) 

Lin & Lui 

 (2003) 

Clapp 

(2005) 

Saad et al. 

(2006) 

Howard & Warren 

(2009) 

Moayedi 

(2009) 

Nazzal et al. 

(2010) 

Imjai et al. 

(2013b) 

Analysis Type 
3-D 

(ABAQUS) 
3-D 

(ABAQUS) 
2-D Plane strain 

(PLAXIS) 
3-D 

(MATLAB) 
3-D 

(ADINA) 
Axi-symmetric 
(PLAXIS 2D) 

Plane strain 
(PLAXIS 2D) 

Axi-symmetric 
(ABAQUS) 

2-D Plane strain 

(ABAQUS) 

AC 
Constitutive 

Model 

Isotropic elasto-
plastic 

Isotropic elasto-
plastic 

Isotropic, linear 
elastic 

Isotropic, linear 
elastic 

Isotropic, linear 
elastic 

Isotropic, linear elas-
tic 

Isotropic, linear 
elastic 

Isotropic elasto-
plastic 

Isotropic, linear-

elastic 

AC Thickness 
(mm) 

75 75 47 100, 150, 200 101 54 - 56 50 75 50, 50, 100 

Base 
Constitutive 

Model 

Isotropic, 
elastoplastic 

Isotropic, 
elastoplastic 

Elastoplastic, 
Mohr-Coulomb 

model 

Isotropic, 
 linear elastic 

Isotropic, elasto-
plastic D-P 

Hardening soil model 
(HS) 

Elastoplastic, 
Mohr-Coulomb 

model 

Modified critical 
state two-surface 

model 

Isotropic,  

Elastoplastic,  

Mohr-Coulomb 

model 
Base Thickness 

(mm) 
200, 300, 375 200, 300, 375 None 300,600 152, 304 152, 254 200 150 200 

Geogrid Elemt. 
Type 

Membrane Membrane  Truss Membrane Membrane Truss Truss Membrane Truss  

Geosynthetic 
Thickness (mm) 

None None None None None None None 1 None 

Interface Element 
& Model 

Elastoplastic, 
Mohr-Coulomb 

Elastoplastic, 
Mohr-Coulomb 

Full bonding be-
tween asphalt and 

geogrid 

16 nodes joint-
shear transfer inter-

face element 

Full bonding be-
tween asphalt and 

geogrid 

Elastoplastic, 
Mohr-Coulomb 

Interface ele-
ment 

Hard contact inter-
face model 

Hard contact inter-

face model 

Subgrade Consti-
tutive Model 

Isotropic elasto-
plastic, 

von Mises 

Isotropic elasto-
plastic, 

von Mises 

Isotropic linear 
elastic 

Isotropic, linear 
elastic 

Isotropic, 
Modified Cam-

Clay 

Hardening soil model 
(HS) 

Elastoplastic, 
Mohr-Coulomb 

model 

Isotropic, 
Modified Cam-

Clay 

Isotropic, Elasto-

plastic,  

Mohr-Coulomb 

model model 

Subgrade Consti-
tutive 
Model 

Isotropic elasto-
plastic, 

von Mises 

Isotropic elasto-
plastic, 

von Mises 

Isotropic linear 
elastic 

Isotropic, linear 
elastic 

Isotropic, 
Modified Cam-

Clay 

Hardening soil model 
(HS) 

Elastoplastic, 
Mohr-Coulomb 

model 

Isotropic, 
Modified Cam-

Clay 

Pressure loading 

with total truck 

weights of  

20, 30, 40 ,45 tons 

Load 
Application 

1000 cycles, peak 
pressure=550 kPa 
on a 304 mm di-

ameter plate 

1000 cycles, peak 
pressure=550 kPa 
on a 304 mm di-

ameter plate 

Monotonic footing 
width =560mm 

Single cycle, peak 
pressure=690 kPa 
on a 223 mm di-

ameter plate 

Dynamics load, 
peak pressure=550 
kPa on a 223 mm 

diameter plate 

Single cycle, peak 
pressure=420 kPa on 
a 230 mm diameter 

plate 

Line loading 
pressure=557 
kPa on a 200 
mm diameter 

plate 

Single cycle, Line 
loading 

2D Plane strain 

(ABAQUS) 

Remark on  
Observation Im-

provement 

Analysis stopped at 
10 load cycles. 

Model predicts the 
permanent strain 
and deformation. 

FE model achieved 
more load cycles, 
model shows ge-
ogrid prevent lat-
eral spread of base 

layer 

FE model agreed 
well with the test 
results except ten-
sile strain in ge-

ogrid 

Optimum location 
of geogrid was al-
ways predicted at 
bottom of the base 
layer, minimizing 

the rut depth. 

Optimum location 
of geogrid was 

predicted aginst fa-
tigue and rutting 

deformation. 

FE model able to pre-
dict permanent de-

formation well 

FE shows ten-
sion stress ab-

sorption increas-
es while shifting 
geogrid toward 
the top of pave-

ment 

Modified model 
implemented in the 
FE able to predict 
the response of the 
base course well 

FE model agreed 

well with the test 

results except  rut-

ting response 

     * Note: Due to space limit, a summary of the numerical review from 2001 – 2013 only included in this paper, a full review of numerical from 1989 – 2013 can be found in Imjai et al. 
(2013b) 
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A chronological of the numerical studies for flexible 
pavements strengthened with geosynthetics over the 
past decade is shown in Table 1 (Perkin 2001, Imjai 
et al. 2013b). Extensive experimental and numerical 
studies have been done by Perkins (2001). All these 
findings have documented and attempted to quantify 
the performance benefit of geosynthetic materials 
(Dondi 1994, Wathugala 1996, Perkins and Edens 
2003, Ling and Liu 2003). Most numerical studies 
have reported that the use of geogrids can result in 
reduced surface rutting of flexible pavement and ag-
gregate base thickness requirements or extended 
service live of the pavement (PerkinsandIsmeik 
1999, Barksdale et al. 1989). However, very little re-
search has been completed the numerical study that 
can be calibrated and verified directly based on full-
scale testing of geosynthetic-reinforced flexible 
pavements (Barksdale et al. 1989, Christopher 
2001). The most essential component of a finite el-
ement (FE) model is the constitutive methodical 
model. A constitutive model is a mathematical 
stress-strain relationship of a particular material.  

In Table 1, many permanent deformation models 
have been developed for hot-mix asphalt (AC) mate-
rials such as a modified plastic model (Perkin 2001, 
Nazzal 2010) and creep power law model (Clapp 
2005, Uzarowski 2006). It was reported that the 
creep model was able to predict not only accumula-
tive rut depths but also that an upheaval transverse 
profile developed under a single or dual tire loading. 
However, this model is indeed a theoretical and re-
quire many creep parameters which will involve 
creep test data in laboratory (Uzarowski 2006). Re-
sults from previous creep test data is used for consti-
tutive model for hot-mix asphalt (AC) used in FE 
model developed in the first phase of this study.  

For unbound granular materials, conventional 
plasticity models with isotropic hardening (e.g. Elas-
tic-plastic model, Drucker-Prager model, Mohr-
Coulomb model etc.) were studied and proved to be 
work well in a FE analysis for monotonic loading 
(Perkin 2001). 

This study develops a two-dimensional finite el-
ement model for geosynthetic-reinforced flexible 
pavement with the aim of simulating the rutting per-
formance of geosynthetic-reinforced flexible pave-
ment. A simple way to evaluate the effectiveness of 
geosynthetic as rut resistant flexible pavement is in-
troduced and comments upon. 

2 FULL-SCALE TEST SECTIONS 

Department of Highways (DOH) constructed the test 
section to introduce the geosynthetic-reinforced 
flexible pavement. The test section has been 
constructed in February 2012 on highway number 
11, between km.102+700 to km.102+900, in 
Uttaradit province. This highway section had the 

high traffic volume of 8,271 vehicles per day, and 
the percentage of truck of 26.5. This section was 
also on the approach of signalized intersection, in 
which all vehicles are forced to decelerate and stop. 
Therefore, there was many distresses occurred in 
this section, especially ruts. The rut depth 
measurements in this section yielded the average rut 
depth of 4.0 centimeter, considered as a severe 
rutting. The test section was constructed on the 
leftest traffic lane (truck lane), consisted four 
sections (Figure 1) as follows: 
- Section P1 was between km.102+850 to 

km.102+900, consisted the conventional flexible 
pavement without geosynthetic-reinforcement.  

- Section P2 was between km.102+800 to 
km.102+850, consisted the geosynthetic-
reinforced flexible pavement at asphalt concrete 
(HMA) course-asphalt concrete bound base 
interface. 

- Section P3 was between km.102+750 to 
km.102+800, consisted the geosynthetic-
reinforced flexible pavement at asphalt concrete 
bound base-crushed rock base interface. 

- Section P4 was between km.102+750 to 
km.102+800, consisted the geosynthetic-
reinforced flexible pavement at asphalt concrete 
bound base-crushed rock base interface and 
crushed rock base-aggregate subbase interface. 
Field instruments such as pressure cells, strain 

sensors (geodetects), settlement plates, and surface 
settlement points (to measure rut depth), were 
installed during the construction of the test sections 
to monitor the performance of the geosynthetic 
reinforced flexible pavements in terms of  traffic 
loading effects (stress, strain, defection, and rut 
depth). Instrument wires from each test section were 
collected and connected to the instrument houses 
outside the road for data collection. Instrumentation 
and locations for the test sections are shown in Table 2. 

 
Table 2.  Instrumentation and locations for the test sections. 

Test 
section 

Geosynthetics  
and Location 

Total Pressure Cell 
(TP) 

Strain  
sensor 

P1 Control 
1 @ depth 200 mm 
1 @ depth 400 mm 

- 

P2 

Geotextile @ 
HMA course-
bound base 
interface 

1 @ depth 200 mm 
1 @ depth 400 mm 

4 @ 100 mm 
on geotextile 

P3 
Paving Fabrics 
@ bound base-
base interface 

1 @ depth 200 mm 
1 @ depth 400 mm 

4 @ 200 mm 
on geotextile 

P4 

Paving Fabrics 
@ bound base-
base interface 
and, Geogrid @ 
base-subbase 
interface 

1 @ depth 200 mm 
1 @ depth 400 mm 4 @ 200 mm 

on geotextile 
4 @ 400 mm 
on geogrid 
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Test section P1Test section P2Test section P3Test section P4 Total pressure cell

Geotextile

Geogrid

Strain sensor

 
Figure 1. Geometry and instrumentation of test sections. 

 
 

3 DEVELOPMENT OF 2D ASHALT 
PAVEMENT FE MODEL 

The FE model was developed as part of the project 
for  investigating the mechanisim of geosynthetic-
reinfroced flexible pavement, which affected many 
of the attributes chosen. Review of the literature 
provided valuable information, but did not reveal a 
study where full-scale instrumented flexible 
pavements  containing  geosynthetics  had  been 
evaluated in a manner similar to this paper. 
Nevertheless, it did provide many useful tools that 
were utilized in the analysis as seen in literature 
(Perkin 2001, Imjai et al. 2013b). The FE model 
developed in this study calculates responses for one 
loading condition that can be used for empirical 
purposes. The long-term intent of the model is for 
use in a parametric evaluation for the purpose of 
developing M-E design procedure data for flexible 
pavement in the future work.  

3.1 FE model 

Two dimensional FE analyses for the reinforced and 
unreinforced test sections were carried out using 
ABAQUS package. A key part of the FE modeling 
strategy was to establish whether or not material 
models from the previous studies and 2D plane 
strain FE could be utilized to reduce the 
computational requirements of the model yet yields 
a good agreement with the field results. Since 
efficiency was a top priority in this study, a decision 
was made to utilize symmetry about two planes, 
which would make the model quarter symmetric, as 
shown in Figure 2. Four-noded tetrahedral elements 
were used to mesh the pavement sections. 
Geosynthetics were modeled by using one-
dimensional deformable truss element. To model the 
contact behavious between geosynthetic and 

granular base material, “Hard Contact” friction 
model available in ABAQUS is adopted and used in 
the analysis. Table 3 shows the material properties 
used in the finite element analyses. 
 

 

Figure 2. Model mashing for pavement section and loading 
with AC surface layer. 

Figure 2 shows the FE mesh of the pavement section 
used in the analysis. Conventional  kinematic  
boundary  conditions  are  adopted,  i.e., roller  
support  on  all  four  vertical  boundaries  of  the  
mesh and  fixed  support  at  the  bottom  of  the  
mesh. The finite element model was subjected to the 
static test loads of 20, 30 and 40 tons. 

Table 3.  Material parameters used in FE model. 

Material input  
parameters 

AC 
Layer 

Bound 
Base 

Base 
 layer 

Subgrade 
 layer 

Thickness (mm) 50 50 200 1000 
Elastic modulus 

(MPa) 
1034 1034 468 * 108 * 

Poisson’s ratio  0.3 0.3 0.35 0.25 
Unit weight 

(kN/m3)  
23.7 24.6 22.7 19.8 

Cohesion (kPa) ** - - 30 8 
Friction angle ** - - 43 36 
Dilation angle ** - - 13 6 

Ko ** 1 1 0.32 0.42 
Remarks *   From laboratory test 

 ** Adopted from previous work by Moayedi et al. 
(2009) 

 

AC layer, mesh size=25 mm@4 = 50 mm

Bound base, mesh size=50 mm@2 = 100 mm

Base layer, mesh size=50 mm@4 = 200 mm
Subgrade, mesh size=100 mm@10 =1000 mm

1

2

3
4

1

3

4

2

:490:



Vertcal stress (kPa)

0 200 400 600 800 1000

D
is

ta
nc

e 
fr
om

 t
op

 s
ur

fa
ce

 (
m

m
)

-1400

-1200

-1000

-800

-600

-400

-200

0

FEA, 20 ton

Field Data

Vertcal stress (kPa)

0 200 400 600 800 1000

FEA, 30 ton

Field Data

Vertcal stress (kPa)

0 200 400 600 800 1000

FEA, 40 ton

Field Data

AC

B/B.

Base

Subg.

Vertcal stress (kPa)

0 200 400 600 800 1000

D
is

ta
nc

e 
fr
om

 t
op

 s
ur

fa
ce

 (
m

m
)

-1400

-1200

-1000

-800

-600

-400

-200

0

FEA, 20 ton

Field Data

Vertcal stress (kPa)

0 200 400 600 800 1000

FEA, 30 ton

Field Data

Vertcal stress (kPa)

0 200 400 600 800 1000

FEA, 40 ton

Field Data

AC

B/B.

Base

Subg.

Geotextile

Geogrid

3.2 AC constitutive model 

In this study, where the AC properties are 
considered at about 25-35 degree Celsius 
temperature for the Northern part of Thailand and 
for the given load amplitude, the vertical permanent 
deformation of the AC layer is considered to have 
insignificant contribution to the total surface 
deflection. Furthermore, for a load affecting a 
structure, when the time duration of this load is 
small, which is the case beforehand, the viscoelastic 
behavior of this structure becomes almost equivalent 
to an elastic structure. Therefore, and for simplicity, 
the asphalt concrete layer is treated as linear elastic 
in this study. This is considered a reasonable  
assumption  in  view  of  the  asphalt properties and  
characteristics  of  the  loading  system  relatively 
short  time  duration  and  amplitude  of  the  wave  
reflecting  the traffic load adopted (Perkins 2001, 
Huang 2004).   

A creep power law available in ABAQUS is used 
in this study as it can characterize the behaviour of 
asphaltic concrete. Asphalt acts as an elastic solid 
and obeys Hook’s law at low temperature. It 
deforms and recovers instantly upon loading and 
unloading. In ABAQUS the creep strain tensor is 
expressed in Equation 1 below: 
 

�
��

= ����	
 + 1����
�

��� (1) 
  

where  �
�� = creep strain tensor 

 � = uniaxial stress 
 �, 
,� = material constants that ( function 

of stress, material type, 
temperature) 

The A, n and m creep power law parameters for 
asphalt concrete developed from the parametric 
studies and regression analysis are used in the FE 
analysis. 

3.3 Geosynthetics and Bond Interaction 

Perkins and Edens (2003) demonstrated that in most 
of these analyses the geosynthetic reinforcement 
membrane is considered as an isotropic elastic 
material. A model including components of 
plasticity, creep, and directional dependency of the 
high modulus geosynthetic polymeric geogrid would 
be more realistic.  However, such a model is 
considered oversimplified and not practical for use 
in the numerical simulations because it requires 
many parameters, which are not defined in the 
existing manuals produced by the manufacturers. 
Therefore in this study the modulus of elasticity for 
geosynthetic reinforced material are 3333 MPa and 
909 MPa, for geotextile and geogrid respectively 
(with Poission’s ratio = 0.35) is assumed to act as a 
linear isotropic elastic material. To model bond 
interaction between geosynthetics and granular 
material,  The full bonding of the geosynthetic and 

the surrounding layers is an acceptable assumption 
for the case of a paved system where the  allowed  
surface  rutting  of  such  a  system  surface  is  small 
and the slippage is not likely to occur unless 
excessive rutting takes place (Perkins, 2001, Perkins 
and Edens 2003).  

4 MODEL VALIDATION 

Load testing conducted on the test section for 
different truck loads were applied at the left wheel 
path of the test section. Due to space limitation, field 
data and FE comparison were shown only the test 
sections P1 and P4. Pavement responses of test 
sections P1 and P4 during the loading test such as 
pressure and transverse strain are shown in Figures 3 
and 4. It indicates that both bound base and subbase 
pressures in section P4 (geosynthetic-reinforced 
pavement section) were significantly decreased, 
compared to section P1 (control section). However, 
the measured pressures in section 2 and 3, which 
were also geosynthetic-reinforced pavement section, 
were not significantly different from those in section 
P1 (not shown here due to space limit). However, it 
can imply that geogrid reinforcement at bound base-
subbase interface could reduce the stress through the 
subbase layer and reduce rutting potential. 

Figure 3. Stress distribution from total pressure cell and FE 
analysis (P1). 

Figure 4. Stress distribution from total pressure cell and FE 
analysis (P4). 

 
Comparison of rut depth measured from 

settlement points installed in AC layer (on the top 
surface of the pavement) is shown in Figure 4. The 
rut depth measurement was conducted after six 
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month of service. As the result, the maximum set-
settlement of pavement section P1, P2, P3, and P4 
were 17, 17, 18, and 11 mm, respectively. This 
indicates that the test section P4 shows a good rut 
resistant compared to other reinforced sections (P2 
and P3) and the geosynthetics used in section P4 can 
reduce rutting distress significantly as also shown by 
numerical results. This illustrates that geogrid 
reinforcement at bound base-subbase interface could 
increase the rutting resistance of the flexible 
pavement. 

 
 
 
 

 
 

Figure 5. Rut depth comparison between field measurement 
and FE predictions. 

 
The lateral strains profiles at different distances 

from the center of the wheel load predicted from the 
finite element analysis on the reinforced materials 
(geotextile and geogrid) for test sections are shown 
in Figure 5. It can be seen that the geogrid layer 
significantly constrained the lateral strains between 
the base course layer and subgrade layer (P4). It is 
also noted that the constraining effect was mainly 
below the wheel loading area and it decrease with 
increasing distance from the center of the wheel 
load. Based on the FE analysis, it is found that FE 
results show a good agreement with the field data. 
 

 
Figure 6.Strains comparison between field measurement and 
FE predictions . 

5 EFFECTIVENESS OF GEOSYNTHETICS AS 
RUT RESISTANT FLEXIBLE PAVEMENT 

The effectiveness (Ef) of geosynthetics-reinforced 
flexible pavement as rut resistant in terms of the 
predicted number of load cycles, Nf, that each 
respective pavement section can carry with a wheel 
load before reaching a rut depth of 25 mm (1.0 inch) 
can be expressed in term of traffic benefit ratios, 
TBRs (Equation 2). The TBR value was calculated 
for the four test sections relative to unreinforced 
section. 
 
Ef = TBRn – TBR1 

          TBR1 
(2) 

 
As seen in Table 4, the TBRs of the test section 

P4 shows the highest value compared to other 
sections when the geotextile was located in between 
bound-base and base layer and placing the geogrid at 
the bottom of the base layer. This was not surprising 
since the magnitude of the pre-strain was decreased 
as a function of distance above the bottom of the 
base layer, which reflected the observations in field 
test sections previously reported by Imjai et al. 
(2013a,b). 
 

Table 4. Effectiveness of geosynthetics-reinforced pavement. 

Test  
section 

Nf TBR EF (%) 

P1 102,818 1.000 - 
P2 103,543 1.007 0.705 
P3 109,604 1.066 6.600 
P4 112,821 1.097 9.729 

6 CONCLUDING REMARKS 

A two-dimensional finite element model was 
developed to simulate the response of flexible 
pavement sections with geosynthetics-reinforced 
paved layers. Data from extensively instrumented 
full-scale test sections was used to calibrate the 
model. Based on the finite element analysis, the 
developed FE model was capable of accurately 
predicting stress-strains in the asphalt, base, and 
subgrade layers, as well as in the geogrid 
reinforcement. The numerical result has confirmed 
with the field data that placing geotextile at bound-
base/base interface and geogrid in between 
base/subgrade gives the highest traffic benefit ratio 
(TBR) compared to other sections. 

The result of this research is a practical 
framework for developing extensive full-scale 
testing data base which can be used to validate FE 
modeling of geosynthetic-reinforced flexible 
pavement. The future work is underway to 
investigate the use of nonlinear material models. 
Data from dynamic load test sections will be used to 
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re-calibrate the permanent deformation models in 
order to consider the effect of repeated loads. 
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1 INTRODUCTION 

As the most encountered soil-structure-interaction 
problem, the beam-foundation model has found a 
wide spectrum of civil engineering applications, e.g. 
underground tunnel, highway pavement, dowel ac-
tion for shear transfer in cracked concrete, shallow 
foundation, pile foundation, etc. Generally, there are 
two alternatives to model the underlying foundation 
medium, namely: (a) the continuous medium model; 
and (b) the mechanical subgrade model. Due to the 
sophistication of solutions to boundary value prob-
lems using the continuous medium model, the me-
chanical subgrade model has been used extensively 
by geotechnical researchers and engineers to repre-
sent the underlying foundation medium. 

The most rudimentary form of the mechanical 
subgrade model is the Winkler-foundation model 
(Winkler 1867). Though simple and widely used, the 
Winkler foundation model can result in some incon-
sistent responses of many practical beam-foundation 
systems due to omission of the shear stress inside the 
foundation medium (Limkatanyu et al. 2013 a). To 
enhance the Winkler-foundation model, several re-
searchers (e.g. Pasternak 1954) had introduced vari-
ous ways to account for the existence of shear stress 
inside the foundation medium. A detailed review of 
these improved foundation models can be found in 
Kerr (1964) and Dutta and Roy (2002). However, 
these improved foundation models failed to repre-

sent the peripheral discontinuity at the boundaries 
between the loaded and the unloaded soil surfaces. 
The first foundation model considering the shear 
coupling between the individual Winkler-spring 
components as well as the peripheral discontinuity at 
the boundaries between the loaded and the unloaded 
soil surfaces was proposed by Kerr (1965). In the 
Kerr-type foundation model, the foundation medium 
is comprised of three sub-components, namely: low-
er and upper spring beds and an incompressible 
shear layer. Three foundation parameters are the 
lower and upper spring moduli and the shear-layer 
section modulus. 

In this paper, the exact element stiffness equation 
for a beam on Kerr-type foundation is derived based 
on the displacement-based formulation. The element 
stiffness matrix is derived based on the virtual dis-
placement principle. The sixth-order governing dif-
ferential equilibrium of the problem as well as its 
force boundary conditions is revealed using the vir-
tual displacement principle and solved analytically 
to obtain the exact displacement interpolation func-
tions. The matrix virtual displacement equation is 
employed to obtain the exact element stiffness ma-
trix based on the exact displacement interpolation 
functions. One numerical example is employed to 
show the accuracy and the efficiency of the pro-
posed beam-Kerr type foundation element. A 2D fi-
nite element package VisualFEA (Cook 2001) is al-
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Derivation 
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so used to analyze this numerical example for com-
parison purpose.         

2 GOVERNING EQUATIONS OF BEAMS ON 
KERR-TYPE FOUNDATION 

The system total virtual work Wδ  of the beam-
foundation system shown in Figure 1 a is: 

A B CW W W Wδ δ δ δ= + +  (1) 

with AWδ ,  BWδ , and CWδ  being the virtual work 
expressions of regions A, B, and C, respectively and 
being defined as: 

( ) ( ) ( ) ( )
0

1 1
A

s sW V x x D x x dxδ δγ δ
−∞

= + ∆  ∫  (2) 

( ) ( ) ( ) ( ) ( ) ( )
( ) ( ) ( ) ( )

0 1 1
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0 0 0 0
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δ
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+ + ∆ +
=

∆ −

− + + +

∫
(3) 

( ) ( ) ( ) ( )1 1
C

s s

L

W V x x D x x dxδ δγ δ
∞

= + ∆  ∫  (4) 

where ( )M x  is the beam-section bending moment; 

( )sV x  is the shear-layer section shear force; ( )1D x  

and ( )2D x  are the lower- and upper-spring interac-

tive forces, respectively; ( )0 xκ  is the beam-section 

curvature; ( )s xγ  is the shear-layer section shear 

strain; and ( )1 x∆  and ( )2 x∆  are the lower- and up-

per-spring deformations, respectively. 
As suggested by Alemdar and Gulkanɺɺ  (1997), the 
infinitely long foundation beyond both beam ends 
(regions A and C) can be replaced by a vertical 

spring with a stiffness of 1endk k GA= . Thus, the 

full beam-foundation system becomes the reduced 
beam-foundation system shown in Figure 1 b. Eq. 
(3) is modified accordingly as: 
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v V M v V M v V v V

δκ δγ δ
δ

δ δ

δ δθ δ δθ δ δ

 
 
 
  

+ + ∆ +
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∆ −

− + + + − +

∫
 (5) 
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Figure 1. Beam on Kerr-type foundation: (a) full system; (b) 
reduced system. 
 
with 0sV  and sLV  being left and right end-foundation 

spring forces, respectively. 
The beam, shear-layer, and lower- and upper-spring 
compatibility equations are: 

( ) ( ) ( ) ( )

( ) ( ) ( ) ( ) ( )( )

2

0 2

1 2

; ;

0; 0

B B
s

s B s

v x v x
x x

x x

x v x x v x v x

κ γ
∂ ∂

= =
∂ ∂

∆ − = ∆ − − =

 (6) 

The beam, shear-layer, and lower- and upper-
spring constitutive relations are: 

( ) ( ) ( ) ( ) ( ) ( )
( ) ( ) ( ) ( ) ( ) ( )

0

1 1 1 2 2 2

;

;

s sM x IE x x V x GA x x

D x k x x D x k x x

κ γ= =

= ∆ = ∆
;  (7) 

Substituting Eqs. (6) and (7) into (5), we have: 

( ) ( ) ( )

( ) ( ) ( )

( ) ( ) ( )
( ) ( )( ) ( ) ( ) ( )( )

( )

2 2

2 2

1

2

0 0 0 0 0 0

B B

s sB

L
s s

s sB B

L L L L sL sL s s

v x v x
IE x

x x
v x v x

GA xW dxx x
v x k x v x

v x v x k x v x v x

v V M v V M v V v V

δ

δ
δ

δ

δ δ

δ δθ δ δθ δ δ

 
 
 
 
 
 
 
 
 
 
 
 

∂ ∂
+

∂ ∂
∂ ∂

+= ∂ ∂
+

− −

− + + + + +

∫
 

Eq. (8) can be expressed in the matrix form as: 

( ) ( ) ( )
( ) ( ) ( )

0
T T

B T
T T

L sp sp sp

x x x
W dx

x x x

δ
δ δ

δ

 
 
 
 

+
= − =∫

u L k Lu
U P

u L k L u
 (9) 

(8) 
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where 

( )
( )
( )

( )
( )

( )
( )

( )
( )

2

1

2

0 0 1
; ; ;

1 1
0

0 0
;

0 0

B
sp

s

sp

v x xx
v x

x

EI x k x
x x

GA x k x

 ∂
      ∂= = =    −∂      
 ∂ 

   
= =   
   

u L L

k k
 

0 0 0

T

L L s sLV M V M V V=   P ; and  

0 0 0

T

L L s sLv v v vθ θ=   U . 

Eq. (9) will be used in the subsequent section to 
formulate the system stiffness equation. Eq. (8) is 
explored further to yield the governing differential 
equilibrium equation of the beam-foundation system 
as well as its force boundary conditions. Applying 
integration by parts twice to the first term and once 
to the second term of Eq. (8) results in: 

( ) ( ) ( )

( ) ( ) ( ) ( )

( ) ( ) ( ) ( ) ( ) ( )

( )

2

22

2 1

0
0 0

0 0 0 0 0 0 0
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L L
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L L L L sL sL s s
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v x D x dx
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V x
v x D x D x dx

x

v x M x
M x v x v x V x

x x

v V M v V M v V v V

δ

δ

δ
δ δ

δ δθ δ δθ δ δ

 
 
 
 

 
 
 
 

   
            

∂
+ +

∂

∂
+ − +

∂

∂ ∂
− + −

∂ ∂

+ + + + + =

∫

∫
  

Based on the Cartesian sign convention, Eq. (10) 
can be expressed as: 

( ) ( ) ( )

( ) ( ) ( ) ( )

( ) ( )( )

( )

( )( ) ( )( )
( )( )
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22

2 1

0 0

0
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v V
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M M v V L V

v V V
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δ

δ δθ
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δθ δ
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∂
+ +

∂

∂
+ −

∂

∂
− + − − + −

∂

∂
− +

∂

− + − − + −

+ =

∫

∫
 

Accounting for the arbitrariness of ( )Bv xδ  and 

( )sv xδ  leads to the governing differential equilibri-

um equations of the system: 

( ) ( )
2

22
0

M x
D x

x

∂
+ =

∂
: ( )for 0,x L∈  (12) 

( ) ( ) ( )2 1 0sV x
D x D x

x

∂
+ − =

∂
: ( )for 0,x L∈  (13) 

Imposing the arbitrariness of Lvδ , Lδθ , 0vδ , 0δθ , 

sLvδ , and  0svδ , the force boundary conditions are: 

( ) ( ) ( )

( ) ( ) ( )

0
0

0 0

; ;

0 ; ; 0 ;

L L
x L x

s ssL s

M x M x
V M M L V

x x

M M V V L V V
= =

∂ ∂
=− = =

∂ ∂

=− = =−

 (14) 

Eqs. (12) and (13) establish a set of governing 
differential equilibrium equations of the system and 
can be written together into a single expression as: 

( ) ( ) ( )
2

12
0sM x V x

D x
x x

∂ ∂
− + =

∂ ∂
: ( )for 0,x L∈  (15) 

Employing the governing differential equation of 
the foundation surface subjected to a continuously 
distributed load proposed by Kerr (1965), Lim-
katanyu et al. (2013) derives the following relation 
between ( )sV x  and ( )M x : 

( ) ( ) ( )4

4
2

sV x M xGA GA
M x

x IE k x

∂ ∂
= +

∂ ∂
 (16) 

Substituting Eqs. (16) into (15), imposing the up-
per-spring compatibility and constitutive relation of 
Eqs. (6) and (7), considering the equilibrium equa-
tion of Eq. (12), and enforcing the beam constitutive 
relation, the 6th-order governing differential equilib-
rium equation of the system described in terms of 
the vertical displacement ( )Bv x  is obtained as: 

( ) ( ) ( ) ( )
6 4 2

1 2 36 4 2
0B B B

B

v x v x v x
v x

x x x
λ λ λ

∂ ∂ ∂
+ + + =

∂ ∂ ∂
 (17) 

where ( )1 1 2 /k k GAλ = − + ; 2 2 /k IEλ =  and 

( )3 1 2 /k k IE GAλ = − . 

When compared to the governing differential 
compatibility equation derived by Limkatanyu et al. 
(2013 b) based on the virtual force principle, we 
could observe that Eq. (17) and the one derived by 
Limkatanyu et al. (2013 b) are dual, thus confirming 
the duality of the virtual displacement and virtual 
force principles.   

3 DISPLACEMENT-BASED FINITE ELEMENT 
FORMULATION 

In the displacement-based formulation, the element 
nodal displacements U plays a role as the primary 
element variables and the system-section displace-
ment u(x) is expressed as functions of the element 
nodal displacements through the displacement shape 
functions, thus:  

(10) 

(11) 
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( ) ( )x x= Uu N U  (18) 

Substituting Eq. (18) into (9), we have: 

( ) ( ) ( )
( ) ( ) ( )

0
T T

T T
T T T

sp sp spL

x x x
dx

x x x
δ δ

   
  
  
  
  
    

+
+ − =∫ U U

U U

N L k LN
U U U P

N L k L N
 (19) 

Proposing the deformation-displacement matrices 
B(x) = LNU(x) and  and Bsp(x) = LspNU(x), Eq. (19) 
can be expressed as: 

( ) ( ) ( )
( ) ( ) ( )

0
T

T T
T

sp sp spL

x x x
dx

x x x
δ δ

  
  
  
    

+
− =∫

B k B
U U U P

B k B
 (20) 

Accounting for the arbitrariness of δU , the ele-
ment stiffness equation is: 

BS sp = + = KU K K U P  (21) 

where 

( ) ( ) ( )

( ) ( ) ( )

T
BS

L

T
sp sp sp sp

L

x x x dx

x x x dx

=

=

∫

∫

K B k B

K B k B
 

We can consider that KBS is the beam and shear 
layer contributions; and Ksp is the lower and upper 
spring contributions to the element stiffness K. 

4 “EXA CT” DISPLACEMENT 
INTERPOLATION FUNCTIONS 

Let us consider the 2-node beam element on Kerr-
type foundation shown in Figure 2. 

 

1 2, , , ,IE k k GA L
1 1,P U

2 2,P U

3 3,P U

4 4,P U

5 5,P U 6 6,P U  

Figure 2. Two-node displacement-based beam element on 
Kerr-type foundation. 

 
The “exact” displacement interpolation functions 

are obtained based on the homogeneous solution of 
Eq. (17). Due to the thorough investigation conduct-
ed by Morfidis (2003) and Avramidis and Morfidis 
(2006) on all possible solutions to the sixth-order 
differential equation, the general solution of Eq. (17) 
can be expressed as: 

( ) ( ) ( ) ( )
( ) ( ) ( )
1 1 2 2 3 3

5 54 4 6 6

Bv x x c x c x c

x c x c x c

ϕ ϕ ϕ

ϕ ϕ ϕ

= + + +

+ +
 (22) 

where ( ) ( ) ( ) ( ) ( )1 2 3 4 5, , , ,x x x x xϕ ϕ ϕ ϕ ϕ , and 

( )6 xϕ  are real functions and their forms depend on 

the values of the system parameters (1λ ,  2λ , and 

3λ ) as given in Avramidis and Morfidis (2006); and 

1 2 3 4 5, , , ,c c c c c , and 6c  are constants of integration 

to be determined by imposing displacement bounda-
ry conditions. These six displacement boundary 
conditions are: 

( ) ( ) ( )
( ) ( ) ( )

'
1 2 3

'
4 5 6

0 ; 0 ; ;

; 0 ; ;

B B B

B s s

v U v U v L U

v L U v U v L U

= = =

= = =
 (23) 

It is noted that the first four boundary conditions 
on the beam ends can be enforced with ease while 
the last two on the shear-layer ends cannot be im-
posed per se since the beam displacement ( )Bv x  is 

the only variable field in the governing differential 
equilibrium equation of Eq. (17). This difficulty can 
be remedied by using the following relation between 

( )sv x  and ( )Bv x : 

( ) ( ) ( )4

4
2

B
s B

v xIE
v x v x

k x

∂
= +

∂
 (24) 

By imposing displacement boundary conditions 
of Eq. (17), the exact beam and shear-layer dis-
placement interpolation functions can be derived. 
Subsequently, the exact beam-foundation stiffness 
matrix can be obtained. It is observed from Eq. (17) 
that the beam displacement ( )Bv x  and shear-layer 

displacement ( )sv x  fields are dependent. 

5 NUMERICAL EXAMPLE 

Figure 3 shows a free-free beam on an infinitely 
long Kerr-type foundation subjected to a mid-span 
concentrated load. The efficiency and the accuracy 
of the exact beam-Kerr type foundation element are 
assessed through this beam-foundation system. 

3 2 3 2 3 2
1 2 1

3 3
1

248.7 10 ; 2.33 10 / ; 7 16.3 10 /
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Figure 3. Free-free beam on Kerr-type foundation subjected to 
a mid-span concentrated load. 

 
Figure 4. 2D finite element mesh of the beam-foundation sys-
tem in  

:498:



All beam and foundation mechanical properties 
follow those suggested by Morfidis (2007). The 2D 
finite element model (Cook 2001) is employed to 
study this beam-foundation system as well. In the 
2D finite element mesh shown in Figure 4, the virtu-
al soil mass of the length 2L = 15 m is assumed be-
yond each beam end to recognize the existence of 
the infinitely long foundation. The soil mass is dis-
cretized into 2000 rectangular plane-strain elements 
while the beam is modeled with 40 conventional 
beam elements. To show and compare the effects of 
different foundation models on global and local re-
sponses of the system, this beam-foundation system 
is also analyzed by the exact Winkler-based beam 
element proposed by Limkatanyu et al. (2012).  
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(c) 

Figure 5. Diagrams for beam displacement, beam rotation, and 
shear-layer displacement. 

 
Figure 5 shows the obtained beam vertical dis-

placement, beam rotation, and shear-layer vertical 
displacement diagrams and indicates that the Kerr-

type foundation model plays a role in reducing the 
vertical displacement and rotation of the beam, 
thanks to the coupling between the Winkler-
foundation springs. This coupling effect renders the 
Kerr-type foundation model with the ability to re-
semble the displacement and rotation diagrams ob-
tained with the 2D FEM model. 
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(c) 

Figure 6. Diagrams for beam shear Force, bending moment, 
and shear-layer force. 
 

Figure 6 shows the obtained beam shear force, 
beam moment, and shear-layer force diagrams. 
When compared to the Winkler-foundation model, 
Figure 6 implies that the Kerr-type foundation model 
slightly affects the shear-force and bending moment 
responses along the beam. However, the shear-force 
and bending moment responses obtained with the 
Kerr-type foundation model is closer to that obtained 
with the 2D FEM model when compared to the 
Winkler-foundation model. It should be kept in mind 
that a complete comparison between the Kerr-type 
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foundation model and the more sophisticated finite 
element model is not to be expected. This is due to 
the fact that a full compatibility at the beam-soil in-
terface is assumed in the finite element model while 
only the vertical displacement compatibility is im-
posed in the proposed model (Vallabhan and Das 
1991). 
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(b) 

Figure 7. Diagrams for upper and lower spring forces. 
 
Figure 7 shows the upper and the lower spring 

force diagrams, respectively. Figure 7 a indicates 
that the interactive foundation forces acting at the 
bottom face of the beam obtained with the Winkler 
and Kerr-type foundation models are completely dif-
ferent. The interactive foundation force distribution 
obtained with the Kerr-type foundation model corre-
sponds well to the observation made by Foppl 
(1909) that there exists a certain degree of disconti-
nuities in system responses between the loaded and 
the unloaded regions of the actual beam-foundation 
system. This feature is unique to the Kerr-type foun-
dation model and clearly indicated by incompatibili-
ties between the upper and the lower foundation 
spring forces at both beam ends (x = 0 and x = 7.5 
m), thus resulting in accurately representing the pe-
ripheral reactions of the beam ends (Kerr 1964). 

6    SUMMARY AND CONCLUSIONS 

This paper presents the “exact” element stiffness 
matrix and the fixed-end force vector for a beam on 
elastic foundation. The Kerr-type foundation model 
is used to represent the underlying foundation con-
tinua, thus accounting for the shear coupling be-
tween the individual Winkler-spring components 
through the shear-layer component and determining 
the level of vertical-displacement continuity at the 
boundaries between the loaded and the unloaded soil 
surfaces. The exact displacement interpolation func-
tions are obtained by solving analytically the sixth-
order governing differential equilibrium equation. 
One numerical example is employed to confirm the 
accuracy and efficiency of the proposed beam-
foundation model. 
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1 INTRODUCTION 

Micro- and nano-sized beams are widely employed 
to form micro- and nano-scale mechanical devices 
and systems; such as micro and nano beams, micro-
films, biosensors, atomic force microscopes, nano-
tubes, nanowires, micro/nano electro-mechanical 
systems (M/NEMS). Thorough understanding on 
their behavior and characterization at such very 
small scale is deemed necessary and imposes a 
pressing need to the research community in order to 
fully take advantage of these micro- and nano-sized 
beams on the development of powerful micro- and 
nano-scale mechanical devices and systems. Many 
scientists and engineers have conducted both exper-
imental and analytical researches on beam responses 
at micro- and nano- scales. Unfortunately, experi-
mental work on such small beams is extremely ex-
pensive due to requirement of high precision testing 
equipments and unique testing procedures. Conse-
quently, numerical simulation has been widely em-
ployed as an alternative to characterize the structural 
response at micro- and nano- scales. In general, two 
numerical models, namely: atomistic model and con-
tinuum-mechanics model have been employed to 
study the micro and nano structural systems. The 
former approach provides the most complete data 
but is prohibited by its requirement of extensive 
computational resources. The latter approach simpli-
fies the governing physics of the system but needs to 
be enhanced with the ability to account for the 
small-scale and size-dependent effects.  

This paper presents the beam model on elastic 
substrate medium with inclusion of microstructure 
and surface effects. The modified couple stress theo-
ry proposed by Yang et al. (2002) and the Gurtin-
Murdoch surface theory proposed by Gurtin and 
Murdoch (1975 and 1978) are combined with the 
Euler-Bernoulli beam theory to formulate such a 
beam model. Due to similarity between the current 
problem and the one related to the beam on Winkler-
Pasternak foundation, the beam-Winkler-Pasternak 
foundation model formulated by Alemdar and 
Gulkanɺɺ  (1997) is deployed to perform one numeri-
cal simulation to study the characteristics and behav-
iors of a beam-substrate system with inclusion of 
microstructure and surface effects. 

2 MODIFIED COUPLE-STRESS AND 
ELASTICITY  THEORIES: 1-D FORM 

Figure 1 shows a micro beam on elastic substrate 
medium. The beam has a zero-thickness surface lay-
er perfectly bonded to the beam bulk material. The 
material response of the beam bulk satisfies the 
modified couple-stress theory proposed by Yang et 
al. (2002) while that of the surface layer follows the 
surface elasticity theory proposed by Gurtin and 
Murdoch (1975 and 1978).  
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Figure 1. Micro Beam on Elastic Substrate Medium. 

 
Imposing the sectional kinematics of the Euler-

Bernoulli beam, the non-vanishing components of 
the strain tensor ijε  and the symmetric curvature ten-

sor ijχ  are expressed in terms of the beam transverse 

displacement ( )Bv x  as: 

( ) ( )

( ) ( ) ( )

2

2

2

2
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xx

B
xz zx

v x
x y y

x

v x
x x
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ε

χ χ

∂
= −

∂
∂

= =
∂

 (1) 

Consequently, the non-vanishing components of 
the stress tensor ijσ  and the deviatoric part of the 

couple-stress tensor ijm  are expressed in terms of the 

beam transverse displacement ( )Bv x  as: 
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( ) ( ) ( )2
2

2
B

xz zx

v x
m x m x l

x
µ
∂

= =
∂

 (3) 

with E and ν  being the Young’s modulus and the 
Poisson’s ratio, respectively; l being the material 
length-scale parameter; and µ  being Lamé second 
parameter.  

The Gurtin-Murdoch continuum model (Gurtin 
and Murdoch, 1975 and 1978) is used to include sur-
face effect on the micro- and nano-sized structures,. 
The constitutive relations of the surface proposed by 
Gurtin and Murdoch (1975 and 1978) are written as: 

( )0 0 02 s
xx xxτ τ λ µ ε− = +  and 0

s
nx nxτ τ ε=  (4) 

with 0τ  being the residual surface stress under un-

constrained conditions; 0λ  and 0µ  being surface 

Lamé constants and being obtained via atomistic 
simulations (Miller and Shenoy, 2000); xxτ  and nxτ  

being non-zero membrane stresses in the elastic sur-
face; and s

xxε  and s
nxε  being elastic surface defor-

mations and being defined as (Gao and Mahmoud, 
2014): 

( ) ( ),
, xs

xx

u x y
x y

x
ε

∂
=

∂
 and ( )

( )ys
nx y

u x
x n

x
ε

∂
=

∂
 (5) 

where yn  defines the y-component of the unit out-

ward normal vector to the beam-section lateral sur-
face; and ( ),xu x y  and ( )yu x  represents the dis-

placement components of a generic point along the x 
and y axes. Imposing the Euler-Bernoulli sectional 
kinematics, the displacement components ( ),xu x y  

and ( )yu x  can be written in terms of the beam 

transverse displacement ( )Bv x  as: 

( ) ( )
, B

x

v x
u x y y

x

∂
= −

∂
 and ( ) ( )y Bu x v x=  (6) 

Thus, the non-zero membrane stresses in the elas-
tic surface xxτ  and nxτ  can be written in terms of the 

beam transverse displacement ( )Bv x  as: 

( ) ( ) ( )

( ) ( )

2

0 0 0 2

0

, 2 B
xx

nx y

v x
x y y

x
v x

x n
x

τ τ λ µ

τ τ

∂
− = − +

∂
∂

=
∂

 (7) 

3 GOVERNING EQUATIONS OF BEAM-
SUBSTRATE MODEL WITH INCLUSION OF 
MICROSTRUCTURE AND SURFACE 
EFFECTS 

3.1 Differential equilibrium equation: the virtual 
displacement approach  

The governing differential equilibrium equation and 
force boundary conditions of a micro beam resting 
on elastic substrate medium shown in are derived 
consistently by the virtual displacement principle. 
Interaction between the beam and the surrounding 
substrate media follows the Winkler foundation 
(Winkler 1867). 

The system virtual work expression can be ex-
pressed as: 
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where ( )sD x  defines the elastic-substrate force; 

( )s x∆  represents the elastic-substrate deformation 

and is equal to the beam transverse displacement 

( )Bv x  following the Winkler foundation hypothesis; 

( )yp x  is the transverse distributed load; the vector 

1 2 3 4

T
P P P P=   P  collects shear forces and 

moments acting at element ends; and the vector 

1 2 3 4

T
U U U U=   U  collects their conjugate-

work displacements and rotations.  
With the help of Eqs. (1), (5), and (6), Eq. (8) can be 
expressed as: 
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In Eq. (9), the following sectional-moment con-
tributions and sectional shear force are introduced: 

( ) ( )

( ) ( )

( ) ( )( )
0 0

, ;

;

, ;

xx

xz

xx

xx

A

m xz

A

xx

M x y x y dA

M x m x dA

M x y x y d

σ

τ τ

σ

τ τ−
Γ

= −

=

= − − Γ

∫∫

∫∫

∫�

 (10) 

( ) ( )
nx y nxV x n x dτ τ

Γ

= Γ∫� ; (11) 

where ( )
xx

M xσ , ( )
xzmM x , and ( )

0xx
M xτ τ−  defines 

the sectional moments contributed from the normal 
stress ( ),xx x yσ  on the beam section, the couple 

stress ( )xzm x  on the beam section, and the normal 

surface and residual surface stresses ( )xx xτ , 0τ  

along the beam section perimeter, respectively; and 

( )
nx

V xτ  is the sectional shear force contributed from 

the transverse surface stress ( )y nxn xτ  along the 

beam section perimeter.  
With the help of Eqs. (10) and (11), the virtual 

work expression of Eq. (9) can be rewritten as: 
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with ( ) ( ) ( ) ( )
0xx xz xxmM x M x M x M xσ τ τ−= + +  being 

the total section moment. It is clear from the first 
two terms in Eq. (12) that the total section moment 

( )M x  and the surface shear force ( )
nx

V xτ  are con-

jugate-work pairs of the section curvature 

( ) ( )2 2
0 /Bx v x xκ = ∂ ∂  and the section rotation 

( ) ( ) /Bx v x xγ = ∂ ∂ , respectively. 

Integration by parts is applied twice to the first 
term and once to the second term of Eq. (12), re-
spectively in order to move all differential operators 
to the bending moment ( )M x  and the surface shear 

force ( )
nx

V xτ , resulting hence in the following ex-

pression: 
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It can be concluded from the boundary terms in 
Eq. (13) that the total section shear force ( )V x  is 

not just equal to the first derivative of the beam-
section moment ( )M x  like in the classical Euler-

Bernoulli beam theory but is also contributed from 
the surface shear force ( )

nx
V xτ .  Consequently, the 

total section shear force is expressed as: 

( ) ( ) ( )
nx

M x
V x V x

x τ

∂
= − +

∂
 (14) 

Following the Cartesian sign convention, Eq. (13) 
can be expressed as: 
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Accounting for arbitrariness of ( )Bv xδ , the gov-

erning differential equilibrium equation of the beam-
foundation system is obtained as: 

( ) ( )
( ) ( )
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2
0nx

s y

V xM x
D x p x

x x
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− + − =
∂ ∂

 (16) 

Due to the arbitrariness of δU , the end-boundary 
force conditions are obtained as: 
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It is observed that when compared to the govern-
ing differential equilibrium equation of the beam on 
Winkler-Pasternak foundation as given by Alemdar 
and Gulkanɺɺ  (1997), Eq. (16) and the one derived by 
Alemdar and Gulkanɺɺ  (1997) are the same. Thus, the 
problem of beams on elastic-substrate media with 
inclusion of microstructure and surface effects is 
equivalent to the problem of beams on Winkler-
Pasternak foundation (Pasternak 1954).  

3.2 Compatibility equation 

Due to the similarity between the present problem 
and the problem of beams on Winkler-Pasternak 
foundation, the system compatibility conditions are 
the same as those of beam-Winkler-Pasternak foun-
dation system.     

( ) ( )

( ) ( )

( ) ( )

2

0 2
B

s B

B
s

v x
x

x
x v x

v x
x

x

κ

γ

∂
=

∂
∆ =

∂
=

∂

; (18) 

3.3 Sectional force-deformation relations 

Substituting Eqs. (2), (3), and (7) into Eqs. (10) and 
(11), the sectional constitutive relations are estab-
lished as: 

( ) ( ) ( )0eff
M x EI xκ=  and ( ) ( ) ( )

nx eff
V x GA xτ γ= (19) 

where the effective sectional flexural rigidity ( )
eff

EI  

and the effective sectional shear rigidity ( )
eff

GA  are 

defined as: 

( ) ( )
( )( )

( ) 2
0 0

1
2

1 1 2 Peff

IE
EI I l A

ν
λ µ µ

ν ν
−

= + + +
+ −

 (20) 

( ) 0 Peff
GA Sτ=  (21) 

with 
A

A dA= ∫∫  being the section area; 2

A

I y dA= ∫∫  

being the second moment area; 2
PI y d

Γ

= Γ∫�  being 

the second moment perimeter; and 2
P yS n d

Γ

= Γ∫� . 

The constitutive relation of the elastic-substrate 
spring is: 

( ) ( )s s sD x k x= ∆  (22) 

where sk  is the elastic-substrate modulus. 

Imposing the sectional constitutive relations and 
system compatibility conditions, Eq. (16) can be ex-
pressed in terms of ( )Bv x  as: 

( ) ( ) ( ) ( ) ( ) ( )
4 2

4 2 0B B
s yBeff eff

v x v x
EI GA k v x p x

x x

∂ ∂
− + − =

∂ ∂
(23) 

When compared to the governing differential 
compatibility equation derived by Limkatanyu et al. 
(2014) via the virtual force principle, Eq. (23) and 
the one derived by Limkatanyu et al. (2014) are du-
al. This confirms the duality of the virtual displace-
ment and virtual force principles. 

4 DISPLACEMENT-BASED MODIFIED 
COUPLE-STRESS BEAM-ELASTIC 
SUBSTRATE ELEMENT WITH INCLUSION 
OF SURFACE EFFECT 

Figure 2 shows the configuration of the displace-
ment-based modified couple-stress beam-elastic 
substrate element with inclusion of surface effect. In 
the present model, the displacement interpolation 
functions are superconvergent since they are derived 
from the homogeneous solution to the governing dif-
ferential equilibrium equation of Eq. (23).  
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Figure 2. Two-node displacement-based modified couple-stress 
beam-elastic substrate element with inclusion of surface effect. 

5 NUMERICAL SIMULATION 

A cantilever aluminium beam-elastic substrate sys-
tem is shown in Figure 3 and is used to investigate 
the effects of elastic substrate stiffness ks and mate-
rial length-scale parameter l on the system response. 
In all analysis cases, the beam cross-section shape is 
rectangular with a constant width-to-depth ratio b/h 
of 2 and the beam length L is kept to be 20h. 

 

 
Figure 3. Cantilever aluminium beam on elastic substrate me-
dium.  

 
Effects of the length-scale parameter l on the 

beam-deflection responses with different elastic-
substrate stiffnesses ks are investigated by varying 
the beam depth h as a function of l. Therefore, the 
effective sectional flexural rigidity (IE)eff, effective 
sectional shear rigidity (GA)eff, and beam length L 
are also expressed in terms of the value of l. To re-
flect the substrate-stiffness effect and to normalize 
different values of the applied load P, the following 
two non-dimensional parameters are introduced: 

( )4 /s s eff
k k L IE=  and ( )2 /

eff
P PL IE=  (24) 

In this numerical simulation, the value of the 
normalized load parameter P  is kept to be 1 while 
the normalized elastic-substrate stiffness parameter 

sk  ranges from 0.2 to 10. 

Presents the beam deflection responses with dif-
ferent normalized substrate-stiffness parameters sk  

obtained with the proposed model and the classical 
beam model. The beam depth h is expressed in terms 
of the length-scale parameter l and ranges from l to 
4l. It is clear from that when compared to the classi-
cal beam model, considering the microstructure and 
surface-energy effects consistently results in a stiffer 
beam-elastic substrate system. 

 
(a) 

1sk =1sk =

 
(b) 

5sk = 5sk =

 
(c) 

10sk =10sk =

 
(d) 

 
Figure 4. Normalized beam deflection vs. normalized beam 
distance for various normalized elastic substrate stiffness. 
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Also indicates that the beam deflection responses 
obtained with the proposed model and the classical 
beam model are significantly different when the 
beam depth h approaches the length-scale parameter 
l ( )6.58h l mµ= = . However, this difference in the 

beam deflection responses declines when the beam 
depth gets deeper ( )4 26.32h l mµ= = , particularly 

with a stiff elastic substrate medium. Thus, the mi-
crostructure and surface-energy effects become 
dominant when the beam depth approaches the value 
of the material length-scale parameter, particularly 
with a weak elastic substrate medium. This finding 
is in good agreement with that experimentally ob-
served by McFarland and Colton (2005) andnumeri-
cally observed by Park and Gao (2006) and Gao and 
Mahmoud (2014). 

6 SUMMARY AND CONCLUSIONS 

This paper investigates the micro-scale and surface 
effects on bending responses of micro-sized beams 
on elastic substrate media. The modified couple 
stress theory is employed to represent the micro-
structure effect of the beam bulk while the Gurtin-
Murdoch surface theory is used to consider the sur-
face energy of the surface layer. The interaction 
mechanism between the beam and the surrounding 
substrate medium follows the Winkler foundation 
hypothesis. The virtual displacement principle is 
used to consistently the governing differential equi-
librium equation of the problem and its associated 
force boundary conditions. Sectional force-
deformation relations accounting for the effects of 
microstructure, Poisson’s ratio, and surface energy 
are proposed. One numerical simulation shows that 
considering the microstructure and surface-energy 
effects consistently leads to a stiffer beam-elastic 
substrate system in the same way as increasing the 
beam flexural rigidity when compared to the classi-
cal beam model. The beam deflection responses ob-
tained with the proposed model and the classical 

beam model are significantly different when the 
beam depth h  approaches the length-scale parame-
ter l  ( )6.58h l mµ= = . However, this difference in 

the beam deflection responses declines when the 
beam depth gets larger ( )4 26.32h l mµ= = , particu-

larly with a stiff elastic substrate medium. 
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1 INTRODUCTION 

In China, there were 96200 km highways (end of 
2012), ranking first in the world. Subgrade is 
required to be stable enough to provide a reliable 
bearing capacity during operation time. Defect of 
subgrade usually leads to pavement damages, 
especially for high subgrades, soft soil subgrades, 
and seasonal frozen soil subgrades. The type of 
defects were non-homogenous settlement, crack, 
hollow under pavement, subgrade cavities and so on. 
It may even cause serious safety problem, so a fast 
and effective detection and evaluation method to 
defect investigation is very important. Now real-time 
monitoring and GPR is considered as a significant 
method in detecting unequal settlement defects, 
including soil freezing, soil loosing, and soil 
disengaging (Malhotra and Carino 1991, Shaw et al. 
2005).  

Recently the elastic-wave based techniques are 
paid great attentions in nondestructive testing (NDT) 
technologies for civil engineering. In 1991, the 
impact-echo method, which transforms the time-
domain signal into the frequency domain, then 
searches for the resonance frequency, to detect the 
defects inside a specimen (Malhotra, and Carino, 
1991). In detection of concrete, elastic-wave-based 

imaging method is used to display the tip of surface-
breaking cracks (Chang, et al. 2001, Tong, et al. 
2007). The point-source/ point-receiver scheme is 
especially suitable for the inspection of on-site civil 
infrastructures. In 2008, Che et al., Feng et al. (Che, 
et al. 2011, Feng, et al. 2013) and Liu et al. (Liu et 
al. 2013) proposed an elastic-wave imaging method 
to investigate the grouting construction of the 
immersed tube tunnel. It could be a practical and 
effective NDT method for defect inspection on civil 
infrastructures. However, these studies also focus 
the one-direction.  The image quality can be 
affected by reflection of boundaries as the 
boundaries of inspection structure belong to a 
limited inspection. Therefore, more signals are 
captured by multi-direction and used to obtain more 
information under the structures. In this paper, a 3D 
model is build and finite element method is 
employed to analysis the propagation characteristic 
of elastic wave in the numerical model. And in the 
field test a full scale model that has been built with 
the materials and construction in accord with the real 
highway. The results from the finite element 
analyses are compared with actual measurements in 
predominant frequency could be used as the basis 
for detection.  

 

Full Wavefield Imaging Detection Method and Its Application on Defect 
Investigation of Highway Embankment 

P. F. Zhong, A. L. Che & S. K. Feng 
Shanghai Jiao Tong University, Shanghai, China 

 

 

 
 

 
 

 ABSTRACT: A full-wavefield imaging detection method is developed and then applied to reveal the defects 
in the highway embankment. This testing system integrates the point- source/point-receiver scheme with the 
multi-directional imaging technique to achieve the effect like scanning. It is equipped with an impacting 
hammer, a series of three-component velocity transducers and a signal capturing unit. To evaluate the 
feasibility of this system for detecting defect of highway embankment, a full-scaled highway embankment 
model test with pre-setting defection is conducted. And a 3-D numerical simulation using FEM are performed 
for comparison and mechanism study. It is paid special attention on the propagation characteristics of full 
wave field in the model. The characteristics of spectral characteristics derived from Fourier transform are 
analyzed. Experimental results show agreement with the numerical ones on the processed scanning images. It 
is concluded that the full-wavefield imaging detection method exhibits high potential in inspecting the defects 
of highway embankment by imaging. 

International Conference on Advances in Suranaree University of Technology 
Civil Engineering for Sustainable Development 27-29 August 2014 
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2 PRINCIPLE OF FULL WAVE-FIELD 
IMAGING METHOD 

To match the present NDT measuring scheme in 
civil engineering, the measurement of full-wavefield 
imaging detection method is completed with a point-
source/point-receiver set with certain space. As 
shown in Figure 1, a series of impact-and-receive 
operations is performed on the free surface of the 
model. Let Si and Ri represent the locations of a set 
of the source and receiver for the i-th measurement. 
Furthermore let Ti(t) be the response signal recorded 
at Ri for this measurement. The domain of Ti(t) is 
then divided into three directions. And then the 
spectrum characteristic of Ti(t) can be obtained by 
FFT analysis in three directions. 

 

 
 
Figure 1. Schematic showing the implementation of impact-
and-receive operations. 

 
As we know, in semi-infinite space a localized 

disturbance on the surface of elastic medium should 
occur oscillation (Miller, and Pursey, 1955). 
Loading from any surface point, the type of 
wavefield, displacement mode, propagation 
direction and amplitude can be described as Figure 
2. Longitudinal waves (P) and shear waves 
(S=SH+SV) propagate radially outward along the 
radial direction of hemispherical centered the 
exciting point. And the wave surface of the Rayleigh 
wave (R) is a cylindrical surface centered the 
exciting point as column center. Rayleigh wave (R) 
consists of horizontal and vertical components, 
which composited an elliptical trajectory. Its 
amplitude is rapidly decreased with depth both of 
the vertical and horizontal components. When the 
medium is layered structure, another surface waves 
will produce in the media surface, called Love wave 
(L). The propagation direction of the Love wave is 
perpendicular to the wave propagation and parallel 
to the surface of the medium. When the materials of 
the medium are different, there will be occurred 
reflection and refraction. The response is rather 
complicated due to consist of P-wave, S-wave and 
surface waves as well as converted waves, as shown 
in Figure 2.  

 

 
 
Figure 2. Propagation of elastic wave in semi-infinite space. 

3 NUMERICAL SIMULATION OF THE FULL-
WAVEFIELD PROPAGATION IN 3D 
HIGHWAY EMBANKMENT MODEL 

3.1 Numerical model and parameters 

To clarify the full-wavefield propagation, a three-
dimensional finite element model of highway 
embankment model with defection is simulated, as 
shown in Figure 3. The model consists of three parts, 
pavement in the top of the model with 0.25 m depth 
and concrete material and below the pavement there 
is embankment of the highway with compacting soil. 
The defect area measures 0.5×0.5×0.15 m3 and is 
filled by some other soft material. This area is in the 
middle of the embankment just blow the pavement. 
The model is divided by hexahedron elements whose 
minimum size is 0.1m in both width and height, as 
shown in Figure 3(a). It consists of 125,168 
elements and 141,948 nodes. The bottom boundary 
of model is connected with infinite regions in order 
to absorb P-wave and S-waves. 

The material parameters are chosen from the 
conditions related to reality. All of the material 
parameters are listed in Table 1, where ρ is the 
density of material, E is the modulus and µ is the 
poisson’s ratio. Figure 4 shows the wave form and 
spectral characteristic of the source. The excitation 
of elastic wave is conducted by continuous dynamic 
loads containing the time of 0.024 seconds. The 
frequency of source is in range from 0 kHz to 10 
kHz and the predominant frequency is about 1500 
Hz. 
Table 1. Material parameters. 

Layer 
ρ 

/(kg/m3) 
E 

/GPa 
µ 

Pavement 2400 34.5 0.2 
Local defect area 1100 0.001 0.45 

Subgrade 2300 25 0.25 
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(a) Geometry and mesh 

 

 
(b) Layout of survey lines 

Figure 3. 3D FEM model and layout of survey lines. 
 

 
(a) Time-history  

 
(a) Spectral characteristic 

 
Figure 4. Waveform and spectral characteristic of the source. 

 

3.2 Full-wavefield propagation characteristics 

A series of impact-and-receive operations are 
performed on the top surface of the model as shown 
in Figure 3(b). The response signals of the velocity 
recorded by the nearby receiver on the surface are 
obtained for further process. Inputting the vibration 
source on the surface in the center of the model, and 
the dynamic response can be obtained. Figure 5 
shows distribution of horizontal and vertical velocity 
of the model at the time 0.00077 s, where the color 
changed by amplitude. It shows the propagation path 
change with the different directions. The spectrum 
characteristics are obtained by FFT analysis, as 
shown in Figure 6. The spectrum is predominant at 
1600 Hz in the three directions, and the 
corresponding predominant amplitude is different, 
which is largest in the z direction, and the next is in 
the y direction. The spectrum characteristic is shown 
predominant at defect location in the three 
directions. It can be considered that the SH wave 
and the Rayleigh waves reflect from the boundaries 
between the defect and the concrete. 

 

 
(a)  x direction 

 
(b)  y direction 

 
(c)  z direction 

Figure 5. Distributions of horizontal and vertical velocity. 
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 (a) x direction 

 

 
(b) y direction 

 
 (c) z direction 

Figure 6. Spectrum characteristic of Line-1. 
 

To discuss the influence of epicenter location, the 
predominant amplitude of the spectrum of Line-1 
and Line-4 is placed in upward order along the 
measurement lines, as shown in Figure 7, where the 
input of Line-1 locate at defect area, and input of 
Line-4 without defect. It can be observed that the 
amplification of predominant spectrum increases 
around the defect area in the three directions. The 
increasing magnification and area are largest in x 
direction. In y direction, the increasing area is 
smallest. Anyway, it can be concluded that the 
sensitivity of defect from impact is great lager than 
the receiver. 

Using the predominant amplitude of the spectrum 
and image processing technique, a scan-like image 
can be obtained as shown in Figure 8. In these 
figures, a red bright area in the center indicates that 
there exists a defect in x, y and z directions. From the 
figures, the location of the defect can be observed. It 
can be seen that in y direction the defect may be 
presented in a more evident and accurate way. 

 

 
(a) x direction 

 
(b) y direction 

 
(c) z direction 

Figure 7. Distribution of predominant amplitude of spectrum. 

4 MODEL TEST OF HIGHWAY 
EMBANKMENT 

4.1 Test introduction and Data acquisition 

To evaluate the feasibility of the observation system, 
we carried out a model experiment located at 
Zhengzhou University, China. The model is built 
with the materials and method according to the real 
highway as shown in Figure 9. It consists of three 
parts, the first layer is pavement with 0.25 m depth 
and concrete, and the second layer is embankment of 
the highway with compacting soil. Among them, a 
defect area, which measures 0.5×0.5×0.15 m3 with 
saturated soil, is set up. There is a coupling layer 
between the pavement and embankment, which 
made of clay with 2 cm depth. 
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(a) x direction 

 
(b) y direction 

 
(c) z direction 

Figure 8. Distribution of predominant amplitude of spectrum. 

 

4.2 Data acquisition and analysis 

The experiment is then carried out with a series of 
impact-and-receive operations on the top surface of 
the concrete plate. The diagram of the velocity 
waves recorded when the concrete plate is impacted 
by a hammer. The spectrum characteristics are 
obtained by FFT analysis, as shown in Figure 11. 
The spectrum characteristic is shown predominant at 
defect location in the three directions. It can be 
considered that the SH wave and the Rayleigh waves 
reflect from the boundaries between the defect and 
the concrete. 

 
 

 
 (a) Experimental model 

 
 (b) Structure of highway 

Figure 9. Field test model and its structure 
 
This testing system is equipped with an impacting 

hammer, a series of three-component velocity 
transducers and a signal capturing unit. Digital 
seismograph (Geode) with 24-channel (Ch) and 24-
bit A/D conversion is used as the data acquisition 
system. The 3-component geophones with 2-
horizontal and 1-vertical direction on the pavement 
together with a suit of coupling device are used for 
receiving the ground response excited by a 0.454 kg 
rubber hammer. Figure 10 shows the details of the 
layout of survey line on the pavement. The distance 
between the impacting source and the receiver is 
always set to be 20 cm and the distance to move 
from the current impacting point to the next one is 
30 cm. The first measurement is made at 30 cm from 
the side surface of the plate. Each line is arranged by 
a total of 8 survey points. 
 

 
 
Figure 10. Layout of survey lines. 
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(a) x direction 

 
(b) y direction 

 
(c) z direction 

Figure 11. Spectrum characteristic of Line-4. 
 

Using the predominant amplitude of the spectrum 
and image processing technique, a scan-like image 
can be obtained as shown in Figure 12. It can be 
seen that a red bright zone appears at the place of the 
defect in x, y and z directions. It can be considered 
that this method can provide good results to identify 
the number of the defects and their locations, sizes. 
The experimental result shows good agreement with 
numerical simulation result presented previously. 

5 CONCLUSIONS 

A well developed instrument is essential for a new 
NDT method when it is applied to in-situ highway 
embankment. The integrating point-source/point-
receiver scheme with full-wavefield for defects 
imaging is developed. The image can expose the 
defect location in the highway embankment 
immediately after a series of impact-and-receive 
operations. The experimental result inspected by this 
system shows very good agreement with the result 
simulated by FEM method. The location and size of 
the defect can be clearly identified from the image. 
It shows great potential of this full-wavefield 
imaging detection method on detecting the defects in 
in-situ highway embankment. 

 

 
(a) x direction 

 
(b) y direction 

 
(c) z direction 

Figure 13. Distribution of predominant amplitude of spectrum. 
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1 INTRODUCTION 

In the design calculation, the effective prestress 
forces per strand must be estimated in order to select 
the adequate number of strands required.  If the ef-
fective forces per strand are overestimated, the ten-
sile stresses may exceed the deisgn allowable stress-
es.  If the effective forces per strand are 
underestimated, the excessive prestress may cause 
over-shorten or over camber of the members. 

In order to calculate the effective prestress forces, 
the prestress losses must be correctly estimated.  The 
prestress losses can be divided in to two types: (1) 
immediate losses and (2) long-term losses.  The im-
mediate losses occur immediately during the jacking 
including friction, concrete shortening and anchor-
age slip losses.  The Long-term losses occur after the 
jacking process including strand relaxation, concrete 
creep and shrinkage.  The friction loss occurs along 
the entire length of the strand during the jacking 
process therefore the effective force in the strand 
varies along the length.  In the popular design codes 
such as ACI318-11 and BS8110-1997, the friction 
loss is separated into two parts: the friction by wob-
ble and the friction by curvature.  The wobble fric-
tion caused by the out of straightness of the strand 
from the layout in horizontal direction and by sag-
ging of the strand between supports in vertical direc-

tion (see Figure 1)  The curvature friction caused by 
the action of tensile force in the strand forcing the 
strand to push against the inner side wall of the 
curvy conduit.  This type of friction depends on the 
amount of angle bends of the conduit.  The friction 
loss can be estimated from equation (1) below. 

 
Figure 1. Vertical wobble due to sagging. 

 
( )Kx x

x jP P e µα− +=  (1) 
 
where 

 

xP  is the prestress force at distance x from the jack-

ing end. 
Pi  is the prestress force at the jacking end. 

K  is the wobble friction coefficient per unit length. 

A New Simple Method for Post-tension Strands Friction Coefficient 
Measurement 

C. Suchinda 
Sripatum University, Bangkok, Thailand 

 

 
 

 

 
 

 
ABSTRACT: This article describes a new simple method of measuring the friction coefficients and their val-
ues from construction sites in Thailand.  The friction coefficients between prestressing strands and their con-
duits are related to both wobble and curvature.  The method requires both measured jacking force and elonga-
tion of each strand so the average tensile force along the entire length can be determined from non-linear 
stress-strain relationship.  Then, the total length and total curvature of each strand were calculated from shop 
drawing to simulate the friction calculation in the design process.  The determined friction coefficients will 
include the effect due to misplace of the conduit layouts from shop drawings.  From the experimental meas-
urement of 624 bonded system strands with spiral galvanized metal sheet conduits in post-tensioned slabs 
structures from two construction sites with two different post-tensioned sub-contractors, the wobble coeffi-
cient is 0.0035 per foot and the curvature coefficient is 0.536 per radian for sub-contractor 1 and the wobble 
coefficient is 0.0040 per foot and the curvature coefficient is 0.578 per radian for sub-contractor 2.  The fric-
tion coefficients significantly differ than those recommended by ACI318-11 and BS8110-1997 standards. 
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µ  is the curvature friction coefficient per unit angle 
in radian. 

x  is the distance from the jacking end 
α� is the accumulated angle changes in radian at x 

 distance from the jacking end  
For any parabola profile as shown in Figure 2, the 

angle change � in radian can be calculated as follow 
 

2

m
y ≅  

 
When  α is a very small angle change for a parabola 

profile, 
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2 2 / 2 / 2
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α α
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Figure 2. Angle change in parabolic profile. 
 
For the strand profile composed of several parab-

olas the total angle shall be the sum of α�′s.   
The values of the wobble friction coefficient K 

and curvature friction coefficient μ depend on the 
material of strands, conduit and the work quality of 
laying the conduit.  ACI318-11 gives the values of 
both friction coefficients in Table 1 below. 

 
Table 1. Friction coefficient given by ACI318-11. 

    
Wobble coef-
ficient K,  per 

foot 

Curvature co-
efficient μ, 
per radian 

G
ro

u
te

d
 te

nd
o

n
s 

in
 

m
et

al
 s

h
ea

th
in

g Wire tendons 0.0010-0.0015 0.15-0.25 

High-strength 
bars 

0.0001-0.0006 0.08-0.30 

7-wire strands 0.0005-0.0020 0.15-0.25 

U
n

b
o

u
nd

ed
 T

en
d

on
 

M
as

tic
 c

o
at

ed 

Wire tendons 0.0010-0.0020 0.05-0.15 

7-wire strands 0.0010-0.0020 0.05-0.15 

P
re

-g
re

as
ed

 

Wire tendons 0.0003-0.0020 0.05-0.15 

7-wire strands 0.0003-0.0020 0.05-0.15 

 

BS8110-1997 also recommended the values for 
friction coefficients are described in Table 2.   

Table 2. Friction coefficient given by BS8110-1997 

Strong rigid sheaths or duct formers K=0.00033 

closely supported so that they are not dis-
placed during the concreting operation 

K=0.00017 

Greased strands running in plastic sleeves K=0.00025 

Lightly-rusted strand running on unlined 
concrete duct 

μ=0.55 

Lightly-rusted strand running on lightly-
rusted steel duct 

μ=0.30 

Lightly-rusted strand running on galvanized 
duct 

μ=0.25 

Bright strand running on galvanized duct μ=0.20 

Greased strand running on plastic sleeve μ=0.12 

 
Both ACI318-11 and BS8110-1997 clearly stated 

that the values of friction coefficients are given as a 
guideline for better estimation of the friction in the 
strands, a method of determining these friction coef-
ficients must be conducted by suitable tests. 

Because of the material, workmanship and way of 
practice in Thailand may or may not different from 
USA and British, using the friction coefficients rec-
ommended by these or the other standards may not 
correctly estimate the effective prestress forces.    
However, the determination of these friction coeffi-
cients does not come easily for post-tensioning sys-
tems.  First, two sets on prestressing strands must be 
pre-embeded in the concrete.  Set 1 need to have no 
profile therefore there is no intended curvature in the 
conduits as shown in Figure 3(a). 

 

(a)  

(b) 
 

Figure 3. Pre-embedded strands for friction coefficient meas-
urements. 

(a)  Strands without profiles 
(b) Strands with profiles 

F
jacking

 

 

Load 

Cell 

F
dead 

end
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From straight profile strands, the wobble friction 

coefficient K  can be solved from the data collected 
from no profile strands in equation (2) 

 

( )Klpdead end

jacking no profile

P
e

P

− 
=  

 
     (2) 

 
where 

dead endP  is the prestress force of the no profile. 

strand measured from the load cell at the dead end. 

jackingP  is the prestress force of the no profile 

strand measured from the load cell at the jacking 
end. 

pl  is the length in horizontal direction of the no 

profile strand. 
After the wobble friction coefficient K is known, 

finally the curvature friction coefficient 	μ can be 
solved from the data collected from set 2 profile 
strands as shown in Figure 2(b) by substitute the K 
value from equation (2) into equation (3). 

 

( )Kl µαpdead end

jacking profile

P
e

P

− + 
=  

 
     (3) 

where 

pdP  is the prestress force of the profile strand meas-

ured from the load cell at the dead end, 

pjP  is the prestress force of the profile strand meas-

ured from the load cell at the jacking end, 
� is the total angle changes in vertical direction of 
the profile strand. 

The method described above has limitations.  
First, a group of no profile and profile strands must 
be pre-embedded in the structure before the meas-
urements.  Second, during the jacking process, the 
load cell must be attached to the dead end of the 
strand.  The new simple method presented in this 
paper requires no pre-embedded strands in the struc-
ture, no force measurement at the strand dead end.  
This method only requires the data regularly collect 
during the jacking process.  Therefore, there are 
plenty existing of data available for analyses.  

2 RESEARCH METHOLOGY 

This new simple method mainly depends on the 
elongation measured during the jacking process.  
Using stress-strain relationship of the prestressing 
strands as shown in Figure 4, 

 
 

 

 
Figure 4. Stress-strain relationship used for calculating 
prstressing force from elongation. 

 
record the jacking force jackingP  and elongation ps∆  

for each strand. The post tensioning subcontractor 
typically attempts to jack the strands at 75.8, 77.5 
and 80% so that the measured elongations are within 
±5% of the calculated elongation. 

1. For each strand, calculate total horizontal length 

pl  and total angle changes �� from shop drawing. 

2. For each strand, calculate strain ps
p

pl
ε =

∆
 

3. For each strand, using stress-strain relation ship 
given by equation (4), calculate the average stress 
for the entire length psf  

 

( ){ }
1

1
ps ps pu

D D

ps

B
f A f

C

ε

ε

 
 
 = + ≤
 

+ 
 

     (4) 

 

For 270 ksi strands / 0.9py puf f = , A = 887, B = 

27,613, C = 112.4 and D = 7,360. 
4. For each strand, calculate average force avgP  for 

the entire length. 
5. For each strand, back calculate  dead endP  from 

 

2
jacking dead end

avg

P P
P

+
=     or 

  2dead end avg dead endP P P= −  

6. Convert equation (3) from the non-linear rela-
tionship to linear relationship as equation (5) 

( )dead end
p

jacking

P
ln Kl µα

P

 
= − +  

 
 (5) 
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7. Using multiple linear regressions forcing the in-

terception to be zero, treat dead end

jacking

P
ln

P

 
  
 

as a depend-

ent variable, pl and pα  as independent variables, 

finding constants wobble friction coefficients =	� 
and curvature friction coefficients =	.  

3 RESULTS 

From the multiple regression analysis of the data 
corrected from two project: (1) 4 story hotel building 
at Hua Hin (sub-contractor 1) and (2) 4 story factory 
employee residence building at Bangna Trat km. 25 
(sub-contractor 2), yields the wobble and curvature 
friction coefficients shown in Table 3 below.  
 
Table 3. Friction coefficients recommended by ACI318-11. 

Buildings 
Friction Coefficients 

R2 Wobble  
(ft-1) 

Curvature 
(rad-1) 

Four story ho-
tel building at 
Hua Hin (sub-
contractor 1) 

0.0034 0.536 0.829 

Four story fac-
tory employee 

residence 
building at 

Bangna Trat 
km. 25 (sub-
contractor 2) 

0.0040 0.578 0.975 

ACI318-11 0.0005 -0.0020  0.15 -0.25   
BS8110-1997 0.00010 0.25  

4 DUSCUSSIONS, CONCLUSION, 
SUGGESTIONS  

1. Based on the analysis, the coefficients from 
the construction sites. (1) Four story hotel building 
on Hua Hin Soi 10 has the wobble friction coeffi-

cient 0.0035 per feet and the curvature friction 0.536 
per rad (2) Four story factory housing for workers at 
Bangna-Trad km. 25 has wobble friction coefficient 
0.0040 per foot and curvature friction coefficient 
0.518 per radian. 

2. Comparing the friction coefficients between 
these construction sites, they have similar values. 
The wobble friction coefficients differ by 16.2 % 
and The curvature friction coefficients differ by 
7.5%. 

3. Comparing the friction coefficients of with the 
values suggested in standard ACI318-11 ( grouted 
tendons in metal sheathing: 7-wire strands) The 
wobble friction coefficient is ranged  from 0.0005 to 
0.0020 per foot and the curvature friction coefficient 
is ranged from 0.15 to 0.25 per radian.  BS8100-
1997 recommended wobble friction coefficient is 
0.00010 and curvature friction coefficient is 0.25.  
The measured friction coefficients from theses pro-
jects are higher than both the maximum recom-
mended by ACI318-11 and BS8110-1997. 
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1 INTRODUCTION 

The electricity consumption in Thailand is raised to 
4.2 percent of yearly due to growing up the GDP of 
the country (Ministry of Energy, 2011) based on 
electricity using for economic development which 
major produce from natural gas that will empty next 
to 21 years (Ministry of Energy, 2012). Most of 
coal for the electricity production in Thailand that 
from Mae Moh coal field, which located in the Mae 
Moh District of Lampang Province between 18° 18’ 
21” north latitude and 99° 44’ 02” east longitude 
(Ratanasthien et al. 2008). There are about 814 mil-
lion tons of economical reserve and 484 million 
tons of lignite remaining (EGAT, 2010). The Mae 
Moh coal quality is classified as a low lignite (not 
only low rank but also low quality). This coal is 
suitable only for feeding coal-fired power plants due 
to a high ash and sulfur content. The proximate 
analysis of Mae Moh coal varies: moisture 15-33%, 
ash 11-34%, volatile matter 18-40%, and fixed car-
bon 6-36% (Ratanasthien et al. 2008).  

 Generally, the high sulfur and high heavy metals 
of Mae Moh coals are unsuitable for an efficient use 
in the combustion of power plant. The combustion 
of high sulfur coal produces high sulfur oxides, hy-
drogen sulfide and toxic gas, which leads to acid 
rain and corrosion metallic equipment. Sulfur in 
coal occurs in the forms of organic and inorganic 
substances. Disulfides (mainly pyrite and marcasite) 
and sulfate (mainly calcium, iron and barium) are 
form of the inorganic sulfur. The organic form, 
which is bound directly to the organic coal matrix, 
generally occurs in the forms of thiols, sulfides, di-
sulfides, thiophenes and cyclic sulfides. The heavy 
metals in coal are As, Co, V, and so on, which is a 
produce toxic after combustion and rain washing 
while storing. These heavy metal elements can con-
taminant in water and soil, which lead to a pollution 
and a poor health of communities around the power 
plant. Therefore, the electricity production from the 
Mae Moh coal combustion is very important and 
must be upgraded for highly efficient use.  

Investigation into the Reduction of Sulfur and Heavy Metal from the 
Mae Moh Coal Field by Chemical Treatment 

P. Khamhom & B. Terakulsatit 
Suranaree University of Technology, Nakhon Ratchasima, Thailand 

ABSTRACT: : Mae Moh coal field is the largest coal field in Thailand, which has the coal is suitable for use 
in a power plant for electricity production. The quality of Mae Moh coal is the high sulfur and heavy metal 
contents impose severe limitations on its utilization as the sulfur oxide gases and toxic elements evolved from 
the combustion resulting in acid rains, environment pollution and corrosion of equipment. In this study has 
the objective of investigating the effects of HF, HNO3, HCl, KOH and NaOH solutions on the desulfurization 
and heavy metals removal from the high sulfur of Mae Moh coal. Result of leaching sulfur content, the reduc-
tion of sulfur content is about 20% in KOH and 4% in NaOH. Moisture content can be reduced 41% in NaOH 
and 31% in KOH. Volatile content increases 6% in KOH and 7% in NaOH and carbon content also increase 
7% in NaOH. The acid leaching solution cannot reduce the sulfur content, but it can increase a fixed carbon 
about 31.7% in HF and 16.1% in HCl. Moisture content can be reduced range from 40 to 45% in acids. Result 
of leaching heavy metal content, Hydrofluoric acid can reduce arsenic nearly 100%, 49% of cobalt, and 11% 
of lead contents. Nitric acid can reduce 52% of arsenic, 9% of cobalt, and 13% of vanadium contents. Hydro-
chloric acid can reduce 91% of cobalt and 48% of vanadium contents. In the base solution has a little change 
of the heavy metal contents in coal but KOH can increases HHV about 17.16%. In conclusion of this investi-
gation, the variation of sulfur content dominantly relates to the gypsum content. The sodium hydroxide is a 
high efficiency for the sulfur reduction and also increases the quality of coal. The trace elements are major as-
sociated with pyrite, kaolinite and illite contents. The acid solution is suitable for reducing the heavy metal 
content in coal. The hydrofluoric acid is a high performance for a heavy metal reduction and also increases 
the high quality of coal. 
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 Various methods of coal desulfurization are cur-
rently in use in many processing of combustion that 
are pre-combustion, combustion and post-
combustion. Moreover, the reduction of sulfur and 
heavy metal elements are also in use: physical, 
chemical and biological, which the chemical meth-
od is used for this investigation for reducing the sul-
fur and heavy metal elements in coal. A variety of 
chemicals include an acid such as HF, HNO3, HCl 
and others, and a base such as NaOH, KOH and 
others. These chemicals are effective in the removal 
of sulfur, mineral matters, and heavy metals in coal 
(Karen et al. 2000 and 2002; Kaushik et al. 1988; 
Mukherjee and Borthakur 2002; Reggel et al. 1973; 
Robert 1996; Sharma and Sanjay, 1988; and Yang 
et al. 1984). The yield of removal of sulfur, mineral 
matters, and heavy metals depend on the potential 
of each chemical, and also include the structure and 
composition in coal (Mukherjee and Borthakur, 
2002). 

2 EXPERIMENTAL 

2.1 Materials 

The coal samples which from Q coal seam are di-
vided into Q1 to Q4 were collected from Mae Moh 
coal field. The samples were dried air for few days 
and ground reduces size down. 

2.2 Procedure 

The dried coal sample was determined the quality of 
coal by the proximate and ultimate analyses) before 
treating with the chemical (Table 1). Fifty grams of 
the ground coal samples were taken into beakers. 
Fifty milliliters of HF, HNO3, HCl, NaOH, and 
KOH solutions of 1M were added to coal samples 
in different beakers. All experiments were done at 
room temperature and 24 hours of retention time. 
The reaction mixtures were filtered and the residue 
left was washed with deionized water. The coal res-
idues were dried for 24 hours at 35 ๐C and ground to 
pass through 75 µm fineness before were deter-
mined by using standard methods which major ele-
ments were analyzed by XRF of Holiba (model 
XGT 5200), mineral content were analyzed by XRD 
of Bruker (D2 Phaser), proximate analysis were 
tested by moisture, volatile, and ash analyzer of 
Leco (TGA 701), ultimate analysis were tested by 
Leco (model CHNS 628), and trace elements were 
analyzed by ICP-OES of Perkin Elmer Optima 
8000. 

3 RESULTS AND DISCUSSION 

The effects of the different chemicals on removal of 
sulfur and heavy metals in coal samples are present-
ed in Tables 2 and in Figure 1 – 2, respectively. 

3.1 Leaching of sulfur content 

The comparison of the effectiveness of different 
chemicals on sulfur reduction of coal samples 
shows that solution of NaOH have highest perfor-
mance for reducing sulfur 20%, 4% in aqueous of 
KOH and unvaried in acid solutions.  
 Increasing of carbon content (Figure 1)in all 
chemicals, which highest in NaOH increase carbon 
content 7.47% and 2.3 to 6.5% in acids, the acid 
types show lower increasing of carbon content low-
est in HNO3 has yield about 2.3%. The results of 
low carbon increment in acid solution which is the 
effect of reaction between acid and carbon matrix 
(Mukherjee and Borthakur, 2002). 
 Gypsum reduction in coal has highest reduced 
about 90% in aqueous of base and 60 to 76% in 
aqueous of acids results of the highest of extent of 
gypsum reduction in base solutions conform to the 
results of sulfur reduction in coal, while the reduc-
tion of sulfur content in acid solution almost from 
organic matter which can observed from reduction 
of volatile which has high in acid. 

3.2 Leaching of trace elements 

There are eight elements were measured in this 
study such as arsenic, chromium, cobalt, copper, 
molybdenum, zinc, vanadium, and lead. Figure. 2 
shows, HF can reduce cobalt and lead, which are 
reduced 50 and 10% respectively. HNO3 can reduce 
arsenic about 52% and 13% of cobalt. HCl can ex-
tract cobalt highest 90% and vanadium extracted 
48%. Heavy metals in coal were not extracted by 
solution of both bases which the results of the po-
tential of reaction between chemical and elements in 
coal and other heavy metals have a little change in 
these chemicals. 

 
Table 1.  Analysis of coal samples. 

Analysis methods Q1 Q2 Q3 Q4 Qavg 

Proximate analysis      

    Moisture 23.05 18.29 15.92 23.28 20.13 

    Ash 31.14 31.62 40.75 28.23 32.93 

    Volatile matter 31.10 30.03 27.54 37.79 31.61 

    Fixed carbon 14.70 20.06 15.79 10.70 15.31 

Ultimate analysis      

    Carbon 27.54 30.88 25.02 32.48 28.98 

    Hydrogen 4.58 4.37 3.82 4.66 4.36 

    Sulfur 5.98 6.60 5.77 3.04 5.34 

    Nitrogen 1.02 1.02 0.85 0.96 0.96 

    Oxygen (by difference) 60.88 42.87 35.46 41.14 45.09 

    Calorific value (MJ/kg) 10.91 12.55 10.03 12.26 11.44 

Trace element analysis      

    Arsenic (As) 51.83 - - - - 

    Cobalt (Co) 4.39 - - - - 

    Vanadium (V) 31.3 - - - - 

    Lead (Pb) 5.18 - - - - 
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Figure 1. The effectiveness of sulfur reduction, and carbon in-
crement using chemical treatment analyzed by ultimate analy-
sis. 
 

 
Figure 2. The effectiveness of sulfur reduction, and carbon in-
crement using chemical treatment analyzed by ultimate analy-
sis. 

 The results of this analysis can be concluded that 
arsenic can be reduced highest I n HF and the re-
maining of arsenic has not over soil quality standard 
(Pollution Control Department, 2012), and followed 
by HNO3 and HCl respectively. Cobalt can be re-
duced highest in aqueous of HNO3, in contrast 
KOH and NaOH did not have effect with heavy 
metals in coal samples.  
 Most of trace elements in coal are major associat-
ed with pyrite, kaolinite and illite (Robert, 1996). In 
the Figure. 2 shows the highest effectiveness of HF 
for evidently extract As, Co, V and Pb and highest 
reduce of Co in HCl solution because HF and HCl 
have high potential to react with clay minerals like 
kaolinite and illite so that the effect on yield of 
heavy metal reduction (Economides and Nolte, 
2000) 
 The effectiveness of coal quality after treatment 
was determined by proximate analysis, which is 
shown in Table 2. Moisture content is major from 
gypsum and clay minerals. The potential of chemi-
cals affects on extent of mineral reduction as gyp-
sum and clay minerals, which affects directly on ex-
tent of moisture reduction. 
 Hydrofluoric acid has the highest extent of mois-
ture reduction 45.26%, and has highest extent of 
fixed carbon increment about 31.71%. Hydrochloric 
can reduce 40.39% of moisture content and increase 
16.11% of fixed carbon. Nitric acid has an extent of 

moisture content reduction 42.18%. Sodium hy-
droxide can reduce moisture content to 41.13% and 
increase fixed carbon less than 1%. Potassium hy-
droxide has affected on reduction of moisture con-
tent about 31.05% and also increases heating value 
about 17.16% as shown in Table 3. 

 
Table 2.  Analysis of coal samples after treated by chemical 
treatment. 

Analysis methods Origi-

nal 
HF HNO3 HCl NaOH KOH 

Proximate analysis        

    Moisture 20.13 11.02 11.64 12.00 11.85 13.88 

    Ash 32.93 36.29 37.39 36.03 38.96 40.96 

    Volatile matter 31.61 30.36 35.87 33.73 33.83 33.44 

    Fixed carbon 15.31 22.42 15.12 18.25 15.37 11.73 

Ultimate analysis        

    Carbon 28.98 30.44 29.66 31.01 31.32 28.89 

    Hydrogen 4.36 1.09 1.72 1.07 1.14 4.59 

    Sulfur 5.34 9.12 6.53 5.91 5.12 4.27 

    Nitrogen 0.96 3.63 3.64 3.84 3.79 3.62 

    Oxygen  45.09 55.72 58.45 58.16 58.64 58.63 

    HHV (MJ/kg) 11.44 8.65 8.75 8.00 8.58 12.95 

Trace element  Q1      

    Arsenic (As) 51.83 - 24.45 80.25 51.00 84.46 

    Cobalt (Co) 4.39 2.20 3.98 0.40 6.18 6.37 

    Vanadium (V) 31.3 55.93 27.24 16.13 38.84 36.65 

    Lead (Pb) 5.18 4.59 5.17 5.77 5.38 6.77 

Gypsum from XRD 

(wt.%) 
19.30 5.81 9.63 8.81 2.40 2.01 

 
Table 3.  The variations of properties in coal samples after 
treated by chemical treatment. 

Analysis methods HF HNO3 HCl NaOH KOH 

Proximate analysis (%)      

    Moisture reduction 45.26 42.18 40.39 41.13 31.05 

    Ash increment 9.26 11.93 8.60 15.48 19.60 

    Volatile matter incre-

ment 

- 13.48 6.71 7.02 5.79 

    Fixed carbon increment 31.71 - 16.11 0.39 - 

Ultimate analysis (%)      

    Carbon increment 4.8 2.29 6.55 7.47 - 

    Hydrogen reduction 75.00 60.55 75.46 73.85 - 

    Sulfur reduction - - - 4.12 20.04 

    Nitrogen increment 73.55 73.63 75.00 74.67 73.48 

    Oxygen reduction 29.17 23.22 19.29 28.29 35.58 

Trace element analysis (%)      

    Arsenic (As) reduction 100.00 52.83 - 1.60 - 

    Cobalt (Co) reduction 49.89 9.34 90.89 - - 

    Vanadium (V) reduction - 12.97 48.47 - - 

    Lead (Pb) reduction 11.39 0.19 - - - 

    HHV reduction 19.91 19.05 25.17 20.26 17.16 

Gypsum reduction from 

XRD (%) 

76.13 60.44 63.81 90.13 91.74 

*grey cell is increment of 

property  
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3.3 Proximate analysis after treatment 

HF has highest effectiveness for coal properties im-
provement followed by HCl, HNO3, NaOH, and 
lowest in KOH, from the reason of the ability of 
mineral solubility in acid (Economides and Nolte, 
2000). 

4 CONCLUSIONS 

KOH and NaOH lead to sulfur reduction about 20 
and 4%, respectively. Carbon content can increase 
7.47 in NaOH and 2.3 to 6.5% in acids. Fixed car-
bon is increased 31.71% in HF and 16.11% in HCl. 
Arsenic in raw coal was detected higher than soil 
quality standard 90% (11), can be reduced highest 
in HF nearly 100%, reduced 52% in HNO3, and 
1.6% in NaOH. Cobalt was reduced 9-91% in acid. 
Vanadium can be reduced 48% in HCl and 13% in 
HNO3. Lead can be reduced alone in HF about 
11.4%. In conclusion of this investigation, the varia-
tion of sulfur content dominantly relates to the gyp-
sum content. The sodium hydroxide is a high effi-
ciency for the sulfur reduction and also increases 
the quality of coal. The trace elements are major as-
sociated with gypsum, kaolinite and illite contents. 
The acid solution is suitable for reducing the heavy 
metal content in coal. The hydrofluoric acid is a 
high performance for a heavy metal reduction and 
also increases the high quality of coal. 
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1 INTRODUCTION 

1.1 Background 

Portland cement concrete is one of most widely used 
construction materials. As the demand for concrete 
as a constriction material increase, also the demand 
for Portland cement. On the other hand the cement 
industry is responsible for some of the CO2 emis-
sions because the production of one ton of Portland 
cement emits approximately one ton of CO2 into the 
atmosphere. Many research efforts are in progress to 
reduce the use of Portland cement in concrete in or-
der to solve the global warming. These include the 
utilization of pozzolanic materials such as fly ash, 
bottom ash, rice husk ash, and metakaolin and the 
development of alternative binders to traditional 
Portland cement. The Geopolymer material shows 
considerable promise for application in the concrete 
industry (Habert, 2011). In terms of reducing the 
global warming, The range of reported carbon diox-
ide equivalent values for Geopolymer concrete com-
pared with ordinary Portland cement (OPC) is con-
siderable, with estimates as high as 80% less than 
OPC  to 26–45% lower than OPC concrete ( McCaf-
frey 2002, McLellan et al 2011, Witherspoon 2009). 

Geopolymer material can be formed by the sili-
con and aluminium in the source material is active 
by alkaline solutions to produce the Geopolymer 
binders (Davidovits, 1994). Drying shrinkage and 
strength development of Geopolymer materials de-
pend on the compounds forming during the activa-
tion and curing process(Duxson, 2007). The quality 
of structure is the most important factor to the 
strength development. Krizan and Zivanovic (2002) 

found that the compressive strength of Geopolymer 
mortar which curing at ambient temperature is high-
er than ordinary Portland cement mortars and drying 
shrinkage of Geopolymer material is also higher 
than ordinary Portland cement. (Bakharev et 
al.1999) Show that curing with high temperature 
significantly accelerates strength development, but 
on the other hand, for long term the compressive 
strength was reduced compared to concrete cured at 
room temperature. Furthermore, curing with high 
temperature cause reduces shrinkage of Geopolymer 
concrete. 

1.2 Aims 

In this research, comparing the compressive strength 
setting time, and percentage shrinkage of mortars of 
different cement types, including Portland cement 
type I (PCI) and III (PCIII), High Alumina Cement 
(HAC) and Geopolymer mortars are cured 25, 35 
and 60 oC.  

2 MATERIALS AND MORTAR MIXTURE 
PROPORTIONS 

2.1 Materials 

Geopolymer mortar can be produce by using the 
high-calcium (ASTM Class C) fly ash obtained from 
Mae Moh power station in Thailand. Portland ce-
ment mortar can be manufactured by using Portland 
cement type I and III follow ASTM C150 and Non-
Portland inorganic cements using High Alumina 
Cement. The chemical composition and particle size 
distribution of fly ash must be established prior to 

Comparison of Compressive Strength and Drying Shrinkage by Various 
Portland Cement Type and Geopolymer 

C. Ridtirud 
Rajamangala University of Technology Isan, Khon Kaen Campus, Khon Kaen, Thailand 

ABSTRACT: The aim of this study is to investigate the strengths and drying shrinkage of Portland cement 
mortars and Geopolymer mortar. Compressive strength and drying shrinkage of specimens of Portland cement 
mortars were measured with various type of cement (Type I, III, and High Alumina Cement). For Geopoly-
mer mortars were measured with various curing temperatures (25, 35, and 60 oC). Experimental results show 
that the higher compressive strength have been observed in the Geopolymer mortar curing at 60 oC. Geopol-
ymer mortars show higher compressive strength than all type of Portland cement mortars. In addition, Geo-
polymer mortars curing at 25 oC of the drying shrinkage are higher than all type of Portland cement mortars. 
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use. An X-Ray Fluorescence (XRF) analysis may be 
used to determine the chemical composition of the 
fly ash is given in Table1. The alkaline solutions 
used in this study are sodium hydroxide in flake 
form (NaOH with 96 per cent purity) and sodium sil-
icate solution (Na2O=13.8 per cent, SiO2=32.2 per-
cent and water = 54.0 percent). To avoid contamina-
tion with unknown substances in the mixing water, 
distilled water was used to dissolve the NaOH 
flakes. The river sand as fine aggregate was used, 
and the specific gravity and the fineness modulus of 
fine aggregates are 2.55, and 2.80, respectively.  

 
Table 1. Chemical composition of the fly ash. 

Chemical composition (wt %) 
SiO2 33.66 

Al2O3 18.25 
Fe2O3 16.35 
K2O 2.08 
CaO 19.23 
TiO2 0.35 
SO3 2.74 

Na2O 1.53 
MgO 2.84 
P2O5 0.17 

2.2 Preparation of mortar specimens 

The fly ash and NaOH solution are firstly mixed to-
gether in a mixer for about 5 min until homogene-
ously. Next, sand was added and mixed for about 3 
min. Finally, the Na2SiO3 solution was added to the 
mixture, followed mixed for additional 2 min, con-
sidered finished mixing the samples for compressive 
strength testing. The fresh Geopolymer mortar was 
casted into the acrylic mould of 5×5×5 cm in imme-
diately after mixing in two layers and compact the 
specimen, each layer was given 16 strokes, Then 
wipe the surface smooth and leave samples at 25 oC 
for 1 hour, then use plastic sheet wrap the sample to 
prevent moisture loss and curing sample in oven and 
control the temperature as the experimental design. 
From each mixture, 15 cubes (50x50x50 mm) and 
10 shrinkage prisms (25mm x 25 mm x 285 mm) 
were made. The cubes were tested at 7 days and the 
shrinkage strain measurements started on the second 
day after casting the mortar. On the second day after 
casting, the specimens were demoulded and the first 
measurement was taken. The measurements for dry-
ing shrinkage using standard method ASTM 596 
were determined between 2 to 360 days on duplicate 
specimens. The measurements then continued every 
day in the first week, once a week until the fourth 
week, once in two weeks until the twelfth week, and 
then once in four weeks until one year. 

 

2.3 Mortar mixture proportions 

The Geopolymer mortar specimens were prepared. 
The parameters of Geopolymer mortar are as fol-
lows: 

1) The weight ratio of alkaline solution to fly ash 
was 0.6 

2) The weight ratio of sodium silicate-to-sodium 
hydroxide solution was 0.67. 

3) The ratio of sand-to-fly ash of All Geopolymer 
mortars were made with the weight ratios of 2.75. 

4) Curing at 25, 35 and 60 oC for compressive 
strength and Curing at 25 and 60 oC for drying 
shrinkage 

For Portland cement type 1, type 3, and High 
Alumina Cement were used to produce cement mor-
tar in order to compare with Geopolymer mortar, 
and the specimens were prepared in accordance with 
ASTM C 305 standard by using the weight ratio of 
water-to-cement (w/c) and the sand-to-cement ratio 
of 0.56 and 2.75, respectively. 

3 RESULTS AND DISCUSSION 

3.1 Vicat setting time 

The initial and final setting time are shown in figure 
1. The initial and final setting time of the Geopoly-
mer mortars curing at 25 oC (G25) mortar samples 
are 170 and 210 min, respectively. The increase of 
heat in the curing Geopolymer mortar effect to de-
crease initial and final setting time. For 35 oC (G35) 
and 60 oC (G60), the initial setting time is reduced to 
105 and 55 min, and the final setting time is reduced 
to 125 and 60 min, respectively. The experiment 
showed that higher temperatures lead to the for-
mation Geopolymer faster because the temperature 
accelerates the Geopolymerization. For Portland 
cement based system, Portland cement type 1 mor-
tar, Portland cement type 3 and High Alumina Ce-
ment mortar, the initial setting time is 170, 140, and 
250 min, respectively. And the final setting time is 
125, 190 and 300 min, respectively.  

 

 
Figure 1.Setting times of mortars at various cement type. 
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3.2 Compressive strength results 

Figure 2 shows the compressive strength of 
specimen mortars with various types of cement at 
the age of 7 days. It can be seen that the compressive 
strengths of Geopolymer mortar curing at 60oC as 
resulted in highest compressive strength. In addition, 
the compressive strength of Geopolymer mortars 
also increases with an increase in curing 
temperature, but on the other hand Geopolymer 
mortar curing at 25oC resulted in lowest compressive 
strength, because Geopolymer synthesis requires 
heating in catalysis in the early age (Vladimir, 
2007). System of cement based calcium, High 
Alumina Cement mortar was found that the 
compressive strength higher than the mortar of 
Portland cement type I and III. However, the 
compressive strength of High Alumina Cement 
mortar was lower than the Geopolymer curing 
temperature of 60oC. Furthermore, the experiment 
showed that the Geopolymer curing at 35oC can 
replace Portland cement type III, higher early 
strengths, which Geopolymer from fly ash can sup-
ply easier and the temperature at 35oC is relatively 
low temperature for curing.

Figure 2. Compressive strength of mortars at the age of 7 days. 

3.3 Shrinkage results 

Drying shrinkage is shown in figure 3 and 4. Five 
categories were apparently seen. The first one was 
represented by a large shrinkage located around -
0.65% from Geopolymer mortar square bar cured 
under temperature 25 oC and 50%RH belonged to 
this category. These specimens are shrinkage more 
than other categories around 6 times due to the Geo-
polymer synthesis by using alkali solution which 
consisted of a large number of water and it does not 
using the heat to accelerate the reaction so the water 
in the sample can be more evaporate and shrinkage. 
For other category display the similar shrinkage of 
around -0.10 %. When expanding the graph by 
graph of Geopolymer mortar cured at 25 oC aban-
doned, as shown in Figure 4. Show that the drying 
shrinkage of Geopolymer mortar curing at 60 oC had 
lower shrinkage than calcium base cement mortar. In 

addition, on the long-term of Geopolymer mortars 
curing at 60 oC the samples were stable, not shrink-
ing. Contrary to specimens from the calcium base 
cement mortar which has been found to increases 
drying shrinkage continuously which accordance 
with (Wenyan et al. 2013). When calcium oxide in 
Portland cement contact the moisture from the air 
can react Hydration has continued, resulting in the 
increase drying shrinkage continuously (Ridtirud, 
2011. 

Figure 3. Drying shrinkage of mortars. 

Figure 4. Drying shrinkage of mortars. 

4 CONCLUSIONS 

The following conclusions were made from this la-
boratory study. 

1. Initial and final settings of G60 occur much
earlier than that of three of calcium base cement 
mortars and Geopolymer mortar at lower tempera-
ture curing. 

2. G35 showed similar setting times to Portland
cement type III mortars. 

3. G60 was the best; HAC was the second; G35
and PCIII were the third; PCI was the fourth; and G 
25 was the fifth in terms of compressive of mortar 
studied. 

4. Increasing the curing temperature results in an
increase of compressive strength of mortar. 

5. The shrinkage of G25 was 6 times more than
that of PC mortar and G60. The shrinkage of G60 
mortar was lower or similar to PC mortar. 
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6. The use of Geopolymer mortar used in this
study was recommended since the G60 comparable 
strength and shrinkage properties to PC. 
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1 INTRODUCTION 

Nowadays, geopolymer is more receiving attention 
as an alternative binder for use as building concrete 
industry instead Portland cement based (Phoo-
ngernkham et al. 2014). This was due to the clinker 
production process in cement industry results in a lot 
of the carbon dioxide to the atmosphere (McCaffrey, 
2002). Geopolymeric is made from source materials 
containing silica (SiO2) and alumina (Al2O3) such as 
fly ash (FA) and calcined kaolin (MK) and with high 
alkali solutions (Chindaprasirt et al. 2012, Silva et 
al. 2007).  

In Thailand, the starting material is usually based 
on high calcium fly ash (HFA) from Mae Moh pow-
er station in the north (Chindaprasirt et al. 2012, 
Phoo-ngernkham et al. 2013b). The HFA is also 
suitable for use as source materials due to a lot of 
SiO2 and Al2O3 along with other compounds. How-
ever, the strength of HFA geopolymer with ambient 
temperature condition was low (Kumar et al. 2010), 
and this was limited to development the strength. 
Therefore, many researchers (Palomo et al. 2007, 
Temuujin et al. 2009a, Williams et al. 2002) effort 
focuses on how to enhance the strength development 
of fly ash geopolymer matrix such as the uses of cal-
cium oxide (CaO), calcium hydroxide (Ca(OH)2) 
and Portland cement (PC) as an additive. Phoo-
ngernkham et al. (2013a) reported that a lot of calci-
um could be enhanced the mechanical of geopoly-

mer. Moreover, Pangdaeng et al. (2014) explained 
that the use of PC as an additive is beneficial not on-
ly on the mechanical properties. The reaction of PC 
and water is corresponded tothe heat generate from 
exothermic process (Pangdaeng et al. 2014). Fur-
thermore, the high calcium content of fly ash blend-
ed with calcium admixture leading to additional 
formation of calcium silicate hydrate (CSH) which 
coexists with geopolymer products (Guo et al. 
2010). 

The alkali activator is one of factor on the strength 
of geopolymer matrix. The sodium hydroxide (NH) 
solution is commonly used in dissolution of Si4+ and 
Al 3+ ions to forming aluminosilicate material (Panias 
et al. 2007). While the sodium silicate (WG) solu-
tion is soluble silicate species, which was used for 
the condensation process of geopolymer (Panias et 
al. 2007). Therefore, the objective of this study is 
investigated the effect of alkali solutions on com-
pressive strength and microstructure of HFA geo-
polymer containing PC. The knowledge should be 
useful in understanding and to the future utilization 
of this material as repair binding materials. 

Effect of Alkali Solutions on Compressive Strength and Microstructure 
of High Calcium Fly ash Geopolymer Containing Portland Cement 

S. Hanjitsuwan 
Lampang Rajabhat University, Lampang, Thailand 

T. Phoo-ngernkham 
Nakhon Phanom University, Nakhon Phanom, Thailand 

 ABSTRACT: This article investigated the effect of alkali activated solutions on compressive strength and mi-
crostructure of high calcium fly ash (HFA) geopolymer containing Portland cement type I (PC). The HFA 
was replaced with PC at the dosages of 0%, 5%, 10%, 15% and 20% by weight of binder. The alkali activated 
solution of 10 molar of sodium hydroxide only (NH), 10 molar of sodium hydroxide and sodium silicate solu-
tion (NHWG), and sodium silicate solution only (WG) were used as the liquid portion in the mixture. The 
compressive strength and microstructure of geopolymer were studied. The test results indicated that the use of 
PC to replace of HFA could enhance the compressive strengths and microstructure of geopolymer. The alkali 
activators were significantly affected to the reaction products of geopolymer matrix. The use of NHWG as al-
kali solution results in dense and strong matrix leading to a high compressive strength of HFA geopolymer 
containing PC. However at the NH series exhibited less dense leading to low strength of geopolymer mortars.  
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2 EXPERIMENTAL DETAILS AND TESTING 
ANALYSIS 

2.1 Materials 

A high calcium fly ash (FA) from Mae Moh power 
plant in northern Thailand and ordinary Portland 
cement (PC) Type I were used as raw materials in 
this study. The specific gravity of HFA and PC were 
8.5 and 14.6 um, while the Blaine fineness were 
4300 and 3600 cm2/g, respectively. The alkaline so-
lutions were sodium hydroxide (NaOH) of 10M 
concentrations and sodium silicate (Na2SiO3) with 
13.89% Na2O, 32.15% SiO2, and 46.04% H2O. The 
local river sand (RS) with specific gravity and fine-
ness modulus of 2.63 and 1.80 were used for making 
geopolymer mortar. 
The chemical compositions of HFA and PC are 
shown in Tables 1.  

Table 1 Chemical composition of HFA and PC (by weight). 
Materials HFA PC 
SiO2 29.32 20.80 
Al 2O3 12.96 4.70 
Fe2O3 15.64 3.40 
CaO 25.79 65.30 
MgO 2.94 1. 50
K2O 2.93 0.40 
Na2O 2.83 0.10 
SO3 7.29 2.70 
LOI 0.30 0.90 

2.2 Mix proportion and mix detail 

The mix proportions of geopolymer mortars are 
shown in Table 2. The 0PC, 5PC, 10PC, 15PC, and 
20PC mortars are geopolymer mortars with 0, 5, 10, 
15, and 20% PC by weight of binder. The constant 
liquid/binder ratio of 0.60, WG/NH ratio of 2.0 and 
sand/binder of 1.0 were used in all mixtures. The al-
kali activated solution were separated with 10M NH 
only, NH and WG, and WG only.  
For mixing of geopolymer mortars, the FA, PC and 
sand were dry mixed until the mixture was homoge-
nous for 1 min. Right after, the alkali activated solu-
tion was added, and the mixing of mortar was done 
for 5 min. 

2.3 Compressive strength of geopolymer mortars 

After mixing, the 50x50x50 mm cube moulds were 
used for compressive strength test in accordance 
with the ASTM C 109 (2002). The specimens were 
demoulded at the age of 1 day, and immediately 
wrapped with vinyl sheet to protect moisture loss 
and kept in the 25 °C controlled room. The compres-
sive strength was measured at the ages of 28 days. 
The reported results were the average of three sam-
ples.

Table 2 Mix proportions of geopolymer mortars. 

2.4 Morphology test 

The geopolymer paste cube samples at the age of 28 
days were broken at the middle portions for the 
scanning electron microscopy (SEM). The micro-
graphs were recorded at 15 kV and 3,000x magnifi-
cation. 

3 RESULTES AND DISCUSSIONS 

3.1 Compressive strength of geopolymer mortars 

The results of compressive strengths of geopolymer 
mortars at various PC replacement and alkali solu-
tions are shown in Figure 1. The compressive 
strength of geopolymer mortars tended to increase 
with the increase in PC replacement. For example at 
28 days of 0PC-NHWG, 5PC-NHWG, 10PC-
NHWG, 15PC-NHWG were 40.0, 44.2, 50.5, and 
58.1 MPa, respectively. While 28 days of 0PC-WG, 
5PC-WG, 10PC-WG, 15PC-WG were 26.1, 33.1, 
38.9, and 40.3 MPa, respectively. When the amount 
of PC content increased, the compressive strength of 
geopolymer mortar was obviously developed. This 
was due to the increased in calcium content could 
reacted and formed additional formation of CSH 
and/or CASH gel which coexisted with NASH gel 
(Pangdaeng et al. 2014, Phoo-ngernkham et al. 
2013a). However, the replacement level of PC up to 
20% started to adversely affect the compressive 
strength of geopolymer mortars. This was due to an 
accelerated rate with characteristic of quick geopol-
ymerization process (Pangdaeng et al. 2014). Ac-
cording to Figure 1, at NH condition, the compres-
sive strength of geopolymer mortars seemed to 
slightly changed or not changed. For example at 28 
days of 0PC-NH, 5PC-NH, 10PC-NH, 15PC-NH, 
and 20PC-NH were 5.4, 6.1, 6.2, 6.1, and 6.8 MPa, 
respectively. The NH solution is commonly im-

Mix 
No. 

Mix 
symbol 

HFA 
(g) 

PC 
(g) 

RS 
(g) 

10M 
NH 
(g) 

NS 
(g) 

1 0PC-NH 100 - 100 60 - 
2 5PC-NH 95 5 100 60 - 
3 10PC-NH 90 10 100 60 - 
4 15PC-NH 85 15 100 60 - 
5 20PC-NH 80 20 100 60 - 
6 0PC-NHWG 100 - 100 20 40 
7 5PC-NHWG 95 5 100 20 40 
8 10PC-NHWG 90 10 100 20 40 
9 15PC-NHWG 85 15 100 20 40 
10 20PC-NHWG 80 20 100 20 40 
11 0PC-WG 100 - 100 - 60 
12 5PC-WG 95 5 100 - 60 
13 10PC-WG 90 10 100 - 60 
14 15PC-WG 85 15 100 - 60 
15 20PC-WG 80 20 100 - 60 
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portant for the dissolving of Si4+ and Al3+ ions from 
HFA particles into geopolymerization process 
(Somna et al. 2011). Temuujin et al. (2009b) report-
ed that the compressive strength of geopolymer at 
ambient temperature tended to low reaction process, 
and the leaching out of calcium ion was hindered 
(Phair and Van De Venter, 2001) leading to low 
strength. The compressive strength of mortars in this 
study confirmed to the previous research (Somna et 
al. 2011) which reported that the strength of 28 days 
at ambient condition of geopolymer paste is about 
10 MPa at 9.5M NH concentration.  
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Figure 1. Compressive strength of geopolymer mortars. 

The NHWG series exhibited higher strength than 
those of NH and WG series due to the increase in re-
action products. This led to a denser microstructure 
of the matrix and well mechanical properties of geo-
polymer at early age (Ravikumar and Neithalath, 
2012). The addition of NS solution could be in-
creased the rate of strength development due to addi-
tional of silicate species, sodium or potassium ions, 
which was required for geopolymerization (Oh et al. 
2010). According to Figure 1, it should be note that 
the WG series exhibited high strength of geopolymer 
mortar cured at ambient temperature. The relatively 
high compressive strength of geopolymer mortar of 
the 15PC-WG mortar was 40.3 MPa or about 69% 
of that of the 15PC-NHWG mortar. From these re-
sults, it could be concluded that the types of alkali 
solutions and replacement level of PC were signifi-
cantly affected to properties of geopolymer system 
at ambient temperature condition.   

3.2 Morphology 

The morphology of hardened geopolymer pastes as 
shown in Figure 2 showed similar morphologies of 
0%PC and 15%PC pastes. The pastes without PC 
exhibited less dense especially the 0PC-NH paste 
(see Figure 2a). When the geopolymer pastes con-
taining PC appeared a dense matrix, however at the 
15PC-NH paste showed less dense similar the 0PC-

NH paste. As mentioned, the use of PC as an addi-
tive could enhance the properties of geopolymer, 
and formed additional formation of CSH and/or 
CASH which coexisted with geopolymer products 
(Pangdaeng et al. 2014). These results agreed with 
the results of compressive strength.  
Regarding to effect of alkali solutions found that the 
NHWG series appeared denser than the NH and WG 
series. This was confirmed with Oh et al. (2010) 
which reported that the reaction of NH and NS could 
produced a high strength of geopolymer matrix, due 
to the increase in reaction products (Ravikumar and 
Neithalath, 2012). 

(a) 0PC-NH (b) 15PC-NH

(c) 0PC-NHWG (d) 15PC-NHWG

(e) 0PC-WG (f) 15PC-WG

Figure 2. morphology of geopolymer pastes . 

4 CONCLUSIONS 

The use of PC as an additive in HFA geopolymer 
mortar for the NHWG and WG series resulted in the 
improvement of compressive strength of geopolymer 
mortars, due to the additional of reaction products. 
However at the NH series, the compressive strength 
of geopolymer mortars seemed to slightly changed 
or not changed. 

The morphology of geopolymer paste contain-
ing PC as an additive for the NHWG and WG series 
indicated that the microstructure of geopolymer 
showed a dense and strong matrix compared with 
the paste without PC. On the other hand, for the NH 
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series found that the morphology of geopolymer 
paste seemed to less dense and loose matrix 

The types of alkali solutions and replacement lev-
el of PC were significantly affected to properties of 
geopolymer system at ambient temperature condi-
tion. Therefore, the geopolymer mortar containing 
15%PC produced by NHWG and/or WG solutions 
was recommended. 
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1 INTRODUCTION 

Drilling mud is important to petroleum production 
due to its use for protecting a lost circulation, con-
trolling hydrostatic pressure in the well bore, mini-
mizing fluid loss across permeable formations, and 
transporting rock cuttings to the surface. The drilling 
mud composition is a bentonite and barite with the 
base, and other additive such as cement, lime, starch, 
graphite, lignite, and sodium carboxymethyl cellu-
lose (Benchabane and Bekkour, 2006).These addi-
tives are a high cost and could be imported from 
aboard. Fly ash (a mixture of mineral oxides) is a 
pozzolanic material and is considered as a major en-
vironmental pollutant in the ‘recent-past’. Coal 
thermal power plant produces a huge amount of fly 
ash that creates severe waste disposal and environ-
mental problems. In this regard, a good deal of work 
has been undertaken worldwide for the efficient uti-
lization of fly ash. Utilization of fly ash as a resource 
material has been studied extensively in many areas 

such as extraction of valuable minerals, water pollu-
tion control, and production of ceramic products, 
composite materials, agriculture, building materials, 
paint, and plastic industries. Many investigators have 
also been carried out towards effective utilization of 
fly ash with understanding the potential environmen-
tal pollution and health impacts associated with the 
disposal of fly ash by land filling. More recently, the 
details of fly ash utilization as resource materials 
have been reviewed by (Ahmaruzzaman, 2010). In 
oil well drilling applications, fly ash is commonly 
used for the stabilization of drilling fluid wastes to 
avoid ground water contamination (Deeley et al., 
1987; Thompson, 1994). It is also used as a foama-
ble drilling fluid for deep water offshore drilling op-
erations (Totten et al., 1997). 

Therefore, using of fly ash in order to avert an in-
creasing toxic threat to the environment, or disposal 
by making them more affordable. An economically 
viable solution to this problem should include utili-
zation of fly ash for additive in the drilling mud. Pe-
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 ABSTRACT: The objective of this study to investigate the properties of drilling mud mixed with fly ash in 
order to enhance the formula of drilling mud. The drilling mud was mixed with concentration of various fly 
ashes in 3, 5 and 7% w/v and was examined based on the API RP13B-1 standard such as density, viscosity, 
filtration, resistivity, pH and sand content. This mud was tested their rheological properties at 30, 60 and 90oC 
using Bingham-Plastic model. Analysis of result indicates that the rheological properties of drilling mud mix-
ing 3% fly ash are enhanced in apparent viscosity (18-21cP), yield point (27-30 lbf/100 ft2), gel strength (6-13 
lbf/100 ft2) and pH (11-12), while the plastic viscosity and density slightly decreased with increasing tempera-
ture. These results represent that the fly ash containing mud showed insignificant increasing in the potential 
for rheological after elevated test at 90oC without thermal gradient and corrosive problem. The increasing of 
apparent viscosity and low plastic viscosity of the drilling mud can prevent the borehole problems such as 
surge and swab pressure, differential sticking and slow rate of penetration. The gel strength increasing can 
enhance the suspending of cutting and weighting materials when the circulation is ceased, and the increasing 
of yield point can improve the carrying capacity of drilling mud while drilling circulation periods. From the 
result of the API filtration tests represent that the increasing of the filtrate loss and mud cake thickness with 
increasing in percentage of fly ash and temperature, the sand content is also increased by adding a percentage 
of fly ash, which resulting the fluid loss and the smaller borehole size. In conclusion, the drilling mud mixed 
with 3% fly ash at temperature to 30oC testing is a high potential additive for enhancement the rheological 
properties of water-base drilling mud, especially in the increasing of apparent viscosity, yield point, gel 
strength, pH, and high efficiency of resistivity reduction. However, the high concentration of fly ash affects to 
the increasing of the filtrate loss, mud cake thickness and sand content. 
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troleum industries have been used drilling mud for 
(1) clean the rock fragment from beneath the bit and 
carry them to the surface, (2) exert sufficient hydro-
static pressure against subsurface formations to pre-
vent formation fluids from flowing into the well, (3) 
keep the newly drilled borehole open until the steel 
casing can be cemented in the hole, and (4) cool and 
lubricate the rotating drill string and bit. Thus, using 
fly ash is additive in the drilling mud  

The objective of this paper is to study the effi-
ciency enhancement of drilling mud mixed with fly 
ash on rheological properties of various tempera-
tures. According to the Bingham - plastic model, the 
rheological properties are to investigate the apparent 
viscosity (AV), plastic viscosity (PV), yield point 
(YP) and gel strength. 

2 MATERIALS AND EXPERIMENTAL 
METHODS 

2.1 Materials 

The Fly ash is obtained from Mae Moh Power Plant 
of Lampang province. Bentonite supports from Thai 
Nippon Chemical Industry Co., Ltd. Barite is as-
sisted from Weatherford International Company, 
Thailand.  

Generally, the ranges of the drilling mud density 
of typical well drilling are 1.5 to 8.5 %w/v of ben-
tonite, mud weight varies around 8.85 to 18ppg(1.06 
to 2.16 g/cm3) depended on graded bentonite and 
drilled formations (MI-Swaco,1998). The previous 
literature of specific gravity of the materials is in-
cluding a barite of 4.24 g/cm3 and bentonite of 2.37 
g/cm3(Petchode and Sikong, 2003). In the Figure 1 
demonstrates the composition and nature of common 
drilling mud. The curve shows the increasing of vis-
cosity with a percentage of bentonite solids (Gatlin, 
1960). 

 
 

Figure 1. Yield curve for typical clays(after Gatlin, 1960). 

Since the grade of bentonite that use in the ex-
periment is not Wyoming grade. It is necessary to 
find the appropriate amount of bentonite that meet 
the viscosity requirement for typical well drilling. 
Table 1 shows bentonite water-based suspension at 
2, 4, 6, and 8 %w/v of bentonite at 30oC. There-
fore, the experiment was selected 4%w/v of ben-
tonite as a base composition.  

 
Table 1.  Bentonite water-base suspension . 

Bentonite Average apparent viscosity (AV) 
%w/v cP 

2 6.0 
4 12.5 
6 21.5 
8 39.0 

2.2 Experimental methods 

2.2.1 Sample preparation 
The materials are divided into two parts for chemical 
properties test by sieving size less than 75 microme-
ters (mesh No.200) for x-ray diffraction (XRD) and 
x-ray fluorescence (XRF) testing. Physical 
properties test by mixing with water-based drilling 
mud. A water-based drilling mud suspension is 
prepared using 40 grams of bentonite per liter of 
water; 120 grams of barite per liter of water and 
various con-centrations of fly ashes in 3, 5 and 7% 
w/v are added to mixing water-based drilling mud. 
The components are mixed for 15 minutes by using 
the high-speed mixture. During mixing, the fly ash is 
added slowly to agitated base fluid to avoid a lump 
occurring within mud system. The mud weight is 
measured by mud balance which is an API standard 
instrument for the testing mud weight. Various 
concentrations of fly ash are added to perform as a 
mud additive. These systems are prepared to 
compare the properties of the mud. Table 2 shows 
the formula of the drilling mud. 

Table 2.  Composition of drilling mud testing. _______________________________________________ 
Composition     Water Barite Bentonite   Fly ash        ____________ ______________  
       ml    g    g   g _______________________________________________ 
Mud      1,000   120   40   - 
Mud+3%fly ash     1,000       120   40   31 
Mud+5%fly ash     1,000       120   40   52 
Mud+7%fly ash     1,000           120   40   73 
 

2.2.2 Rheological tests 
Dril ling mud is tested for the rheological properties 
at 30, 60 and 90oC. The Rheology testing is carried 
out by a Fann 35Sa model Viscometer and measure 
by use six rotational speeds (3, 6, 100, 200, 300 and 
600 rpm) for the viscosity, yield point and gel 
strength that relate to flow properties of drilling 
mud. The apparent viscosity, plastic viscosity and 
yield point are calculated from 300 and 600 rpm 
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reading following formulas from API (API Recom-
mended Practice, 1997).  

µa = φ600/2 (1) 
 
µp = φ600/φ300  (2) 
 
γp = φ300/µp  (3) 
 
where µa = apparent viscosity (cP); µp= plastic vis-
cosity (cP); γp = Yield point (lbf/100 ft2). 
 

Filtration is tested by using Baroid standard filter 
press rig laboratory model 821 which determines the 
API filtrate loss through standard filter paper and the 
filter cake thickness under static conditions. It con-
sists of fluid cup support by a frame, a filtering me-
dium and a pressurized nitrogen gas cylinder and 
regulator. A graduated cylinder is used to measure 
the discharged filtrate. The 100 psig is applied to a 
column of fluid for the 30 minute period, which fil-
trate volume and filter cake thickness, are measured 
and recorded. 

2.3 Hydrogen ion tests 

The hydrogen ion (pH) measurements of the fluids 
are conducted using the Metrohm 713 modelglass 
electrode pH meter. The instrument determines the 
pH of an aqueous solution by measuring the electro-
potential generated between a glass electrode and a 
reference electrode. Measurement and adjustments 
of pH are fundamental of drilling fluid control. Clay 
interactions, solubility of various components and 
effectiveness of additives are all dependent on pH, as 
in the control of acidic and sulfide corrosion pro-
cesses. 

2.4 Resistivity tests 

The Fann resistivity meter model 88 is measuredthe 
drilling mud, filtrate and mud cake.The resistivity 
meter provides a direct digital reading of resistivity 
in three ranges 2, 20, and 200 Ω/m2 and direct meas-
urement of the sample temperature in the transparent 
cell. Instrument calibrationis using salt solution and 
calculated the correction factor for accurate data. 

2.5 Sand content tests 

Baroid sand content set determines the account of 
sand and defined as the percentage by volume of sol-
ids in the drilling mud that retainedon75 microme-
ters (No.200mesh) sieve. The excessive sand makes 
a filter cake thickness with increasing;because abra-
sive wear of pump parts, bit and pipeand may set-
tlewhen circulation is stopped and interfere with pipe 
movement or the setting of the casing. 

3 RESULTS  

3.1 Characterization of fly ash 

The composition of fly ash is determined by XGT-
5200 X-ray fluorescence microscope (XRF) at room 
temperature and the composition of fly ash result is 
shown in Table 3. The main elements include Si, Ca, 
Fe, S, K and Mg. X-ray diffraction (XRD) is used to 
study the structure of fly ash and the result is shown 
in Figure 2. 

 
Table 3.  Composition of fly ash. ___________________________________________________ 
 Component             %  ___________________________________________________ 
  Si             38.60   
  Ca             23.32  
  Fe             21.70  
  S             10.49  
  K             2.41  
  Mg            2.36 
  Ti             0.57   
  Others           0.56 ___________________________________________________ 
 
 

Figure 2. X-ray diffraction patterns of fly ash. 
 

3.2 Influence of fly ash on rheological properties of 
water-base drilling mud  

The effects of fly ash on rheological properties of 
water-base drilling mud, drilling mud is added into 
fly ash at different concentrations (3, 5 and 7%w/v 
respectively, i.e. 3%w/v means 3 g of fly ash is in-
troduced into 100 ml of water-base drilling mud at 
3g/100 ml). The rheological property results are 
shown in Figure 3-5. The viscosity is explained in 
Figure 3, including appearance viscosity (AV) and 
plastic viscosity (PV), which can analyze the flowa-
bility of drilling mud.The previous literatures, the 
AV reflect the flowability of drilling mud and is re-
lated to the rate of penetration, and the PV caused by 
the friction between the suspended particles and in-
fluenced by the viscosity of the base liquid (Falode 
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et al., 2008). From the Figure 3(a), the AV of drill-
ing mud amalgamate fly ash increase gradually as 
the addition of fly ash enlarge, which illustrate that 
the drilling mud mixed with fly ash has the better 
flowability and can prevent the borehole problem 
such as surge, swab pressure,differential stick and 
slow rate of penetration, nevertheless, the effect of 
temperatures are increased on viscosity. 
 

 

 
Figure 3. Viscosity of drilling mud mixed with fly ash:        
(a) Appearance viscosity (AV); (b) Plastic viscosity (PV). 

 
Yield point (YP) is important in determining 

pump capacity and the amount of pressure is applied 
to flow the mud from static positions. Figure 4 de-
scribe the YP of mud with various fly ash concentra-
tions. The YP increases when the addition of fly ash 
into drilling mud but concentration of fly ash and 
temperature are not significant for yield point.  

The initial and 10 minutes gel strength of drilling 
mud mixed with fly ash are investigated and the re-
sults are plotted as function of fly ash concentration 
and temperature as shown in Figure 5.  

The results showed the 10 minutes gel strength is 
greater than initial gel strength because of more un-
disturbed mud, standing time would lead mud to 
from stronger gel structure compared to less undis-
turbed time. 

 

 
Figure 4. Yield point of drilling mud mixed with fly ash. 
 

Figure 5. Gel strength of drilling mud mixed with fly ash: 
(a) Initial gel strength; (b) 10 minutes gel strength. 
 

API static filtrate loss and filter cake thickness 
within 30 minutes of drilling mud mixed with fly ash 
at the other temperatures are shown in Figure 6. The 
plot of the filtration properties of drilling mud that 
measured at 30, 60 and 90oC. Both of the graphs 
show time-dependent filtration behavior of drilling 
mud and indicate that the fluid loss exponentially in-
crease as the time and temperature increase. The 
thickness of the filter cake deposited from the drill-
ing mud on filter paper. The graph exhibits the 
thickness as the fly ash concentration and tempera-
ture increasing. As reported, the fluid loss of benton-
ite dispersions with carbon ash increased obviously. 
As carbon ash was added, the change of surface 
charge of bentonite particles weakened the capacity 
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of bonding water (Xianghai et al, 2014). It refers 
more solid materials settled on formation wall, easier 
to collapse and the hole becomes smaller.  
 

Figure 6. Filtration of drilling mud mixed with fly ash:        
(a) Filtrate loss; (b) filter cake thickness. 

3.3 The effect of fly ash density, pH and resistivity 
of water-base drilling mud 

Mud density slightly decreased with increasing tem-
perature. However, the density of drilling mud is in-
creased by adding fly ash content with increasing. 
The relative of density, temperature and fly ash con-
tent are shown in Figure 7. 

Figure 7. Density of drilling mud mixed with fly ash. 
 

At ambient temperatures, as the pH increases, cor-
rosion rates rapidly decrease. Rates are much slower 
in alkaline fluids than in acidic fluids. Little reduc-
tion in corrosion rate is obtained as pH is increased 
above 10.5(Baker Hughes, 1999). However, the pH 
decreased as the temperature increased.  
 A hydrogen ion (pH) of drilling mud mixed with 
fly ash is indicated in Figure 8. The pH increased as 
the fly ash concentration increased. It is implied that 
the greater of fly ash presence, the more mud alka-
linity. Generally, corrosion rate decreases as pH in-
creases. 

Figure 8. pH of drilling mud mixed with fly ash. 
 
The results of resistivity are illustrated Figure 9. 

The resistivity of a mud decreased as fly ash concen-
tration and temperature increased. However, control 
of the resistivity of a mud and mud filtrate may be 
desirable to better evaluate formation characteristics 
from electric logs (APIRecommended Practice, 
1997). 

Figure 9. Resistivity of drilling mud mixed with fly ash. 

3.4 Stability of fly ash on sand content of water-
base drilling mud 

The sand content is also increased by adding the 
3, 5 and 7 percentage of fly ash on drilling mud. 
The results are 1, 1.5 and 2.5 percentages of sand 
content, respectively. However influence of tem-
peratures is unaffected to the sand content. 

0

50

100

150

200

250

300

30 60 90

F
ilt

ra
te

 lo
ss

 (
m

l)

Temperature (oC)

Base

3% fly ash

5% fly ash

7% fly ash

0

2

4

6

8

10

12

14

16

18

20

30 60 90

F
ilt

e
r 

ca
ke

 t
h
ic

kn
e

ss
 (

m
m

)

Temperature (oC)

Base

3% fly ash

5% fly ash

7% fly ash

1.080

1.090

1.100

1.110

1.120

1.130

1.140

1.150

0 1 2 3 4 5 6 7 8

D
en

si
ty

 (
g/

cm
3 )

Fly ash (%w/v)

30 deg

60 deg

90 deg

30oC

60oC

90oC

6.00

7.00

8.00

9.00

10.00

11.00

12.00

13.00

0 1 2 3 4 5 6 7 8

pH

Fly ash (%w/v)

30 deg

60 deg

90 deg

30oC

60oC

90oC

0.0

1.0

2.0

3.0

4.0

5.0

6.0

7.0

0 1 2 3 4 5 6 7 8

R
es

is
tiv

ity
 (Ω

.m
)

Fly ash (%w/v)

30 deg

60 deg

90 deg

30oC

60oC

90oC

(a) 

(b) 

:535:



4 CONCLUSIONS AND DISCUSSION 

From the result of the drilling mud mixed with con-
centration of various fly ashes in 3, 5 and 7%w/v 
that measured at 30, 60 and 90oC, represent that the 
drilli ng mud mixed with 3%w/v of the fly ash at 
30oC testing is a high potential additive for en-
hancement the rheological properties of water-base 
drilling mud, especially in the increasing of appar-
entviscosity, yield point, gel strength and pH, and 
high efficiency of resistivity reduction. However, 
the high concentration of fly ash affects to the in-
creasing of the filtrate loss, mud cake thickness and 
sand content. 
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1 INTRODUCTION 

A large-scale aqueduct (Water Bridge) is an 
important facility of a national water diversion 
project in north China. Due to inadequate injection 
after tensioning the tendons, water remaining inside 
in the tendons duct caused severe frost heave 
damage inside both the inner and outer wall, the 
overall structure will be damaged if it is exposed (Li 
2013) (Abdel-Ghaffar 1991) . At the same time, 
frost heave is one of the common damage of 
concrete in the northern China. So, we need to do 
some research to find a good way to detect the 
cracks in concrete. 

At present, the radar is the most commonly used 
technique to detecting the cracks in concrete. But 
radar is easily disturbed by the condition of test 
medium like containing steel reinforcements. In this 
project, there is much steel in the concrete wall. So, 
radar is not suitable for this project. 

As the same reason, the ultrasonic test cannot be 
applied to the reinforced concrete structures due to 
fast attenuation. Water and Steels should be avoided 
when conducting ultrasonic testing. The reason is 

that the acoustic impedance of water is much larger 
than that of the air. If there is water in the cracks of 
the concrete, the ultrasonic flaw interface reflects 
weekly. However, if ultrasonic directly reaches to 
the receiving transducer coupling layer transducer 
by penetrating through water, it will make the speed 
of sound, amplitude and frequency of defective 
concrete no significant difference in values from the 
good concrete. Then it will be difficult to define the 
defect. In this project, as water is in the cracks 
caused by freeze, ultrasonic test cannot be applied to 
detect the project. 

Infrared detection depends on thermography to 
detect the cracks in the concrete, based on uniformly 
heating buildings. Because the structure is very 
complete, it is hard for this method to be accurate, so 
it is not suitable for the project. 

As a result, more and more people consider to 
make use of propagation of elastic wave in layered 
medium as a better detection choice. Impact imaging 
method is one of the elastic waves that can be used 
in concrete survey.  

Study on Detecting Internal Cracks in Concrete Structure Caused by 
Frost Heave Damage using Impact Imaging Method 

D. Peng, S. K. Feng & A. L. Che 
Shanghai Jiao Tong University, Shanghai, China 

T. Huang  
China Institute of Water Resources and Hydropower Research, Beijing, China 

ABSTRACT: A large-scale aqueduct (Water Bridge) is an important facility of a national water diversion 
project in north China. The aqueduct is a simply supported 3 direction pre-stressed 3-rectangular-slot 
interconnected structure, which consists of 16 spans and each span is 40m long, 24.3m wide and 9.1m high. 
The thickness of the inner wall, outer wall and the floor is 0.7m, 0.6m and 0.4m respectively. Due to 
inadequate injection after tensioning the tendons, water remaining inside in the tendons duct caused severe 
frost heave damage inside both the inner and outer wall. Damage assessment and making repair design 
requires a thorough master of the cracks inside the wall, such as the location and distribution, but the 
conventional detecting method works poorly. To solve this problem, our research first studied the elastic 
wave propagation mechanism in the wall and the change of features caused by the inside defects numerical 
simulation. The result shows that the average amplitude as well as dominant frequency of elastic wave 
observed over an inside crack become 5 times higher. Based on this result, we applied a so-called impact 
imaging method to the real detecting work. Over 50 cores were drilled to confirm the inspecting result and all 
of them are agrees well with the result of impact imaging, showing the effectiveness of this method. The 
inspecting result was used as basic material for damage assessment and making repair plan. 
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2 NUMERICAL SIMULATION OF IMPACT 
IMAGING METHOD 

2.1 The principle of impact imaging method 

The impact imaging method is developed by our 
group for engineering detecting. The principle of the 
impact imaging is as followed: 

When tapping the surface of an object and it will 
cause clear sound if the object is hard and complete 
(Figure. 1); if the object is loose or cracked, the 
sound will be low; if there exists a cavity in the 
object, it will cause reverberation that lasts for a 
long time (Ling 2009). For the same reason, if a 
hammer hits the surface of the concrete, the surface 
will vibrate (Figure. 2). Short duration of high-
frequency vibrations will be produced if the concrete 
is compact and complete without internal defects. If 
there is an internal crack, the vibrations will be 
different-frequency and last for different time. 
Therefore, a hammer is used to hit the surface of the 
concrete. Also a receiver is used to receive wave 
signals. Then, by analysis these signals, we can 
define whether the concrete has internal defects 
(Chao 2013). 
 

 
 
Figure 1. Schematic diagram of impact imaging method(Feng 
2013). 
 

Impact imaging method uses this principle to 
detect hollowing in the concrete and distribution of 
cracks. The process is as follows: firstly, use the 
impact hammer to hit the surface of concrete and 
record the signal of elastic waves received from a 
certain distance the hitting point. The important 
thing is to keep certain distance while detecting the 
next measuring point along the survey line. And 
finally waveform is lined out according to the 
regular distance and the internal structure of 
concrete will be inferred by analyzing waveform 
(Capon 1969). 

The impact imaging method data normally can be 
dealed with three methods. They are waveform 
analysis, spectral analysis and time-frequency 
analysis. Waveform analysis method is mainly 
aimed to analyze the survey line and the feature of 
waveform like amplitude, duration, etc. When 
investigating the internal hollowing or cracks, 

average amplitude will also change apart from 
measuring waveform start in line. Since the average 
amplitude of the vibration source can reflect the 
impact of the medium according to the degree of 
response, which is the response to the intensity. It is 
an important indicator to determine whether the 
internal cracks exist.  
 

 
 
Figure 2. Workflow of the impact imaging method. 

2.2 Numerical simulation of the cracks with the 
same depth 

To solve this problem, we need to explore the 
effectiveness of impact imaging method in detection 
if damage caused by freeze in concrete. So we have 
a numerical simulation of the cracks in concrete. 

Figure 5 showed the results of numerical 
simulation of cracks in the concrete slab. Figure 3 is 
cracked concrete model, the model is divided by 
hexahedron elements whose minimum size is 0.01m 
in both width and height,, a thickness of 0.9 m near 
the surface of the soil mix exists a long 2m, opening 
width 0.01m, 0.1m deep in the cracks parallel to the 
surface, cracks in the concrete part dense than its P-
wave speed 5000m/s, part of the concrete cracks 
(0.1m thickness of the surface layer of hollowing) P-
wave velocity is 3000m/s. The frequency of source 
is in range from 0 kHz to 10 kHz and the 
predominant frequency is about 1500Hz, Table.1 is 
the material parameters used in simulation, Fig.4 is 
the wave form and spectral characteristic of the 
source, as shown in Fig.5. Figure 5 is the output 
waveform of numerical simulation, which can be 
seen that which corresponds to the amplitude of the 
output waveform of the concrete slab crack 
significantly larger portion of duration longer. 
Figure 6 is calculated based on the impact of the 
waveform corresponding intensity distributions; 
visible cracks significantly larger (Hall 2003). 
 

 
 
Figure 3. Numerical simulation model of the concrete slab 
 

Crack 

2m 
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Table.1 Material parameters used in simulation. 
 
Layer ρ 

kg/m3 
E  
GPa 

µ 

Concrete  2400 34.5 0.2 
crack 0 0 0 
 

 
 
Figure 4. Wave form and spectral characteristic of the source. 
 

 
 
Figure 5. The numerical results: waveform output. 
 

 
 
Figure 6. The numerical results: Impulse response. 

3 DATA ANALYSIS 

3.1 Project overview 

A large-scale aqueduct is an important facility of a 
national water diversion project in north China. Due 
to inadequate injection after tensioning the tendons, 
water remaining inside in the tendons duct caused 
severe frost heave damage inside both the inner and 
outer wall, the overall structure will be damaged if it 
is exposed. Now, we will detect the wall of the 
aqueduct. The specific parameters of the wall are as 
followed (Kim 2009). 

The overall length of one large flume in China is 
930 m, including a 829 m flume and a 101 m ditch. 
The flume is under a pre-stressed concrete structure 
which is divided into 16 spans that have 3 holes in 
each. The length, width, height of each span is 40 m, 
24.3 m and 9.1 m respectively. The width and the 
height of the floor beam is 0.45 m and 0.7 m. The 
thickness of the inner wall, outer wall and the floor 
is 0.7 m, 0.6 m and 0.4 m respectively. Two way 
pre-stressed force is use in the straight wall, lateral 
bearing capacity: 1860 Mpa, pre-stressing strand, 
vertical bearing capacity 785 Mpa finishing rebar. 

Due to inadequate injection after tensioning the 
tendons, water remaining inside in the tendons duct 
caused severe frost heave damage inside both the 
inner and outer wall. Damage assessment and 
making repair design requires a thorough master of 
the cracks inside the wall, such as the location and 
distribution, but the conventional detecting method 
works poorly (Hu 2010). 

After determining impact imaging method can 
detect cracks in concrete, we will detect the wall. 
Before we begin to detect the concrete wall, we need 
painting measuring point on the wall. 

 

 
 

Figure 7. Panorama of the project. 

3.2 Detecting equipment 

The data collection system of impact imaging 
method of field consists of wideband logger, high-
frequency elastic wave receiver and impact hammer. 
The instrument used for the testing work: 2 Geode 
Digital seismograph: Recording channel: 
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24channels; ADC: 24 bit; High cut-off frequency: 
20000 Hz; Low cutoff frequency: 1.75 Hz. 
Manufacturer: Geometrics in The USA. Specific 
parameters and equipment as shown in Table 1: 
 
Table 1. List of instrument parameters. 
Name Manufacturer Quantity Specific 

parameters 
Recorder Geomatrice 

company 
2 24 Channel,24bit∆-

ΣADC,High cut-off 
frequency：20000 
Hz；Low cutoff 
frequency：1.75 Hz 

Laptop  2 Field notebook with 
waterproof and 
dustproof anti-
vibration 

Receiver Geospace 
company 

12 100Hz moving coil 
type vertical velocity 
component 
geophones,  

Cable Geomatrice 
company 

2 Seismic signals with 
multi-core cables;24 
channel 

The 
impact 
vertical 

 2 200 grams hard metal 
hammer 

Power  2 12V batteries, power 
converters 

 

 

Figure 8. Detecting defect distribution of the wall by the 
impact of the image by vertical(2 100Hz vertical geophone). 

3.3 Data acquisition 

During the process of detection, we drew some test 
lines on the wall and let the space between these 
lines gradually decrease, The interval between each 
line is 0.5 m to 1 m (Figure. 9). 

The distance between receivers on lines is 0.2m. 
The location of knocking is 0.2m the front of the 
first receiver. after the first detecting point was 
activated and finished recording the data, stimulate 
hammer, receiver moved 0.2m forward at the same 
time, knocking again and recording the data on the 

second detecting point. The rest can be done in the 
same way, moving forward along the lateral line 
when detecting (Figure. 10). 

 

 

Figure 9. Lateral line of impact imaging method. 
 

 

Figure. 10.Schematic of impact imaging method. 

4 DATA ANALYSIS AND DEFECT ANALYSIS 

4.1 Data processing method 

A basic flow of data processing for IIM is shown in 
Figure 5.  

Add Position Information: Assign the positions of 
source and receiver to the seismic data at beginning 
of data processing.  

Normalization with Impact Strength: Normalize 
the seismic data with the acceleration caught by an 
accelerometer on the hammer to reduce the influence 
of variation of impact strength. 

Create Common Offset Gather: Abstract common 
offset traces from the field common source data to 
create common offset gather. 

Noise Reduction: The data may have various 
noises in it. It is necessary to reduce noises by time 
windows and band pass filters  (Vai 1999) . 

Create Waveform Section: Reorder the traces in 
the common offset gather with their position on the 
survey line to create a TIME-WAVEFORM section, 
all further processing will be done with this section. 

Create Impact Image: The IMPACT IMAGE 
section is one of the final results for IIM. As shown 
in Figure 6, its vertical axis is wave lasting time and 
horizontal axis is the distance along the survey line, 
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and amplitude of the seismic wave is represented by 
color (cloud map) or contour line (Figure. 12). 

Calculate Impact Response: To evaluate the 
impact image quantitatively, the average amplitude 
is calculated as an index called IMPACT 
RESPONSE for that the average amplitude reflects 
the response of the media to the impact. The impact 
response can be presented as a line graph or a 
contour map as well as color-scaled cloud 
map(Figure. 13). 

Standardize Impact Response: In some case, we 
expect to use a value with no dimension to evaluate 
the media inspected, this can be achieved by setting 
up a reference line in no defects area and standardize 
the impact response with that of the reference data 
( Figure. 11),( Paulsson 2004) . 

 

 

Figure 11. Data processing flow for impact imaging method 
(Feng 2013). 
 

 

 
Figure 12. Result presented by impact response. 

4.2 Defining hollowing zone 

After we get the result impact wave image, we 
should explain it. 

Impact imaging method is mainly based on 
impulse response intensity (average response 
amplitude) to determine the defect, requiring a 
combination of field experiments and the result of 

Numerical simulation. In this test, based on the degree 
of the impact intensity of the response, the detection 
area is divided into hollowing area, unknown areas 
and dense region of three levels, as shown in Figure 13. 

 

 

Figure 13. judgment of the impact imaging method. 

4.3 Result 

The results of the impact imaging method are as 
followed: 47 percent of the aqueduct has cracks in it. 

 

 

Figure 13. Defect region map. 
 

 

Figure 14. The core drill.  
 
The agreement of the data we processed and 

drilling is more than 98%(There is a steel in the 
drilling, so we stop to drill down）. Thus, impact 
mapping method is an accurate and reliable way to 
detect the empty area. 

FIG. 13 is the result of the measurement of the 
wall, you can see many empty areas. The drilled 
results are in line with the impact imaging method 
(Figure 14). 
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CONCLUSION 

The Impact Imaging Method and its application for 
detecting internal cracks in concrete structure caused 
by frost heave damage has been studied. The 
effectiveness of the method was discussed both by 
numerical simulation and field test. The following 
conclusions can be summarized from the results: 

As numerical simulation shows, the impact 
response (Average amplitude) over an internal crack 
become several times larger than over a health area 
on a thick concrete wall; 

Highly agreeable with boring cores, the field 
detecting result shows that the internal cracks in a 
concrete wall can be detected by impact response 
(average amplitude); 

Because the detection uses elastic wave in the 
frequency band of sonic, the internal steel bars do 
not trouble the detection; 

It should be aware that the properties of the 
media, such as elastic modulus, thickness and 
internal structures will certainly affect the amplitude 
of response waveform, so the impact response can 
only be used for detecting defects in a relatively 
homogeneous media. The depth of the defects is also 
a factor that affects the impact response. We will 
continue our research with these issues. 

REFERENCES 

Abdel-Ghaffar, A.M. and Khalifa, M.A. 1991. Importance, of 
Cable Vibration in Dynamics of Cable-stayed Bridges. 
Journal of Engineering .  

Capon, J. 1969, High resolution frequency-wave number 
spectrum analysis. Proc. IEEE, (57): 1408-1418. 

Chao, L., Che, A.L. and Feng, S.K. 2013. Propagation 
Characteristics of Elastic Wave in Layered Medium and 
Applications of Impact Imaging Method. Shanghai Jiaotong 
Univ. (Sci.) 18(4): 479-485. 

Feng S.K. Che A.L, Wang H and Huang T. 2013. Study on the 
theory, method, and application of impact imaging method 
for grouting evaluation, the 11th SEGJ International 
Symposium. 

Hall, L. 2003. Simulations and analyses of train-induced 
ground vibrations in finite element models. Soil Dynamics 
and Earthquake Engineering, 23(5): 403-413. 

Hu, M.S., Pan, D. M. and Li, J.J. 2010. The method of 
synthesizing surface-wave seismogram based on dispersion 
curves. Coal Geology and Exploration, 38 (2): 59-67. 

Kim, J.K., Kim, C.Y. and Yi, S.T. 2009. Effect of carbonation 
on the rebound number and compressive strength of 
concrete. Cemment and Concrete Composites, 31(2):139-
144. 

Li, Y., Lou, M. and Pan, D. Evaluation of Vertical Seismic 
Response for Largescale Beam-supported Aqueduct, 2003. 
Earthquake Engineering and Structural Dynamics .  

Ling, H.S. 2009. Research on the static and dynamic property 
of ballastless track based on fracture and damage 
mechanics. Southwest Jiaotong University. 

Paulsson, B., Karrenbach, M. and Milligan, P. 2004. High 
resolution 3D seismic imaging using 3C data from large 
downhole seismic arrays. First Break, 23:73-83. 

Vai, R., Castillo-Covarrubias, J.M., Sánchez-Sesma, F.J. 1999. 
Elastic wave propagation in an irregularly layered medium. 
Soil Dynamics and Earthquake Engineering, 18(1):11-18. 

Yu, Z.Z., Guo, X.T., Li, T.H., 2003. Analysis of application to 
test the heavy density of Rockfill, Dam Water Resources 
Development and Management, (5): 17-19. 

 
 

:542:



1 INTRODUCTION 

Production of ordinary Portland cement (OPC) in-
volves considerable generation of CO2.  Thus, the 
use of more environmentally friendly construction 
materials that support the concept of sustainable de-
velopment is inevitable in the present time. One ap-
proach to reduce the global warming associated with 
CO2 emission of the cement industry is the devel-
opment of alternative binders to OPC. The term ge-
opolymers initially introduced by Davidovits. 
(1999). Geopolymer as an alternative cement-less 
binder is synthesized from materials of geological 
origin (e.g. metakaolin) or industrial by-products 
such as fly ash and slag that are rich in silica and 
alumina with high alkaline activators. In this study, a 
low calcium (Class F) fly ash which contains high 
amounts of silicon and aluminum was used as the 
source material. According to Duxson et al. (2007), 
the CO2 emission associated with production of fly 
ash-based geopolymer is at least 80% less compared 
to manufacture of OPC. Since the first introduction 
of geopolymer, extensive research and development 
on this material have been undertaken worldwide 
with hopes to promote geopolymer concrete as an 
ultimate sustainable construction material for the fu-
ture (Hardjito et al., 2004; Wallah and Rangan, 

2006; Sumajouw and Rangan, 2006; Kong and San-
jayan, 2008). However, very few studies investigat-
ed the performance and properties of fiber reinforced 
geopolymer composites (FRGCs) (Yunsheng et al., 
2009; Li and Xu, 2009; Nematollahi et al., 2014). 
Moreover, none of the above studies reported deflec-
tion hardening or strain hardening in bending or ten-
sion for FRGCs. 

Fiber reinforced cementitious composites 
(FRCCs) have been progressively developed in the 
last decades. Great interests have been demonstrated 
by several researchers around the world in the area 
of FRCC leading to the development of ductile fiber 
reinforced cementitious composites (DFRCCs). 
DFRCC is a special class of FRCCs that has higher 
deflection capacity at peak load in comparison with 
other FRCCs and characterized by deflection hard-
ening in bending after first cracking, accompanied 
by multiple fine cracks. Currently, 100% cement-
based matrix is mainly used for the manufacture of 
DFRCC; however, few studies have also been con-
ducted to incorporate high volume fly ash as partial 
replacement of OPC in DFRCC mixture (Ahmed et 
al., 2006). Recently, a feasibility study was conduct-
ed by Shaikh (2013) to develop ductile fiber rein-
forced geopolymer composite (DFRGC) where the 
OPC matrix is completely replaced by fly ash-based 
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geopolymer matrix which exhibits deflection hard-
ening behavior accompanied by multiple cracking in 
flexure similar to the conventional DFRCC. In gen-
eral, matrix plays an important role in the deflection 
hardening behavior of the composites as it affects 
the first-crack strength of the composite and the ma-
trix-fiber bond properties. The objective of this 
study is to compare the behavior of the recently de-
veloped fly ash-based DFRGC with its cement-
based counterpart (i.e. DFRCC). The water to ce-
ment ratio of the DFRCC mixture was correspond-
ing to the activator solution to fly ash ratio of the 
DFRGC mixture for comparison purposes.  

2 MATERIALS 

The low calcium fly ash (Class F) used in this study 
was supplied from Gladstone power station in 
Queensland, Australia. The OPC conforms to AS 
3972 general purpose (Type GP) was supplied from 
Geelong Cement, Australia. The activator combina-
tion used in this study was composed of 8.0 M sodi-
um hydroxide (NaOH) and D Grade sodium silicate 
(Na2SiO3) solutions. NaOH solution was prepared 
with a concentration of 8.0 M using NaOH beads of 
97% purity supplied by Sigma-Aldrich and tap wa-
ter. The D Grade Na2SiO3 solution was supplied by 
PQ Australia with a specific gravity of 1.51 and a 
modulus ratio (Ms) equal to 2.0 (where Ms=SiO2/ 
Na2O, Na2O=14.7%, SiO2=29.4% and balance H2O). 
NaOH and Na2SiO3 solutions were mixed together 
with Na2SiO3/NaOH mass ratio of 2.5 to make the 
activator used in this study. Properties of the PVA 
fiber used in this study supplied by Kuraray Co. Ltd. 
of Japan are presented in Table 1. 

3 EXPERIMENTAL PROCEDURES 

3.1 Mixture designs and mixing 

In this study two DFRGC and DFRCC mix propor-
tions were designed to compare the effects of geo-
polymer-based matrix versus the cement-based ma-
trix on the matrix and composite properties 
including workability of the fresh matrix, density, 
deflection capacity, compressive and flexural 
strengths, composite ductility in flexure and compo-
site toughness. An activator solution to fly ash ratio 
of 0.35 was selected to prepare the DFRGC compo-
site. The water to cement ratio of the counterpart 
DFRCC composite was equal to 0.35 corresponding 
to the activator solution to fly ash ratio of the 
DFRGC composite. Table 1 presents mix propor-
tions of the DFRGC and DFRCC composites used in 
this study. Both DFRGC and DFRCC composites 
were prepared in a Hobart mixer. To prepare the fly 
ash-based geopolymer matrix, the  alkaline activa-
tors in the form of solution as well as extra water 
were added to the fly ash and mixed for about 4 min. 

To prepare the counterpart DFRCC composite water 
was gradually added to the cement and mixed for 
about 3 min. In each mix once a consistent  matrix 
was reached, the PVA fibers (2% v/v) were gradual-
ly added, taking care to ensure uniform fiber disper-
sion. The whole mixing procedure for each compo-
site generally took about 15 min.  
 
Table 1. Properties of the PVA fibers.  
Fiber label RECS 15 
Diameter (µm) 40 
Length (mm) 8 
Young’s modulus (GPa) 41 
Elongation (%)  6 
Density (gr/cm3) 1.3 
Strength (MPa) 1600 

 
Table 2. Mix proportions of DFRGC and DFRCC.  
Mix I D Fly ash OPC Activator  

solution  
Water PVA  

fiber 
DFRGC 1.0 --- 0.35 0.0141 0.02 
DFRCC --- 1.0 --- 0.35 0.02 
Note: All numbers are mass ratios of fly ash weight except fi-

ber contents (volume fraction). 
1 Extra water added to the activator solution. 

3.2 Casting, curing and testing of specimens 

To determine workability of the fresh matrix in each 
composite, mini slump test also known as spread-
flow tests was conducted. Each mix was tested 
twice. Details of the mini-slump test can be found in 
Nematollahi and Sanjayan (2014). The relative 
slump value was derived from the following equa-
tion: 

Γp=(d/d�)	
� −1 (1)                                                                                                           

where Γp is relative slump, d is the average of two 
measured diameters of the matrix spread and d0 is 
bottom diameter of the conical cone, equals to 100 
mm in this study (Okamura and Ozawa, 1995).  

For each mix, compressive strength of the matrix 
(before addition of the PVA fibers) and the compo-
site (after addition of the PVA fibers) were meas-
ured. In this regard, the fresh geopolymer and OPC 
matrices and composites were cast into standard 50 
mm plastic cube molds and compacted using a vi-
brating table. The DFRGC specimens were subject-
ed to heat curing. In this regard, all molds were 
sealed to minimize moisture loss and placed in an 
oven at 60° C for 24 hours. At the end of the heat 
curing period, the specimens were removed from the 
oven and kept undisturbed until being cool and then 
removed from the molds and left in the laboratory at 
ambient temperature until the day of testing. How-
ever, the DFRCC specimens were cured in air at 
room temperature (23 °C ± 3 °C) for 24 hours. The 
hardened specimens were then removed from the 
molds and cured in water tank until 28 days at a 
temperature of 23 °C ± 3 °C. All DFRGC specimens 
were tested 3 days after casting; whereas, the 
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DFRCC specimens were tested 28 days after casting. 
Previous studies have shown that age does not have 
considerable effect on strength of geopolymers after 
the completion of the heating curing period, thereby 
three-day compressive strength of geopolymer is 
equivalent to a typical OPC strength development 
after 28-days (Kong and Sanjayan, 2008; Harjito et 
al., 2004). At the testing day the specimens were 
weighed to determine the matrix and composite den-
sity of each mix. Compressive strength of all speci-
mens were measured according to ASTM C109 
(2007). For each mix, at least three matrix speci-
mens and three composite specimens were tested in 
order to check the variability of performance under 
compression.  

Four-point bending tests were conducted to eval-
uate the flexural performance of the DFRGC and 
DFRCC composites. For each mix, at least three 
composite panels with the dimensions of 400 
mm×75 mm×10 mm were cast and cured similar to 
the cube specimens. Four-point bending tests with 
the mid-span measuring 100 mm were conducted 
under displacement control with a constant rate of 
0.5 mm/min using an electronic MTS machine. The 
first cracking point is defined as the point where 
nonlinearity in the load–deflection curve becomes 
obvious and this point is designated as limit of pro-
portionality (LOP) (Kim et al., 2008). The load val-
ue at LOP and its corresponding deflection value are 
designated as PLOP and δLOP, respectively. The ulti-
mate flexural strength commonly known as modulus 
of rupture (MOR) is defined as the point where sof-
tening happens after LOP. The load value at MOR 
and its corresponding deflection value are designat-
ed as PMOR and δMOR, respectively.  The MOR for 
each composite can be determined from the follow-
ing equation:  


�� =
����	×	�

�	×	��	
 (2)                                                                                                        

where L=300 mm is the distance between the sup-
porting rollers (span length), and b=75 mm and 
d=10 mm are the width and the height of the compo-
site panels, respectively. 

4 RESULTS AND DISCUSSION 

4.1 Workability and density 

The average matrix workability of each composite in 
terms of relative slump value is shown in Table 3. 
According to this table, the matrix workability of the 
DFRCC composite was 97.1% lower compared to 
that of the DFRGC composite. The average matrix 
and composite density of each mix is presented in 
Table 4. As shown in this table, the matrix and com-
posite density of the DFRCC composite were 9.4% 
and 11.6%, respectively, higher compared to those 
of the DFRGC composite. In addition, the composite 

density of both DFRGC and DFRCC composites 
were relatively lower compared with their corre-
sponding matrix densities. This may be attributed to 
a fiber induced damage effect, which results in a 
composite with higher porosity compared with the 
matrix material alone (Li and Mishra, 1992).  
 
Table 3. Matrix workability of each composite.  
Mix ID Relative slump value 
DFRGC 6.9 

DFRCC 0.2 

 
Table 4. Density of each mix.  
Mix I D Density; (kg/m3) 

Matrix Composite 
DFRGC 1859 1804 
DFRCC 2033 2014 

4.2 Compressive strength 

The matrix and composite compressive strength of 
each mix in presented in Table 5. As shown in this 
figure, the compressive strength of both DFRGC and 
DFRCC composites were higher than that of their 
corresponding matrices due to  the addition of the 
PVA fibers (2% v/v). Moreover, as expected it was 
observed that in both composites crack propagation 
was restrained due to bridging mechanism of the 
PVA fibers; thereby the specimens kept their origi-
nal shapes after peak load resulting in a ductile fail-
ure mode. According to Table 5, the matrix and 
composite compressive strength of the DFRCC 
composite were 18.7% and 6.1%, respectively, low-
er than those of the DFRGC composite.   
 
Table 5. Compressive strength of each mix . 
Mix ID Compressive strength; (MPa) 

Matrix Composite 
DFRGC 54.6 63.7 

DFRCC 44.4 59.8 

4.3 Flexural strength versus mid-span deflection 
responses  

Figures 1 and 2 present the flexural stress versus 
mid-span deflection behavior of each composite. In 
order to achieve deflection hardening with multiple 
cracking behavior, the MOR of the composite must 
exceed the first-cracking strength (fLOP). If this con-
dition is satisfied, multiple cracking with increasing 
load occurs and an immediate stress drop after first 
cracking with bridging fibers being pulled out or 
ruptured is prevented. The deflection hardening can 
be enhanced by increasing the gap between the fLOP 
and the MOR and their corresponding deflections 
(i.e. δLOP and δMOR)  (Shaikh, 2013). As can be seen 
in Figures 1 and 2, both DFRCC and DFRGC com-
posites, regardless of their type of matrices, exhibit-
ed deflection hardening with multiple cracking be-
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havior. The fLOP, MOR and their corresponding de-
flections of each composite are summarized in Table 
6. As shown in this table, in both composites the 
MOR is increased with respect to the corresponding  
fLOP of the composite. In addition, the MOR of the 
DFRGC composite was 13.7% higher than that of 
the DFRCC composite. The higher MOR of the 
DFRGC composite could be due to the interfacial 
properties. In other words, the chemical bonding en-
ergy and the frictional bond strength of the DFRGC 
composite increased more than the cracking strength 
compared with the DFRCC composite; resulting in 
higher fiber bridging strength (Lee et al., 2012). In 
addition, the fLop of the DFRCC composite was 
35.9% higher than that of the DFRGC composite. 
The lower fLOP of the DFRGC composite is an indi-
cation of its lower matrix fracture toughness com-
pared to that of the DFRCC composite (Li et al., 
2001). Basically, the matrix with low fracture 
toughness is desirable for the deflection hardening 
behavior (Shaikh, 2013). This could be one of the 
reasons for superior deflection hardening behavior 
of the DFRGC composite to the DFRCC composite.  

 
Figure 1. Flexural stress vs. mid-span deflection of DFRGC. 
  

 
Figure 2. Flexural stress vs. mid-span deflection of DFRCC. 

 
Comparison between the δLop and the δMOR of 

each composite revealed that in both DFRGC and 
DFRCC composites, the δMOR was significantly 
higher than the δLop of the composite. In addition, 
the δMOR of the DFRGC composite was significantly 
higher (i.e. 156%) than that of the DFRCC compo-
site. One of the underlying reasons for the signifi-
cant difference in the deflection capacities (δMOR) of 
the DFRGC and DFRCC composites lies in their 
considerably different MOR/fLOP ratios as presented 

in Figure 3. According to this figure, the MOR/fLOP 

ratio of the DFRGC composite was 61.1% higher 
than that of the DFRCC composite. According to 
Kanda and Li (2006), the higher the MOR/fLOP ratio, 
the greater the possibility of deflection hardening 
behavior which results in higher deflection capacity 
of the composite. 

 

 
Figure 3. Ratio of MOR/ fLOP and ductility index (δMOR/δLOP) of 
each composite. 
 
Table 6. Flexural test results. 
Mix I D fLOP (MPa) δLOP 

(mm) 
MOR 
(MPa) 

δMOR 
(mm) 

DFRGC 3.95  1.11  11.5  39.7  
DFRCC 5.37  0.523  9.92 15.5  

4.4 Composite ductility in flexure 

According to Naaman and Reinhardt (1995), duc-
tility of a composite is considered as the ratio of de-
flection at MOR to the first-crack deflection 
(δMOR/δLOP) provided the MOR > fLOP. In other 
words, if MOR > fLOP,  the higher the ratio of 
δMOR/δLOP, the more ductile the composite is. Hence, 
ductility index can be defined as follows: 

If MOR > fLOP;  Ductility index = 
����

����
 (3)                                

Ductility index of each composite is also present-
ed in Figure 3. As shown in this figure, the ductility 
index of the DFRGC composite was 20.9% higher 
than that of the DFRCC composite. The higher 
MOR/fLOP ratio and ductility index of the DFRGC 
composite clearly indicates its superior ductility to 
the counterpart DFRCC composite. 

4.5 Toughness indices  

One of the most important advantages of the 
composites exhibiting deflection hardening behavior 
is their greater energy absorption capacity (i.e. 
toughness) compared to the composites which ex-
hibit deflection softening behavior. According to 
ASTM C1018 (1997), the behavior of the FRCC up 
to the commencement of cracking in the matrix is 
characterized by the fLOP; while, the toughness indi-
ces represent the stiffness after first-crack up to par-
ticular end point deflections. Actual performance of 
a composite material can be compared with easily 
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understood elastic-perfectly plastic material behav-
ior through the toughness indices. The values of I5, 
I10, and I20 for a linear elastic-perfectly plastic mate-
rial are equal to 5.0, 10.0 and 20.0, respectively. Ta-
ble 7 presents the average toughness indices (i.e. I5, 
I10 and I20) of each composite obtained by dividing 
the area under the load-deflection curves up to the 
3δ���, 5.5δ��� and 10.5δ���, by the area up to the 
δ���, respectively.  

 
Table 7. Toughness indices of each composite. 
Mix ID I 5 I10 I20 
DFRGC 6.5 14.5 31.9 
DFRCC 5.4 11.5 25.9 

 
According to Table 7, the I5, I10, and I20 values of 

both DFRGC and DFRCC composites were greater 
than the set benchmark values (i.e. 5.0, 10.0 and 
20.0 for I5, I10 and I20, respectively). Therefore, it 
can be concluded that both DFRCC and DFRGC 
composites exhibited significantly improved post-
cracking flexural performance which even outper-
formed linear elastic-perfectly plastic material be-
havior. However, the DFRGC composite exhibited 
superior toughness indices that clearly indicate its 
higher ductility and energy absorption capacity to 
the DFRCC composite. According to Naaman and 
Reinhardt (1995), the I20 > 20.0 is an indication of 
deflection hardening behavior in fiber reinforced 
composites. In this study, the I20 values of both com-
posites especially of the DFRGC composite were far 
greater than 20.0. This is another indication that the 
fly ash-based DFRGC composite developed in this 
study exhibited deflection hardening and multiple 
cracking behavior with superior composite ductility 
and toughness to the conventional DFRCC compo-
site.   

5 CONCLUSIONS 

The effects of the type of matrix (the geopolymer-
based matrix versus the conventional cement-based 
matrix) on the matrix and composite properties in-
cluding workability of the fresh matrix, density, de-
flection capacity, compressive and flexural 
strengths, composite ductility and toughness were 
evaluated in this study.  Both DFRGC and DFRCC 
composites exhibited deflection hardening behavior 
accompanied by multiple fine cracks in bending. 
The following conclusions can be made from the 
experimental study conducted: 

1) The MOR of the DFRGC composite was 13.7% 
higher than that of the DFRCC composite. The high-
er MOR of the DFRGC composite could be due to 
the interfacial properties. In other words, the chemi-
cal bonding energy and the frictional bond strength 
of the DFRGC composite increased more than the 
cracking strength compared to the DFRCC compo-
site; resulting in higher fiber bridging strength. 

However, the fLop of the DFRCC composite was 
35.9% higher than that of the DFRGC composite. 
The higher fLop of the DFRCC composite is an indi-
cation of its higher matrix fracture toughness com-
pared to that of the DFRGC composite. This could 
be one of the reasons for superior deflection harden-
ing behavior of the DFRGC composite to the 
DFRCC composite.  

2) The δMOR of the DFRGC composite was signif-
icantly higher (i.e. 156%) than that of the DFRCC 
composite. One of the underlying reasons for the 
significant difference in the deflection capacities 
(δMOR) of the DFRGC and DFRCC composites lies 
in their considerably different MOR/fLOP ratios. The 
MOR/fLOP ratio of the DFRGC composite was 
61.1% higher than that of the DFRCC composite. 
The higher the MOR/fLOP ratio, the greater the possi-
bility of deflection hardening behavior which results 
in higher deflection capacity of the composite. 

3) The ductility index of the DFRGC composite 
was 20.9% higher than that of the DFRCC compo-
site. The higher MOR/fLOP ratio and ductility index 
of the DFRGC composite clearly indicates its supe-
rior ductility to the counterpart DFRCC composite. 

4) Both DFRCC and DFRGC composites exhibit-
ed significantly improved post-cracking flexural per-
formance which even outperformed linear elastic-
perfectly plastic material behavior. However, the 
DFRGC composite exhibited superior toughness in-
dices that clearly indicate its higher ductility and en-
ergy absorption capacity to the conventional 
DFRCC composite. 
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1 INTRODUCTION 

A widely-accepted perception of soil-structure inter-
action in most design codes is its beneficial role in 
the design of structures. Design acceleration spectra 
resulting from actual recordings of many elastic re-
sponse spectra consists normally three branches: in-
creasing, constant and decreasing acceleration 
branches. Whereas the constant acceleration branch 
of a soft deposit soil can take up to 1 sec period 
(Gazetas, 2006). This long natural period may lead 
to smaller acceleration, bending moment, and base 
shear of majority of building structures and their 
foundation due to its position in the decreasing ac-
celeration branch of conventional response spectra 
(Fardis, 2005). It is also noted similarly in ASCE7-
05 (2006) that the base shear of the structure is re-
duced for an amount in case that soil-structure inter-
action is taken into account. However the beneficial 
role of soil in soil-structure interaction has become 
an unclear thing. It has been shown in many docu-
ments and case histories that over-simplification of 
the beneficial role of soil-structure interaction may 
lead to a non-conservative design of structures, 
hence cause destruction of structures during earth-
quake. The collapses of a long elevated highway 
section of Hanshin Expressway’s Route 3 in Kobe 

(Mylonakis, Syngros, Gazetas, & Tazoh, 2006) and 
buildings in the recent Adana-Ceyhan earthquake 
(Celebi, 1998) were caused by detrimental role of 
soil.  

Therefore this paper aims to study the detrimental 
role of soil participating in seismic response of 
structures. A case study of a building with its corre-
sponding soil profile is used to observe its elastic re-
sponse while it is subjected to earthquake excitation. 
This study is useful for understanding the perfor-
mance of a structure with consideration of its under-
lying soil properties.  

2 STRUCTURAL MODEL 

2.1 Superstructure model 

The case-study building is a concrete core-wall 
building with the height of 27.5 m and 36 m x 24 m 
floor plan (Figure 1). The column cross section is 60 
cm by 50 cm and the wall thickness is 25 cm. The 
lateral load resisting elements of the building are re-
inforced concrete core wall and columns. The com-
pressive strength of concrete is 30 MPa and yielding 
strength of rebar is 400 MPa. Young modulus of 
concrete and steel are 25,743 MPa and 200,000 
MPa, respectively. The gravity-load carrying system 
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ponse of the structure. The results indicate that the structure exhibits larger displacements as well as story 
drifts caused by elastic support condition. In addition, story shears and overturning moments are modified 
significantly.  
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used to support a super-imposed dead load of  1 
kN/m2 and a live load of 3 kN/m2 is a 20 cm thick 
post-tension concrete flat slab resting on reinforced 
concrete columns and shear walls.  
 

` 
 
Figure 1. Floor plan of the case-study building. 
 

 
The flat slab and wall are modeled as shell ele-

ment, while columns are modeled as beam-column 
frame element. Finite element program, ETABS 
(2005) is used to model the considered building. 3D 
model of the studied fixed-base structure is shown in 
Figure 2.  
 

Figure 2. 3-D model in ETABS. 

2.2 Substructure model 

Footings and piles are also included the model. 1m-
thickness footing with 1.5 m width by 1.5 m length 
is modeled under each column, while footing with 
4.2 m width by 9.2 m length is modeled under each 
core wall. Property of the footings is defined as 
shell-thick element in the model. Under each col-
umn, a circular-column element with diameter of 1m 
and length of 39 m is modeled to represent a pile 
supporting the superstructure. There are totally 6 
piles used to support a core wall. A 3D model of 
footings with piles is shown in Figure 3.  

 
Figure 3. 3D model of substructure elements. 

3 REPONSE SPECTRUM  

In this study, the design response spectrum from 
Thai seismic design code is used. Figure 4 below 
shows the plot of pseudo acceleration with natural 
period of the structure.  

 
Figure 4. Design response spectrum. 

4 EQUIVALENT SOIL SPRING AND 
VERTICAL STIFFNESS FOR PILE 
FOUNDATION 

The analysis of the laterally loaded piles has been 
done by many researchers. The widely used and 
simple method of analysis is by using the subgrade 
reaction model proposed by Winkler 1867. In that 
method, the surrounding soil is modeled as a series 
of unconnected linearly-elastic springs. The spring 
stiffness is defined in term of modulus of horizontal 
subgrade reaction (kh : kN/m3) as shown in Equation 
1.  

 
h hK k B L= × ×∆   (1) 
 

where ks = modulus of horizontal subgrade reaction; 
B = width or diameter of the pile; and  L∆ = spring 
spacing. 
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In Winkler model, the pressure p and the deflec-
tion y at a point are assumed to be related through 
the modulus of subgrade reaction, which for hori-
zontal loading, is denoted as hk  and shown in Equa-
tion 2. The physical meaning of hk is illustrated in 
Figure 5. 
 
 (2) 
 

 
 
Figure 5. Horizontal subgrade reaction of soil. 

4.1 Modulus of subgrade reaction for sand 

Terzaghi (1955) presented the evaluation of modulus 
of subgrade reaction for sand as shown in Equation 
3. 
 
  (3) 
 
where z =  depth below ground surface; B = width or 
diameter of the pile; and hn  = constant of horizontal 
subgrade reaction.  
Recommended values for constant of subgrade reac-
tion are shown in Tables 1 and 2.  
 
Table 1.  Recommended values for constant of subgrade reac-
tion (Davisson, 1970).  ______________________________ 
Soil type         hn             ______________  
             kN/m3   ______________________________ 
Granular        2840-28380 
Silt            110-850 
Peat                60 ______________________________ 
 
Table 2. Recommended values for constant of subgrade reac-
tion (Reese, Cox, & Koop, 1974; Terzaghi, 1955).  _______________________________________________ 
Soil property         Loose   Moderate        Hard             ______      _______ __     ________ 
Author          kN/m3            kN/m3           kN/m3 _______________________________________________ 
Terzaghi (1955)    740-2180  2180-7380   7380-14470 
Reese et al. (1974)      5680              17030           35470 

 
Tomlinson and Woodward (2008) investigated 

the the relationship of SPT-N value with relative 
density of soil (Tab. 3) by using the graphic given by 
Terzaghi and Reese as shown in Figure 6.  
 

 
Figure 6. Relationship between relative density and coefficient 
of subgrade reaction. 

4.2 Modulus of subgrade reaction for clay 

Modulus of subgrade reaction for clay was intro-
duced by Davisson (1970) as shown in Equation 4.  
 
 (4) 
 
where      = undrained shear strength and B = width 
or diameter of the pile.  

4.3 Soil properties 

In this study, Bangkok subsoil is used. Soil profile 
and its correstponding properties are shown in Table 
3 (Chandrasakha, 2013). As seen in Table 3, the un-
derlying soil in Bangkok area consists of a very deep 
soft deposit which may be vulnerable to earthquake 
excitation tending to amplify the response of the 
structure.  

 
Table 3. Soil layers and their properties.  
Depth Soil type SPT-N Su (kN/m2) ϕ 

2-15 Very soft ot soft clay 2-12 21 - 

15-18 Medium clay 6-18 57 - 

18-25 Stiff to very stiff clay 15-35 120 - 

25-40 Dense sand 18-65 - 35 

40-45 Hard clay 27-62 262 - 

45-60 Very dense sand 25-80 - 36 

4.4 Calculation of spring stiffness 

Based on the calculation procedure and soil proper-
ties given above, stiffness of each spring can then be 
evaluated. The constant of subgrade reaction for 
sand is chosed from the recommended value given 
by Terzaghi (1955). The following table is the sum-
mary of the spring stiffness to be used in the analy-
sis.  
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Table 4. Summary of spring stiffness.  
Depth 
m 

Type of 
soil SPT-N Su 

kN/m2 
k 
kN/m3 

K 
kN/m 

1-15 
Very soft 
to 
soft clay 

2-12 21 1407 1407 

16-18 Medium 
clay 6-18 57 3819 3819 

19-25 
Stiff 
to very 
stiff clay 

15-35 120 8040 8040 

26 

Dense 
sand 18-65 

- 

7380 

191880 

27 - 199260 

28 - 206640 

29 - 214020 

30 - 221400 

31 - 228780 

32 - 236160 

33 - 243540 

34 - 250920 

35 - 258300 

36 - 265680 

37 - 273060 

38 - 280440 

39 - 287820  

4.5 Stiffness of vertical spring 

The stiffness of the vertical spring applied at the tip 
of the pile (Kv = 518159.58 kN/m) is used in the 
analysis. Equation 5 shows its relation with section 
modulus and length of the pile.  

 
 (5) 
 
where E = Young’s modulus of pile; A = area of 
cross section of the pile; and L = length of the pile. 

5 RESULTS AND DISCUSSION 

Analyzed model is shown in Figure 7. According to 
the study results, it is found that the periods of the 
model with flexible base support are higher than that 
of fixed base support for all considered modes. The 
period of the first mode of the model with SSI is 
about 2 times of the period of the fixed base model. 
This is caused by the flexibility of the soil that tends 
to lengthen the structural period. Table 5 summariz-
es the modal periods and frequencies of each studied 
model. The notation “SSI” refers to the model of the 
structure with springs supporting the piles and 
“Fixed” refers to the model of the structure with 
fixed support. 

Table 5. Modal periods and frequencies  

Mode 
Period (sec) Frequency (rad/sec) 

Fixed SSI Fixed SSI 

1 0.865 1.823 7.2644 3.4461 

2 0.758 1.675 8.2853 3.752 

3 0.491 1.508 12.7847 4.1667 
 
The detrimental effect of soil structure interaction 

is clearly seen in Figures 8 and 9. In Figure 7, the 
displacement at story 1 refers to the displacement at 
ground level of the structure. It is noticeable at that 
level that the displacement of the structure with pile 
foundation is not zero, while that of fixed base struc-
ture is approximately zero (Figs 8 and 9). Due to the 
flexibility of the soil represented by a series of 
springs, the pile heads can move for some distance. 
The displacement then continues increasing from the 
base of the structure to its maximum value which is 
about 5 times compared to the displacement of fixed 
base structure (Figure 8). The displacements in E-W 
direction are larger than that in N-S direction since 
in N-S direction the two core wall provide large 
stiffness to resist the lateral load applied.  

 

 
 
Figure 7. An elevation of the studied model. 

 
It is similarly observed for the structure with SSI 

that story drifts (Figures 10 and 11) are magnified 
significantly. 
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Figure 8. Story displacements of fixed and flexible base struc-
tures - E-W direction. 

 

 
Figure 9. Story displacements of fixed and flexible base struc-
tures - N-S direction. 

 
The maximum drifts in both directions are at the 

first story of the structure with flexible base, while 
the maximum drifts for fixed base structure are at its 
7th story for drift in E-W direction and at its 9th story 
for drift in N-S direction. The difference between the 
two maximum drifts in E-W direction is about 3.5 
times.  

 
Figure 10. Story drifts of fixed and flexible base structures – E-
W direction. 

 
Figure 11. Story drifts of fixed and flexible base structures – N-
S direction. 
 

The maximum drift among all cases is about 
0.0013 which is relatively small compared to allow-
able drift of 0.02 mentioned in ASCE7-05 (2006). 
Even though the drifts do not exceed the limit, high-
er drifts may cause higher change of internal forces 
of structural elements in each story.  

Refered to Figures 12 and 13, the story shears of 
both fixed and flexible base are compared. The story 
shear indicates the value of force exerting on each 
floor of the structure. As seen in Figures 12 and 13, 
shear forces at each story of flexible base structure 
are higher than that of fixed base structure regarless 
of directions. The value is more important at the 
base of the structrue where the shear force of the 
structure with SSI is about 1.5 times of that of fixed 
base structure in E-W direction and 1.8 times in N-S 
direction. According to this result, the value of base 
shear is almost double when SSI is taken into ac-
count. This high value of shear force should be paid 
attention to during analysis as well as design of re-
sisting elements. 

 

 
Figure 12. Story shears of fixed and flexible base structures – 
E-W direction. 
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Figure 13. Story shears of fixed and flexible base structures – 
N-S direction. 

 
Similar to story shears, the overturning moments 

of each floor also increase to a significant value 
(Figs 14 and 15). The moments at the top of both 
structures are equally zero. The values then tend to 
separate from each other to higher values until they 
reach their maximums which are the base of the 
structures. Both values are about 1.5 times differ-
ence in both direction and the structure with SSI 
shows a higher value.  

 
Figure 14. Overturning moments of fixed and flexible base 
structures – E-W direction. 

 
Figure 15. Overturning moments of fixed and flexible base 
structures – N-S direction. 

6 CONCLUSION 

In this study, a reinforced concrete core-wall buiding 
is analyzed with the consideration of soil-structure 
interaction. The structure is modeled in conventional 
structural analysis and design program, ETABS. Re-
sponse spectrum analysis is used in the analysis to 
simulate earthquake excitation. The study shows that 
SSI affects the overall response of the structure. The 
period of the structure with SSI increases to about 2 
times compared to that of fixed base structure. The 
results also reveal that the structure exhibits larger 
displacements as well as story drifts while SSI inter-
action is taken into account. Moreover, the forces in 
the structure such story shears and overturning mo-
ments are magnified significantly. However, it is 
recommended to do further research on different 
building configurations and height as well as differ-
ent soil profiles to understand clearly on the seismic 
response of buildings. 
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ABSTRACT The process of general building made the inevitable waste of materials such as nails, structural 
timber, foundation pile, cement and steel rods. Therefore, the construction industry has started producing the 
manufacturing building construction in order to reduce the waste. However, the solution is not completely 
able to construct the buildings. There is also an additional cost for the transportation to the construction site. 
As a result, the reducing of the construction cost is not completely effective. For this reason, to set the exact 
time of the construction process, to avoid material waste and to effectively reduce the construction cost, the 
process to produce the manufacturing building construction has started on construction sites; consequently, it 
facilitates moving around and is worthwhile for the investment. The concept has integrated the Lean 
manufacturing, the science of civil engineering and the new business administration into the process of the 
construction which is called “the Building with the manufacturing process (BMP System)” by bringing out 
the main feature of the Lean manufacturing which focuses on the replacement of instable human resource by 
machines which provides three best advantages as follows: The best quality, Minimum manufacturing cost, 
Minimum manufacturing period 
 

1 INTRODUCTION 

The idea of using machines to replace human 
resource started since the Middle Age until now. In 
order to create an inexpensive and high-quality 
product, the manufacturing is mainly adopted. The 
construction industries in Thailand produce the 
readymade products such as pillars, beams and 
wall which are each separated and need to be 
assembled on the construction site. However, some 
construction industries have taken the Lean 
manufacturing but lack comprehension of the 
complete Lean manufacturing concept 
consequently; the knowledge of Lean 
manufacturing is yet to be widespread. 

1.1 The general principles of Lean manufacturing 

- to minimize the waste or eliminate the 
excess as much as possible 

- to comprehend the characteristics and the 
value of the project 

- to indicate the method or the process of the 
production in each project which affects the 
characteristics and the value mentioned and to 
eliminate the process that does not cause the value 
added. 

- to manage the method or the process that 
causes the value added in order to keep regularly 

flowing by focusing on the coordination at 
interfaces each method 

Therefore, to build the construction site into the 
factory, it has to find the method to replace human 
resource by machines more than 90% (comparing 
with 1 unit of the cost of production),so it will be 
considered as a success. Also, it is very important 
to minimize the waste of construction materials as 
much as possible or make it zero. 

According to the study of the waste 
management which is presented by United States 
Environmental Protection Agency or USEPA, 
there are four methods of the waste management as 
follows: 
Level 1 Prevention means the management which 

prevents the quantity of the waste from 
construction, production or other tasks. 

Level 2 Recycling means the covert of the waste 
into usable material for other suitable 
tasks. 

Level 3 Treatment means the inevitable waste 
which should be safely treated before 
releasing. 

 Level 4 Disposal means taking the treated waste to 
the particular place which has been 
prepared or in the safe place  
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After examining the four methods, it has shown 
that the best way the decrement or prevention of 
the waste affects the reduction of the level 2, 3, and 
4 respectively. 

1.2 The manufacturing processes 

The process 1 Building design 
It is known that design is not only designing the 

external look but also designing to serve the need 
of the project. It must be clear as much as possible 
in order to specify details and prevent any change 
afterward which is considered as a waste. The 
building design should follow the steps below: 

(1) the demonstration techniques such as 
Virtual reality, 3D CAD or Walk through that are 
the technique like walking in the building. 
Specifying clearly the design reduces the problems 
and the changes which would occur afterward. 

(2) The value engineering technique is to 
understand the model and design by focusing on 
the value of each function or the characteristics 
that serve the real need of the project. 

(3) The collaboration of project manager, 
material construction supplier and the foreman is 
needed to participate in designing process and 
encourage working together as partners. 

(4) The design which is based on the same 
standard expectation within the project will make 
the design has exact standard and help eliminate 
the unnecessary process. Using only given tools 
causes the effective project management that leads 
into 6 important skills as below: 

- Mastery  
- Contacts 
- Entrepreneurship 
- Love of technology 
- Marketing 
- Passion for renewal  

 
They are provided into the design procedures as 

follows: 
Step1 Structure design 

Due to the variety of the structure design, one of 
the researches found a suitable design whose 
structure has used more than one purpose such as a 
design of wall, which has to be able to endure the 
vertical force and also apply to be a building wall. 
There are two sections of the design: Flat slab and 
Shear wall which are based on a concept of 
coordination of dimension and space (Modular 
coordination). Thus, it will be the best design 
which is firm, safe and economical.   

(1) The design of floor structure is based on Flat 
Slap Design which reduces the quantity of the 
footing and allows the architect to place partition 
walls anywhere required 

 

 

Figure 1. Floor (Flat slab). 
 

(2) The design of wall structure called Shear 
wall as mentioned above that the quality of the 
design is able to endure a force, replace a masonry 
wall, reduce some unnecessary process and control 
a lot of waste 

 

 

Figure 2. Wall (Shear wall). 
 
Step 2 Architect design  

It would be doubtful why the researcher decides 
to set the architect design after the structure design. 
It is more practical to set clearly the architect 
design first and design the other structure 
respectively. However, the architect whose design 
bases on the architect design cannot set a process 
of the construction as planned. Thus, it is necessary 
to set the structure design first in order to make the 
project achieve its goal.  

 

:556:



     
 

Figure 3.Process of project design by BMP. System. 
 

For the architect design, not only a pattern 
establishment and building area specification but 
also material and equipment selection corresponds 
to the building design as well.  
 
These elements should be considered:  

- durability 
- beauty 
- economy 
- convenience of the maintenance  
- sustainable and eco-friendly manufacturing 

process  

Step 3  System design  
The process of building has to be well-planned 

in term of the public utilities for the benefits of 
maintenance. The good planning of the public 
utilities is often ignored by the architect and it has 
a lot of effects to residents. Therefore, the architect 
must pay attention to shop drawing in order to 
indicate a location and a property accurately and 
precisely. Since the electric utility systems, such 
as, selection of electric city, electric wiring, type of 
electric wire and electric device which are suitable 
to the type of task, are very important in every 
single building, the architect must have a good 
basic knowledge in order to select wisely and 
worthily which help reduce the use of energy and 
provide environmental benefits such as reducing 
global warming. Another significant system is a 
sanity system of a building. For the convenience of 
the use, the location of equipment, such as clean 

water pipe, waste pipe, soil pipe, vent pipe, grease 
trap, septic tank, cesspool, and cesspit, must be 
accurately arranged in order to provide the highest 
efficiency of usability. Due to the fact that these 
materials are placed in the wall, the ceiling and the 
floor, that are difficult to maintain, the architect 
needs to pay attention to the sanity system of a 
building as well. 

 

 
 
Figure 4. Necessary electrical system in the building. 

The Process 2 Mixed design 
As seen that the structure from the Process 1 is 

in flat plate features, a concrete mixed design 
needs to be able to be effective in a narrow site and 
be reproduced quickly (within 24 hours) without 
being cracked: a production of work must be 
complete; the cost should be reasonable and the 
concrete consisting of the admixture is available in 
local area and convenient to use.  

In this study, there are two factors which lead to 
the concrete mixed design as follows: 

- Technique 
- Cost 

Technique 
(1) The state of fresh concrete is considered 

from the conditions below: 
- Its liquidness flows sufficiently and freely 

which means that the concrete flows into every 
part of model when it is been filling. 

- Not be cracked during moving or cement 
process 

- Be able to be pressed in a model  
(2) The state of the consolidating concrete is 

considered from the conditions below: 
- Strength 
- Durability 
- Not be cracked either because of the 

temperature or reproducing process  
 

Engineering pattern establishment 

architect design 

model building 

cenference 
working team 

worthiness of investment 
consideration 

design planning/budget estimation 

building 
construction 
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The factors influence to cost which need to be 
considered: 

(1) Materials 
(2) Availability of basic materials such as stone, 

sand and pebble etc. 
(3) Variation of the quality of the materials 
(4) General quality of admixture which is 

different and it has an effect on the proportion and 
the quality of the concrete  

(5) Type of structure, the type of concrete 
structure is very important. The researcher has to 
select the concrete which has the quantity and the 
type of cement, different from all other structures 
for the high durability which costs highly but 
acceptably. 

(6) The function and the transportation of 
concrete which are quick and economical  

(7) The control of the concrete work, the cost of 
the control of the concrete work which includes the 
control of quality of the concrete 

The Process 3 Mold steel  
This process is considered as the most important 

key because the architect has to realize the strength 
of the mold, the convenience, the rapidity, and the 
safety of the use and another significant thing is to 
be able to remove the mold steel without having 
any effect such as cracked partition on the structure 
afterward  

 

Figure 5. the effect of removing the mold steel. 

A technique of creating a mold steel is applying 
and assembling the existing standard equipment to 
satisfy the use of the process1 and 2. The architect 
must have experience and be highly skillful for this 
particular type of work. Moreover, the important 
thing is replacing human resource with machines 
as much as possible. It is required to design the 
mold steel which enables to set fast and firmly 
when the removal of the mold steel needs to be fast 
and safe as well.  

 

Figure 6. Standard equipments which are generally used. 

 

 
 

Figure 7. Mold steel. 

There are 3 techniques which make mold steel 
to accomplish the highest efficiency 

- Applying the standard equipment  to 
assemble together 

- The steel formworks must be easily 
removed, composed and moved 

- Its function does not cause any danger or 
loss 

The Process 4 Determining the processes  
This process is to provide tasks to performers in 

order to work effectively. The process is planning 
the management and direct workers, financial, 
matter, tools and machines to be suitable for area 
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condition and a project of building. After that, the 
project pattern for the performance will be 
determined. Thus, the researcher has set the steps 
in order to achieve a goal of this process which is 
called “SMART”: 
S pecific - be wise to make specific goals (human 

resource, cost, materials) 
M achine - be wise to select tools and machines  
A chievable - be wise to achieve what is desirable 
R ealistic - be wise to create the practical things 

From ideas 
T imely - be wise to achieve timely goals   
 
The Process 5 Quality control: QC 

This process will have an effect on production 
and reliance of customers; also it is the tool that 
helps enhance the performance. 

 

 
 

Figure 8. Q.C. Workflow. 

Plan  - think about a problems which needs to be 
improved 
- accumulate the data 
- decide a topic and demonstrate problems 
- find solutions 

Do - steps to follow a plan in order to achieve 
an expected goal systematically and 
effectively in every single cause 

Check - follow up results  
Action - Collect and evaluate results including 

improve to meet the standard 

The process 6 Quality Assurance: QA 
Customers can rely on the Quality Assurance 

since it indicates that only the good-quality 
products and services are distributed. The Quality 
Assurance makes the buildings of BMP. System 
different from all other buildings. This process 
absolutely standardizes the real quality of the 
building in coordinating with the Quality Control 
process. Therefore, it is the step-by-step and 
sustainable improvement. The table below shows 
the comparison of QC and QA 

 

Figure 9. the Figure of the balance of QC and QA. 

3. IMPLICATION 

After the big flood in Thailand in 2011, there is a 
shortage of construction materials causing the 
construction of every department got stuck. Thus, 
the researcher figured out the solution which is 6 
steps to improve the construction as mentioned 
above. In 2012, the process was applied to a 
building in Ayutthaya Province, which was built 
into one-story building with 6 rooms. There were 
some problems, however, they had been fixed at 
the moment and it was successful in 2012. 
Afterwards, the researcher has developed the 
building into two-story building with 6 rooms and 
the buildings with these manufacturing processes 
have been constructed more than 600 units since 
2012 until now.  

The success of BMP. System is evaluated by 
these indicators: 

1. Time:  2-story building with 6 rooms should 
be  complete within 8 weeks.  

2. Value: The value of the building with 
manufacturing process are reduced at least 30% 
comparing to the regular building. ( more than 48 
units of the building) 

3. Materials: the main work is made of the 
reinforced concrete and proportionally molded, are 
not less than 80% of the volume. 

4. Waste reduction: it is able to eliminate the 
waste of the construction materials at least 1% of 
the value of the building,The processes which are 
presented in the research are suitable especially for 
the row house, of similar design or identical 
design, situated side by side, because of its 
identical design, it is easy to manage the tools and 
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the equipments, machines and human resource, 
therefore, the consumption of the resource is 
worthy and most effective.  

4. CONCLUSION AND RECOMMENDATION

Building with the manufacturing process (BMP. 
System) is only a starting point of the acquisition 
of the knowledge. The researcher are recently 
developing the process of building the house with 
more than two stories and the process will be 
evaluated by the indicators of the time, value that 
are mentioned the 3rd topic. This project is 
expected to achieve the success soon. Afterwards, 
the researcher will continue developing the higher 
house with this process (BMP. System) under the 
same conditions of success. However, it depends 
on present tools, equipment and machines and the 
future technology which is developed to serve the 
human’s need.  

Figure 10.  the first building with the manufacturing process 
BMP. System. 
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1 INTRODUCTION 

At first glance many may wonder what does con-
crete recycling have to do with logistics. The layman 
has to understand that manufacturing of concrete at 
its hearth is a transportation issue. Cement, water 
and aggregates have to be transported to the site 
where the concrete is manufactured. The "manufac-
turing" of concrete if you want to call it this is actu-
ally a very simple process, the mixing of cement, 
water and aggregates, this has been done for hun-
dreds of years by hand and still is been done by hand 
in Asian. The more advanced and standard practice 
for concrete mixing is the use of concrete mixers, 
which vary in size from less than a cubic meter to 
several cubic meters and are either on the construc-
tion site or at an remote ready-mix plant. As con-
crete and concrete aggregates are heavy, serious 
costs and transportation issues come into play be-
sides the manufacturing costs (Sverson, C. (2008). It 
in the USA and Europe it is not unusual that the ag-

gregates are transported by company owned short 
train lines from the query to the mixing plant. The 
logistics issue is that aggregates are less time sensi-
tive to be shipped and to be stored, they don't have a 
shelf life and don't need to be protected from the el-
ements except from severe flooding and wash-out. 
Cement is more sensitive to be shipped as cement 
enters a chemical reaction with water and hardens, 
so cement has to be protected from the elements 
namely freezing and water. The admixture for color-
ing, early strength, or delayed hardening are very 
expensive and have to be protected not only from the 
elements but also from shrinkage. Mixed concrete 
however is an entirely different story. Concrete 
which is the mixture of water cement and aggregates 
hardens in time and has to be worked within hours. 
Therefore aggregates are being transported to the 
mixing site (on-site or off-site) in terms of construc-
tion site and the mixed concrete has to be as close to 
the site as possible. As any logistics transportation 
issue there is a trade-off between proximity to the 
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customer and transportation costs, a balance between 
storage and transportation has to be found. The prox-
imity becomes an issue particular in areas such as 
the Bangkok Metroplex, where the majority of de-
mand is for concrete. The problem is that the aggre-
gate quarries are outside of Bangkok and aggregate 
and or concrete would need to be shipped for several 
hours to reach the Bangkok construction sites. On 
the other hand old buildings and other structures are 
being demolished in Bangkok. These demolished 
building and structures provide an ample source of 
aggregates. In other geographic locations of Thai-
land we face different dynamics regarding the logis-
tics of RCA as natural aggregates may be readily 
available and the sources of projects to be demol-
ished may be limited.  

Figure 1. Logistics and Transportation the core competency of 
the ready-mix and concrete industry . 

2 LITERATURE REVIEW 

The literature review looked at the concrete manu-
facturing industry and demand for aggregates. Cur-
rently two billion tons of concrete aggregates are be-
ing produced annually in the USA, by the year 2020 
the annual demand of the concrete industry will rise 
to 2.5 billion tons. The review of the literature looks 
at the recycling of building materials and in particu-
lar concrete (Buck, 1977). Building materials from 
antique doors and windows to construction waste 
and debris are being recycled to reduce the amount 
which ends up in landfills to extend the lifetime of 
the landfill which fills up ever too quickly. There is 
also tremendous amount of energy required to pro-
duce and transport new building materials. The en-
ergy savings in the transportation are tremendous 
when the materials can be moved closer from pro-
duction to consumption (Corradi, 2006). We also re-
viewed the concrete manufacturing literature both in 
terms of site-caste as well as pre-cast concrete and 
the requirements on aggregates also for road con-
struction (Blankenagel and Guthrie, 2008).  Con-
crete is manufactured by mixing water, cement and 
aggregates. The so called water/cement ratio is an 
important indication of the strength of the concrete 
measured in a 3 day, 7 day and eventually 28 day 

break test. Concrete reaches its final strength after 
28 days and only hardens minimal after that time. In 
hydration of cement, the C3S and C2S contents react 
with water to form Ca(OH)2 see chemical reaction 
1.1 and 1.2 below which may be slightly altered by 
desired or undesired add-mixtures. 

 (1.1) C3S + H2O CSH + Ca(OH)2  
C2S + H2O CSH + Ca(OH)2  (1.2) 

As pointed out the strength of the concrete depends 
on the water content and the strength of the aggre-
gates, as well as the mixture of core and fine aggre-
gates (Kosmatka and Panarese, 1988). The issue 
with recycled concrete is the quality of the aggre-
gates both in terms of physical and mechanical 
properties (Hanson and Hedegard 1984). Contami-
nation of the aggregates with waste, metals and other 
impurities is another issue. Lastly but most im-
portantly for the business context we looked at the 
ready mix industry and concrete industry for docu-
mentation of the economic feasibility and the cost 
advantages in terms of transport. The transportation 
concerns allowed us to put the recycling concrete in-
to a logistics context, and document the potential 
savings in terms of movement of aggregates and 
concrete.  

Table 1.  Properties of Recycled Concrete Aggregates (RCA) - 
Hansen and Hedegard (1984). 

3 METHODOLOGY 

This research looks at recycled concrete aggregates 
(RCA) in Thailand, and the perception of young lo-
gistics professionals in terms of RCA usage and 
their impact on the concrete and ready mix logistics 
industry in Thailand. Of the 88 participant 33 (37%) 
were male and 55 female (63%) were female who 
ranged in age from 18 to 22 with the majority 51% 
being 20. This was a convenience sample. In terms 
of age and gender distribution the sample represents 
the young logistics management professionals which 
in majority are female. To capture their perception 
an on-line questionnaire was administrated to the 
participants.  The data was analyzed using SPSS and 
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was summarized in table format. The logistics pro-
fessionals are of interest as they are the ones manag-
ing the transportation aspects of both ready-mix 
companies as well as construction companies and 
may make the final decision in terms of designing 
the supply chain and sourcing the raw materials for 
the production of concrete.  

4 RESULTS 

The results of this study can be grouped into the fol-
lowing categories related to the research questions 
and the hypothesis developed by the principal inves-
tigator (PI). The author tested the findings of the lit-
erature which stem mostly from the USA and Eu-
rope in an ASEAN and particularly in a Thai 
context, thinking globally and acting locally was the 
premise of this research which can be duplicated in 
other settings. The categories are as followed: crush-
ing of concrete, RCA aggregate size, RCA usage, 
Benefits of Reversed Logistics in the concrete indus-
try, Benefits of RCA in particular, Contamination of 
RCA, Usage of RCA and Cleaning of RCA 

4.1 Crushing of RCA 

The crushing is almost equally distributed between 
the quarry the demolition site and the new construc-
tion site. Partially the crushing on the old demolition 
site is not performed to the specification of the ag-
gregate size rather for convenience of transportation. 
On large scale construction sites as in the case of 
road construction or building a dam project the 
crushing is done on the actual construction site. In 
terms of building construction in-sito crushing is on-
ly desirable if the new structure replaces an existing 
structure at the same site. 
 
Where is the 
concrete being 
crushed? 

R.% % Correct 
Facility 

Disc. Index Disc. Coeff. 

on the demoli-
tion site - porta-
ble crusher 

28% 40 0.483 0.238 

at the quarry sta-
tionary crusher 

40%    

at the new con-
struction site - 
portable crusher 

31%    

 

4.2 RCA Aggregate Size 

The aggregate size is interesting as normally coarse 
aggregate produces the best results in terms of RCA, 
the question was mixed both in terms of size of the 
aggregates there may have been a less than clear un-
derstanding of the logistics management respondents 
in terms of the size of the aggregates. But overall it 

was clear that more large size aggregates were pro-
duced and fine aggregates were a more or less desir-
able byproduct of the process. 

 
What aggre-
gate size is be-
ing produced? 

R.% % 
Correct 
Facility 

Disc. In-
dex 

Disc. 
Coeff. 

coarse  
aggregate 

38% 20 0.207 0.182 

large      
aggregate 

24%    

medium 20%    
fine 18%    

 

4.3 Usage of RCA 

The majority of the RCA is used as aggregate for the 
concrete production. The usage of riprap for water-
ways stabilization is another unique issue. The ag-
gregates are also used for the base layer of road con-
struction with a concrete or black top as well as 
general fill of existing or proposed construction 
sites. In term of fill dirt the fine aggregates did a 
great in contributing to better compaction of the sub-
base. 

. 
What is the 
crushed concrete 
used for? 

R.% % Correct 

Facility 

Disc. 
Index 

Disc. 
Coeff. 

riprap 15% 10 0.103 0.042 
aggregate 40%    
base layer      
for asphalt 

25%    

gravel 10%    
sand 8%    
 

4.4 Benefits of Reverse Logistics and RCA 

The general benefits of reverse logistics are also ap-
plicable to RCA. The refurbishing of concrete struc-
tures may be a separate issue from RCA, as minor 
frost induced damages may be cosmetically refur-
bished before demolishing the entire building. Recy-
cling is certainly on top of the list followed by 
avoiding filling up landfill which may be better uti-
lized than currently where 33% of the landfill is con-
sumed by construction related debris. The reduction 
of the production of new aggregate and the associat-
ed savings not only in transportation but also by the 
use of virgin land as quarries has an important role 
in a country like Thailand, where tourist destinations 
are also the major locations for construction activi-
ties. 
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What are the bene-
fits of Reverse Lo-
gistics? 

R.% % Correct 

Facility 

Disc. 
Index 

Disc. 
Coeff. 

recycling 33% 33 0.552 0.393 
refurbishing 7%    
reclaim 11%    
avoid landfill 23%    
reduce     
production 

24%    

 

4.5 Benefits of RCA 

The RCA benefits were clearly identified by the par-
ticipants and landfills and queries and transportation 
costs were almost equally distributed. With almost 
20% each. The energy savings were ranked lower 
maybe energy and transportation costs were seen 
separately from energy used in producing the con-
crete. But energy and carbon credits in a time of 
global warming will become an even more realistic 
cost factor both in terms of carbon credit savings as 
well as generation and consumption in terms of 
quarries and deforestation associated with it. RCA 
makes concrete a truly green product not only in 
theory but also in reality. 

 
Benefit of recy-
cling concrete? 

R.% % Correct 

Facility 

Disc. 
Index 

Disc. 
Coeff. 

reduce landfills 23% 23 0.276 0.205 
reduce transporta-
tion cost 

20%    

reduce energy 14%    
reduce natural 
quarries 

19%    

reduce pollution 19%    
 

4.6 Contamination of RCA 

In terms of contamination metals and trash ranked 
high and even the threat of lead based paint were 
clearly identified by the participants of the study. 
Lead based paint may be more frequently in Thai-
land in terms of the older structures which are cur-
rently demolished over the foreseeable future. The 
awareness of the pollutants may limit the usage of 
the RCA. This may also be the fear of future law-
suits were even a single aluminum can in the con-
crete admixture may be seen as a serious pollutant. 

 
What type of con-
tamination occurs? 

R.% % Correct 

Facility 

Disc. 
Index 

Disc. 
Coeff. 

lead based paint 16% 16 0.172 0.133 
metal 35%    
wood 10%    
trash 31%    
paper 8%    

 

4.7 Usage of RCA 

Interesting was the finding that the usage for resi-
dential and road construction was seen almost as 
equal and that the railroad industry also could bene-
fit from these types of aggregates. As well as rein-
forcement of waterways in Thailand. 

 
What do you use the 
recycled concrete for? 

R.% % Correct 
Facility 

Disc. 
Index 

Disc. 
Coeff. 

road construction 23% 23 0.552 0.479 
asphalt 14%    
railroad track 18%    
residential      con-
struction 

22%    

water ways 6%    
land fill 18%    

4.8 Cleaning RCA 

The cleaning still utilized a lot of labor which is also 
the opportunity for RCA in Thailand, as the cost of 
labor is relative low in comparison to Europe and the 
USA. Water washing is high in Thailand as water is 
an ample resource and can easily dry in the heat of 
the sun without fearing of damage through freezing 
as it is the case in northern climates. The use of 
magnets to collect metal contamination is also a 
common practice. Multiple screen are used for small 
aggregates this is a practice which is used in Thai-
land often ion the very jobsite especially to create 
small aggregates for individual small jobs. 

 
What do you use to 
eliminate pollutants in 
the concrete? 

R.% % Correct 
Facility 

Disc. 
Index 

Disc. 
Coeff. 

hand picking 39% 7 0.069 0.148 
water washing 41%    
multiple crushing 11%    
magnets 7%    
screens 2%    

5 CONCLUSION 

In conclusion Thailand is well on the way to increas-
ingly use RCA. It makes sense from a business 
standpoint as the demolition sites are in close prox-
imity to the new construction sites even in areas out-
side of Bangkok the construction sites are in scenic 
tourist desitnamtions which need to be preserved and 
aggregate quarries are less desirable there. The cost 
of manual labor is relative low and therefore manual 
sorting and even crushing processes are easily ac-
complished, more so than in the USA and Europe. 
The cost of energy is climbing worldwide and trans-
portation is the major expense in the concrete and 
ready-mix industry, so reducing transportation cost 
in the manufacturing process through the use of 
RCA makes ecological and economic sense. The us-
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age of the RCA will focus on coarse aggregates both 
for road as well as building construction. Reuse, Re-
build and Recycle, apply to concrete and make it de-
spite the perception of the general public a 100% 
green product. As existing structures are being re-
placed the RCA will get an increasingly important 
role. The research shows that the young generation 
is well aware of the advantages of re3cyclying and 
reuse and a positive trend is foreseeable even in 
Thailand. 

Figure 2. Reverse Logistics of RCA. 

6 RECOMMENCATIONS 

It is recommended to follow-up this study with a 
survey of the major construction companies and 
ready-mix providers in Thailand to compare the per-
ception with the actual numbers generated by the in-
dustry to study the changes over the years in terms 
of use of RCA in Thailand and its economic and 
ecological tangible and intangible benefits. It also 
will be of interest to study the various geographic 
markets or concrete and concrete aggregates and test 
the hypothesis that location is the major decision 
making factor when it comes to selecting RCA for a 
project or to predominantly use natural aggregates 
from quarries in Thailand or even from neighboring 
ASEAN countries. Also the influence on ASEAN 
community and the future increased use of RCA can 
become a valuable research topic for follow-up stud-
ies as well as comparative studies in respect to Thai-
land’s neighbors and the global concrete industry. 

Figure 3. Logistics and Waste Management. 

REFERENCES 

Blankenagel, B.J. and Guthrie, W.S. 2006. Laboratory Charac-
teristics of Recycled Concrete for Use as Pavement Base 
Material, Geomaterials, 1952: 21-27. 

Buck, A.D. 1977. Recycled concrete as a source of aggregate, 
ACI Journal, 74(5): 212-219. 

Corradi, M 2006. Concrete for the Construction Industry of 
Tomorrow. Springer, Berlin Germany. 

Hansen, T.C. and Hedegard, S.E., 1984. Properties of recycled 
aggregate concrete as affected by admixtures in original 
concretes, ACI Journal, 81(1):.21-26 

Kosmatka, S.H.; Panarese, W.C. 1988. Design and control of 
concrete mixtures. Skokie, IL, USA: Portland Cement As-
sociation.: 17, 42, 70, 184. ISBN 978-0-89312-087-0. 

Panarese, William C.; Kosmatka, Steven H.; Kerk-hoff, Beatrix 
2002. "10". Design and control of concrete mixtures. Skok-
ie, Illinois: Portland Cement Association. ISBN 0-89312-
217-3. 

Sverson, C. 2008. Markets- ready mix concrete. Journal of 
Economic Perspectives, 22(1): 217-234 

:565:

.



:566:



1 INTRODUCTION 

1.1 Project Background 

The sun is probably the most important source of 
renewable energy available today. Traditionally, the 
sun has provided energy for practically all living 
creatures on earth, through the process of 
photosynthesis, in which plants absorb solar 
radiation and convert it into stored energy for 
growth and development. Scientists and engineers 
today seek to utilize solar radiation directly by 
converting it into useful heat or electricity. Two 
main types of solar energy systems are in use today: 
photovoltaics, and thermal systems. First, solar 
photovoltaic (PV) modules convert sunlight directly 
into electricity. Second, solar thermal power systems 
use focused solar radiation to produce steam, which 
is then used to turn a turbine producing electricity 
(Sarasin 2010, Hearps and McConnell 2011). 
Nowadays, it is acceptably observed that climate 
change and greenhouse effect inevitably affect the 
agricultural activities. As a result, water demand, 
either for storage or direct use, is increasing 
accordingly. It is therefore the task to find the 

appropriate technology to provide sustainable water 
supply while reduce the overall cost (Solarbuzz 
2011). 

Renewable energy supplies encompass a broad 
range of resources, and numerous technologies can 
be used to tap those resources. Table 1 lists the 
major technologies and the following discussion 
briefly describes each technology and its 
applications (Maxwell and Renne 1994).  Although 
many of these technologies are still under 
development, most have entered commercial 
markets around the world at some level.  Some, such 
as hydropower and biomass technologies, have 
achieved sizeable market penetration, while others 
(e.g. photovoltaics) are used in important but 
relatively limited applications today. Research and 
development activities continue to improve all of 
these systems to enhance their ability to meet future 
energy requirements, and new systems that are still 
in the early stages of development may provide 
additional opportunities. 

Apart from Thai government projects, there have 
been more than 4,000 projects under the Royal 
Initiative of His majesty the King to provide 
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Agricultural Areas in Thailand: Renewable Energy Development 
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ABSTRACT: This paper presents an initial stage on the development of High Efficiency Integrated Solar-
Water Supply System (SWSS) for the isolated highland agricultural areas at Pongluek and Bangkloy villages, 
Kaengkrajarn district, Petchaburi province, Thailand under the Royal Initiative of His Majesty the King. 
Stand-alone 15.36 kW solar power and 15 kW solar submersible pump are installed. Each solar power system 
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sustainable development in Thailand for many years. 
Highland minorities in Petchaburi province are ones 
of the underprivileged populations in Thailand. Thai 
authorizes have been working altogether to work on 
many issues in the areas under the Royal Initiatives. 
Water demand for agricultural purposes is one of the 
most challenge topics. In the past, diesel driven 
pump was only the main water supply system. The 
use of such pump has brought consequential 
expenses such as fuel, parts, and maintenance. 
Moreover, the diesel pump generate pollution (e.g., 
noise) not only to the community but also to the 
globe such as carbon dioxide footprint (Philibert 
2011) 

In recent years, the cost of generating clean 
energy from renewable sources has decreased 
sharply. At the same time, governments around the 
world are insisting that a greater proportion of 
energy is generated from renewable sources. The 
drive to increase motor efficiency and reduce CO2 
emissions has led to increasing regulation as to how 
energy is generated. This is a trend that is set to 
continue. High Efficiency Integrated Solar-Water 
Supply System (SWSS) developed in the research 
work present a cost effective, flexible and secure 

water supply solution using clean energy. Utilizing 
solar power saves on energy costs and on the costs 
of energy infrastructure, wherever the application is 
installed. 
The lifecycle costs of a SWSS will be considerably 
lower than with other water supply systems, because 
it can save substantial sums on reduced maintenance 
costs and no energy costs have already been added 
or used instead, as an alternative source of energy, 
for water solution in Thailand for decades. 
Nowadays, governments increasingly encourage 
investors to choose renewable energy in new 
installations, and there is a growing awareness of the 
low risk of such investments. This is because the 
installation is not dependent on energy prices staying 
low to ensure a payback on the investment (IEA 
PVPS 2009) 

This research work represents a preliminary 
research work aims at investigating performance-
based measurement on the development of the 
Integrated Solar-Water Supply System (SWSS) for 
isolated highland agricultural areas in Thailand. The 
present study is divided into two phases; 1) post-
construction monitoring for short period in Phase 1 
and 2) long-term monitoring in Phase 2. 

Table 1. Worldwide renewable energy technologies (Philibert 2011). 
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1.2 Integrated Water Resource Management 

Integrated Water Resources Management (IWRM) 
has been defined by the Global Water Partnership 
(GWP) as "a process which promotes the 
coordinated development and management of water, 
land and related resources, in order to maximize the 
resultant economic and social welfare in an equitable 
manner without compromising the sustainability of 
vital ecosystems". The development of IWRM was 
particularly recommended in the final statement of 
the ministers at the International Conference on 
Water and the Environment in 1992 (so called the 
Dublin principles) (Rahaman and Varis 2005). This 
concept aims to promote changes in practices which 
are considered fundamental to improved water 
resources management. In the current definition, 
IWRM rests upon three principles that together act 
as the overall framework includes; 1) Social equity, 
2) Economic efficiency and 3) Ecological
sustainability (Figure 1). 

Figure 1. Integrated water resource management principle. 

It is crucial to note that IWRM practices depend 
on context; at the operational level, the challenge is 
to translate the agreed principles into concrete 
action. 

According to Figure 2, energy production from 
all energy sources experiences a significant increase, 
in response to the considerable energy demand 
increase in the 2012–2035 period. Energy 
production from all sources except oil has the 
highest and lowest increase rates under high and low 
oil price scenarios, respectively. Although the 
energy production from most of the energy sources 
increases dramatically, the shares of different energy 
sources from the world’s total energy production do 
not change exceedingly in the 2012–2035 period,  
due to increase in total energy production. Figure 2 
also illustrates the estimated shares of energy 
sources from total energy production in 2012 and 
2035 based on the reference scenario (Maxwell and 
Renne 1994).  

Figure 2. Shares of energy sources in world’s total energy 
supply based on the EIA’s reference scenario (a) 2012;  
(b) 2035. 

1.3 Horizontal radiation in Thailand 

Thailand has an area of 500,000 square kilometers. 
Giving its location, Thailand’s weather and 
temperature represents the equatorial regions 
climate. If solar energy is used only 1 percent of the 
total area per year, it is equal to energy 700 million 
tons of oil. World demand for oil showed a 
continued increase, causing high energy cost and not 
to mention the depletion in the future.  

The production of electricity from sun is an 
alternative way in solving the energy crisis because 
there are no production costs. Figure 3 shows 
horizontal solar radiation map of Thailand. As seen 
in the figure, the studied area at Pongluek and 
Bangkloy villages, Kaengkrajarn district located at 
Petchaburi province having an average annum sun 
approximately 1800 – 1900 kWh/m2.  

IWRM

Social 
equity

Economic 
efficiency

Ecological 
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Figure 3. Horizontal solar radiation map of Thailand. 

2 PROJECT FACT 

The unique SWSS system developed in this research 
was installed in the studied area as shown in Figure 
4-a (two nearby locations for comparison purposes), 
these are: 
 
• Location 1: Pongluek Village is located at 

latitude 12.58, longitude 99.22  
• Location 2: Bangkloy Village is located at 

latitude 12.58, longitude 99.22 
 
It is noted that water level of the Petchburi river 

is 135 metres above mean sea level (MSL).These 
two villages are separated by the Petchaburi river. 

For Pongluek village (location 1), the 1,000 m3 
reservoir was already constructed and it is in 
function. This reservoir is located at 199 metres 
above MSL with the distance approximately 400 
metres from the pump house. The static head is 
found to be 64 metres. In this case, water 
requirement is 300 m3 per day. For Bangkloy village 
(location 2), 1,800 m3 reservoir has also been built in 
advance. It is 183 metres above MSL with the 
distance around 400 metres away from the pump 
house. The static head is found to be 48 metres. 
Water requirement is 400 m3 per day (Figure 4-b).  

For the Solar radiation at these two locations 
found in Figure 3 showing an average of value 
around 4.5-5.5 kWh/m2/day for Thailand (Figure 3). 
More information could also be found from (NASA 
SSE model 2005) for a given longitude and latitude 
data as shown in Table 2. 

Table 2. Meteorological data at the site work.  
Month 
  

Air 
temperature 

Relative  
humidity 

Daily solar 
radiation - 
horizontal 

°C % kWh/m2/d 
January 25.7 65.1% 5.12 
February 26.3 66.4% 5.68 
March 26.8 70.6% 5.83 
April 27.2 76.2% 5.86 
May 27.0 81.8% 4.59 
June 26.6 83.1% 3.73 
July 26.4 82.4% 3.70 

August 26.3 82.6% 3.48 
September 26.0 83.7% 3.85 
October 25.7 83.2% 4.09 

November 25.2 76.0% 4.46 
December 25.0 65.5% 4.87 
Annual 26.2 76.4% 4.61 

 

As can be seen, the average of solar radiation is 
4.6 kWh/m2/day. It is also interesting to note that the 
Relative Humidity (RH) is more than 80% between 
May and October which indicates the possibility of 
raining season (interval of low solar radiation).  
However, it has been found from the site work that 
there are occasionally raining periods even though 
there is a rainy season. 

Field location 
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a) Topographic plan of the studied locations. 
 

 

b) Topographic showing latitude and longitude of studied locations. 
 

Figure 4. Locations the two villages. 

 

Pongluek village 

Bangkloy village 
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3 DEVELOMENT OF HIGH EFFICIENCY 
INTEGRATED SOLAR WATER SUPPLY 
SYSTEM (SWSS) 

The mission of the project is fairly simple; supplying 
water to the reservoirs. This can be implemented by 
a typical SWSS as shown in Figure 5. It consists of 
solar photovoltaic (solar PV) array and structure, 
power conditioning set, solar pump and pipe work, 
and the water storage.  However, construction work 
in the isolated highland area is different from others. 
The designed SWSS must be considered very 
carefully as the transportation and installations are 
not straightforward.  

 

 

Figure 5. Typical SWSS construction.  

Therefore rapid, robust, and long-run concepts 
are playing the important roles. Based up on the 
requirements, holistic integral approach for water, 
energy, and environment is the strategic issue. As a 
result, the specific details of the developed SWSS 
are explained in the following sub-sections. 

 

3.1 The solar PV and solar structure specifications  

There are several materials and technologies in the 
solar PVs (Tyagi et.al. 2013) that are available for  
SWSS. However, the construction conditions at the 
site are the key factors for consideration. Available 
space for installation is limited to the surrounding 
forests and the suitability for support structures.  As 
a result, numbers of solar PVs are also limited which 
in turn affect the available power for supplying to 
the solar pump. Besides, the desired solar PVs must 
be matched to both electrical requirements for the 
solar controller and especially the solar PV supports. 
These constraints could be offered by the choice of 
the Panasonic solar PVs VBHN240SJ25 240 watts 
with state-of-art HIT technology (Sawada et al. 
1994). The Solar PVs when supporting with the pre-
installed LORENTZ ETATRACKER active 2000-A 
single-axis tracking system have made the perfect 

match (LORENTZ 2014).. For this SWSS, for one 
village, there are 4 solar trackers with 16 solar 
panels per tracker comprising the solar power of 
15.36 kW. Figures 6 and 7 shows the installed solar 
PVs with solar trackers for two studied areas.    
 

 

Figure 6. Solar PVs and solar trackers at Pongluek village. 

 

Figure 7. Solar PVs and solar trackers at Bangkloy village. 

3.2 The power conditioning unit  

The power conditioning unit shown in Figure 5 is 
also known as pump inverter or pump controller.  
However, for this work, solar water pump will be 
used instead. The solar water pump consists of the 
solar pumping controller and the solar pump.  Solar 
pumping controller converts direct current DC from 
the solar PV array into alternating current AC to 
drive the pump. With the inside function of MPPT 
(maximum power point tracking), it regulates the 
output frequency according to irradiation in real time 
to achieve the maximum power (to achieve the 
maximum flow). The solar pump that is suitable for 
installation is the submersible pump. Based up on 
the solar input power and the geographic 
information, the solar water pump is the LORENTZ 
PS21K2 C-SJ42-10 (LORENTZ). For the solar 
pumping controller, the allowable maximum DC 
input from the solar PVs is as high as 850 volts with 
maximum efficiency of 98%. This input DC power 
is then converted into 3-phase 380 volts AC with 

:572:



variable frequency according to the input power. 
The solar pump is capable of lifting water at the total 
dynamic head between 40 metres and 90 metres. The 
flow is 60 m3 and 36 m3 accordingly.       

3.3 Piping alignment design 

Remote water supply development normally 
employs PVC pipes for piping works. However, 
advance in high density polyethylene (HDPE) 
material has become the main water supply pipes. 
There are so many advantages when considering this 
kind of material - it can be bent, rolled, and easy 
welding – either by heat welding or by coupling. For 
this work, the designed 110 millimetres outside 
diameter HDPE with a pressure tolerance of 10 bars 
(around 100 metres) at the distance of 400 metres 
are employed. Moreover, the 110 mm. size also 
gives advantages in construction works such as the 
capability of rolling up to 100 metres –easy for 
transportation, the flexibility in fitting technique 
(using coupler), high pressure and heavy load 
support. Figure 8 shows an example of piping 
laydown. 

Figure 8.  Coupling system used for HDPE pipeline. 

4 PREDICTING OF SWSS SYTEM AND 
PRELIMINARY RESULTS 

4.1 Predicting of the pump performances 

Figures 9 and 10 illustrate the results from the 
standard computer simulation results of the 
predicted pump performance curves. The results are 
useful for system engineers who are looking for the 
relations among the electrical power input and 
output, the output water flow, and other significant 
engineering data. There are three columns that are 
used for analysis when solar radiations are different 
that are minimum, actual, and maximum points.  

Figure 9 Predicted pump performance of SWSS for Pongluek 
village. 

Figure 10 Predicted pump performance of SWSS for Bangkloy 
village. 

4.2 Predicting of the Water flow  

Figures 11 to 14 show the prediction comparison of 
the daily water flow between without- and with-solar 
trackers for separated location. By using the solar 
trackers, there has been clearly seen that the required 
water flow is possible.  

Figure 11. Predicted daily water flow – without tracker 
installed (Pongluek village). 
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Figure 12. Predicted daily water flow – with tracker installed 
(Bangkloy village). 

Figure 13. Predicted daily water flow – without tracker 
installed (Pongluek village). 

Figure 14. Predicted daily water flow – with tracker installed 
(Bangkloy village). 

4.3 Preliminary results 

Figures 15 and 16 show the system field tests of the 
SWSS. Figure 15 showed the first trial day of the 
water flow at the 1,000 m3 Pongluek reservoir. 
Figure 16 showed the first trial day of the water flow 
at the 1,800 m3 Pongluek reservoir. 

Figure 15. Water flow into the reservoir of the Pongluek 
village. 

Figure 15. Water flow into the reservoir of the Bangkloy 
village. 

5 CONCLUDING REMARKS 

The research work presented in this paper is a 
preliminary result from phase 1 (after SWSS 
installation was completed). The concern with the 
consumption of energy in water supply systems is 
increasingly inducing the managers of these systems 
in seeking optimal solutions for the improvement of 
energy efficiency of such systems. The use of 
renewable energy is increasing, driven by the 
growing concern about the effect of global warming 
and the excessive consumption of fossil fuels, but 
still far from desired levels. The application of 
SWSS solutions based on renewable energy sources 
is an ideal solution for reducing the dependence on 
fossil fuels. The high efficiency SWSS technique to 
be adopted, taking the energy efficiency as the main 
goal, is a complex and arduous task, besides 
requiring multi-criterion optimization models, where 
the development of additional tools can become 
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difficult. However, long-term performance 
monitoring is on-going and economic study will be 
further studied. Based on the preliminary result, the 
authors developed a high efficiency integrated solar-
water supply system for isolated agricultural areas in 
Thailand using high efficiency 15.36 kW solar 
power supported by single-axis trackers and 15 kW 
solar submersible pumps are particularly integrated. 
In the subsequent paper, the results along with 
techno-economic assessment will be presented in 
Phase 2. 
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1 INTRODUCTION 

Lightweight concrete has been widely used in wall 
panels, masonry blocks, roof decks, and precast con-
crete units in many building applications. There are 
many advantageous qualities of lightweight con-
crete, such as its low density, low thermal conduc-
tivity, reduction of dead load, fast building rate, and 
low haulage cost (Karakurt et al. 2010). The air 
voids can also be formed in cement paste by adding 
the prepared foam to the unhardened mixture. CLC 
is a well-known low-density product that contains 
blends of Portland cement, silica, pozzolan, and lime 
as well as a homogeneous void or cellular structure 
attained with gas-forming chemicals or foaming 
agents. Since CLC is a porous material with a ho-
mogeneous cellular structure, it possesses a number 
of attractive characteristics, such as good thermal 
and acoustic insulation, satisfactory workability, and 
self-flowing properties. Although its mechanical 
properties are low compared with those of normal 
concrete, CLC products are used in many applica-
tions, such as partition walls and load-bearing walls 
in low-rise residential buildings 

FA is a by-product from the combustion of pul-
verized coal in power plants. Using FA as a re-
placement ingredient in cement is currently a com-
mon practice in Thailand, because FA improves the 
properties of concrete and reduces its cost. 

NZ is volcanogenic sediment material, has a 
three-dimensional structure, and it is classified as a 
hydrated aluminosilicate of alkali and alkaline earth 
cations with uniform pores, grooves, and pits. 

The current research presents the test results and 
evaluations of incorporating FA and NZ into pre-
formed foam CLC as a replacement for Portland 
cement. This information is essential for its wider 
application to other construction materials. 

2 EXPERIMENTAL 

2.1 Materials 

OPC, foaming agent, water, FA, and NZ were the 
materials used. The specific gravities of OPC, FA, 
and NZ were measured in accordance with ASTM C 
188. These data are provided in Table 1. A scanning 
electron microscopy (SEM) photo of an OPC parti-
cle is shown in Figure 1(a). FA was obtained from a 
silo at the Mae Moh Power Plant in northern Thai-
land. Its SEM photo, which is shown in Figure 1(b), 
reveals the spherical shape of the particles. NZ was a 
clinoptilolite type, which is shown in Figure 1(c). 
The chemical compositions of these three materials 
are listed in Table 2. Figure 2 shows the particle size 
distributions. The FA is similar to that of cement, 
whereas that of NZ is smaller. 
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Table 1.  Physical properties of material. 

Material   Specific gravity  Particle size, d50  Blaine 
 (µm)  fineness 

 (cm2/g) 

OPC  3.15 14.12  3,600 
FA  2.02 14.52  4,300 
NZ  2.09  7.72 11,300 

(a) OPC 

(b) FA 

(c) NZ 
Figure 1.  SEM images of material. 

Table 2.  Chemical compositions of material. 

Oxide compound OPC FA NZ 

SiO2  19.85  43.87  75.32 
Al 2O3 4.49 26.33  10.28 
Fe2O3 3.56 10.81  2.66 
CaO  66.96  12.69  3.95 
MgO  1.36 1.23 1.2 
Na2O  – – 0.89 
K2O 0.34 1.1 4.29 
SO3 2.46 2.74 – 
LOI 0.98 1.23 1.41 
SiO2 + Al2O3 + Fe2O3  – 81.01  88.26 

Note: LOI —loss on ignition. 

Figure 2.  Material particle size distribution. 

2.2 Mix proportions 

This experiment studied the effect of the filler con-
tents on the density, setting time, water absorption, 
and compressive strength of CLC. The OPC was re-
placed with FA and NZ at levels of 0-30% by weight 
of binder. The mass W/B ratio of 0.5 was used for 
all mixtures. The foam required for a dry density of 
800 kg/m3 was obtained per ASTM C 796. The con-
crete mix proportions are provided in Table 3.  

Table 3.  Mix proportion of CLC in 1 m3. 

 Pozzolan OPC  FA  NZ   Foam   Water   W/B 
(%)       (kg) (kg) (kg)  (kg)    (kg) 

CON  0 665.0  – ‒  0.772  332  0.5 
FA10 10  598.5  66.5 –  0.759  332  0.5 
FA20 20  532.0  133.0  ‒  0.746  332  0.5 
FA30 30  465.5  199.5  –  0.733  332  0.5 
NZ10 10  598.5  ‒  66.5  0.760  332  0.5 
NZ20 20  532.0  –  133.0  0.748  332  0.5 
NZ30 30  465.5  ‒  199.5  0.737  332  0.5 

The foaming agent was diluted with water at a 
mass ratio of 1:40. Next, the liquid was pressurized 
with air at 6 kg/cm2 and aerated to a density of 45 
kg/m3. OPC and FA (or NZ) were thoroughly mixed 
using a horizontal mixer. The samples were poured 
into molds, and an external vibrator was applied to 
facilitate compaction then removed from the molds 
after 24 hours, wrapped with plastic film. A set of 
100×100×100 mm3 specimens was used for the 
strength and porosity tests. 

2.3 Compressive strength test 

A compressive strength test was conducted at 3, 14, 
28, and 60 days in accordance with BS 1881-116. 
The results are presented as the averages of three 
samples. 

2.4 Concrete porosity determination 

The pore-size measurements of the hardened CLC 
were determined using mercury intrusion porosime-
try (MIP). The Washburn equation was used to de-
termine pressure. After curing for 3, 14, 28, and 60 
days, the samples were obtained by carefully break-
ing the cube specimens of 5‒10 mm pieces from the 
middle of each specimen with a chisel.  
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2.5 X-ray diffraction (XRD) 

Dried FA and NZ sample powders were sifted 
through a No. 100 sieve. A sample of powder weigh-
ing approximately 1 g was used for XRD analysis.  

3 RESULTS AND DISCUSSION  

3.1 Material properties 

The chemical compositions of OPC, FA, and NZ are 
provided in Table 2. As prescribed by ASTM C 618, 
this sample is a high-calcium FA Class F because 
the sum of SiO2, Al2O3, and Fe2O3 is higher than 
70%, and CaO content exceeds 10%. NZ has a high 
SiO2 content of 75.32%. The total content of SiO2, 
Al 2O3, and Fe2O3 in the NZ is 88.26%, which is 
more than the minimum requirement specified by 
ASTM C 618 for natural pozzolan.  

The XRD patterns of FA and NZ shown in Fig-
ure 3 indicate that the former powder consists pri-
marily of crystalline phases of quartz; for NZ, the 
common zeolite mineral clinoptilolite is the major 
crystalline phase, and quartz is contained as a minor 
phase. 

Figure 3.  XRD patterns of FA and NZ. 

3.2 Setting time 

The initial and final setting times of the CLC con-
taining FA and NZ are presented in Figure 4. It 
shows that the setting times prolong as the content of 
FA or NZ increases. The initial setting times of FA 
and NZ pastes increase from 5.2 to 14.45 hours and 
from 5.2 to 12.15 hours, respectively, whereas the 
final setting times increase from 13.1 to 23.5 hours 
and from 13.1 to 19.95 hours, respectively. The in-
crease of pozzolan content reduces the cement con-
tent in the mix. The setting times of the paste that 
containing of NZ is shorter slightly than that of the 
paste contained FA.  

 
 

Figure 4.  Effect of FA and NZ on the setting time of CLC. 

3.3 Compressive strength 

The compressive strengths of the control mix at 3, 
14, 28, and 60 days are 1.81, 2.70, 3.05, and 3.15 
MPa, respectively as shown in Table 4. The com-
pressive strengths of the CLC increase with increas-
ing the curing time due to the hydration reaction that 
increases the calcium silicate hydrate (C−S−H) 
product. At 3 days the compressive strength of the 
CLC containing 10% FA is slightly higher than that 
of the control mix at the same time point. This result 
is due to the proper amount of FA content, which af-
fects the pozzolanic reaction rate and better disper-
sion, which improve the compressive strength of the 
paste. The compressive strengths of the CLC con-
taining 20% or 30% FA are lower than that of the 
control mix. This result is due to the low OPC con-
tent. In addition, the compressive strengths of FA30 
at 14, 28, and 60 days are lower than those of the 
other mixes due to the greater amount of FA. 

 
Table 4.  Compressive strength of the CLC containing OPC, 
FA, and NZ. 

Mix.                      Compressive strength (MPa)     
     3day    14day    28 day     60 day 

CON    1.81    2.7     3.05     3.15 
FA10   1.95    3.17     3.45     3.65 
FA20   1.65    2.75     3.1      3.3 
FA30   1.27    2.15     2.42     2.58 
NZ10   2.19    3.72     4.27     4.51 
NZ20   1.92    3.18     3.66     3.91 
NZ30   0.85    1.56     2.05     2.25 

 
The compressive strengths of NZ30 are weaker 

than those of the OPC due to the high NZ content 
and the slower pozzolanic reaction rate of zeolite, 
which do not significantly contribute to compressive 
strength. The compressive strengths of NZ10 and 
NZ20 are higher than those of CON at the same time 
point. The high SiO2 content (75.32%) and NZ fine-
ness (7.72 µm) improve the reaction with Ca(OH)2 
to produce an additional calcium silicate hydrate 
(C−S−H), which improves the strength. 
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3.4 Water absorption  

The results of CLC water absorption at 28 days are 
presented in Figure 5. The water absorption of CON 
is 30% at 28 days, whereas those of FA10, FA20, 
and FA30 are 30.6%, 32.5%, and 35.3%, respective-
ly. The water absorption of CLC containing FA in-
creases as the FA content increases. 

Figure 5.  CLC water absorption at 28 days. 

Figure 5 shows that the CLC containing NZ is 
more effective than the CLC with FA, thus reducing 
water absorption at replacement levels of 0-20%. 
The water absorption of the CLC containing 30% 
FA is slightly lower than that containing 30% NZ. It 
is observed that replacing cement with pozzolan in 
CLC results in the increase of large capillary pores 
(Chindaprasirt and Rattanasak, 2011). 

3.5 Porosity of CLC 

The porosity results of CLC at 28 days are shown in 
Table 5. The replacement of FA or NZ, the total po-
rosity significantly increases, primarily due to the 
packing effect of particles filling the air bubbles, 
which increases the capillary porosity of CLC.  
 
Table 5.  Porosity of the CLC containing OPC, FA, and NZ. 

Mix.                Porosity at 28 day (%) 
    Gel  M cap  L cap   EL   Total 

CON   0.05  2.84   26.72   22.66   52.27 
FA10  0.28  1.94   38.62   7.72   48.56 
FA20  0.19  2.93   40.51   7.15   50.78 
FA30  0.24  4.39   47.70   6.99   59.32 
NZ10  0.20  4.29   33.88   4.69   43.06 
NZ20  0.38  4.72   34.37   5.34   44.81  
NZ30  0.30  9.26   50.60   9.55   69.71  

Note : M cap‒Medium capillary 
            L cap–Large capillary 
            EL‒Extra large 

3.6 Effects of FA and NZ on the pore size 
distribution of CLC 

The cumulative pore volumes of the CLCs with FA 
and NZ are shown in Figure 6. The cumulative pore 
volume of the control mix at 28 days is 0.454 mL/g. 
These values decrease with curing time due to the 

hydration reactions and the increase of C−S−H 
product. 

 

(a) FA 
 

(b) NZ 
 

Figure 6. Relationship of cumulative pore volume and pore di-
ameter of CLC. 
 

As shown in Figure 6 (a), the cumulative pore 
volumes of the CLCs containing 10% FA is 0.311 
mL/g at 28 days. These figures are lower than those 
of the control mix and the CLCs containing 20% or 
30% FA. As shown in Figure 6 (b), the cumulative 
pore volumes of the CLCs containing 10% NZ is 
0.303 mL/g at 28 days. FA and NZ are effective 
pozzolans with successful pozzolanic reactions. In-
corporating a proper amount of pozzolan fills voids, 
reduces porosity, and increases the density of the 
paste (Chindaprasirt et al. 2007; Uzal and Turanlı, 
2012). 

3.7 SEM observations  

The morphologies of the fractured surfaces of CLCs 
at 28 days are shown in Figures 7 and 8. The pores 
of the control mix are clearly shaded circles of vari-
ous sizes with relatively smooth surfaces. Clearly, 
the pores are more uniform than those of the control 
mix because FA facilitates the distribution of air 
voids by preventing them from merging and over-
lapping (Kunhanandan Nambiar and Ramamurthy, 
2006). 
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(a) OPC 
 

(b) FA10 
 

(c) FA20 
 

(d) FA30 
 

Figure 7. SEM images of the fractured surfaces of CLCs con-
taining FA. 
 

Figure 7b – 7d display the SEM images of CLCs 
containing 10%, 20%, and 30% FA, respectively, 
which have completely different microstructures 
from the control mix (Figure 7a). 
 
 
 
 
 
 
 

(a) NZ10 
 

(b) NZ20 
 

(c) NZ30 
 

Figure 8. SEM images of the fractured surfaces of CLCs con-
taining NZ. 

 
Figures 8 display the SEM images captured from 

the CLCs containing 10%, 20%, and 30% NZ, re-
spectively. Clearly, these pore sizes are slightly 
more uniform than those of CLCs containing FA. 
The pore sizes range from less than 50 µm to 300 
µm. Figure 8(a) shows that there are several closed 
pores, which demonstrates that the CLCs with 10% 
NZ have low water absorption (Wang et al. 2005). 

3.8 Conclusions 

1. The CLCs with OPC partially replaced with 
FA or NZ with a density of approximately 800 
kg/m3. NZ is slightly more reactive than FA. 

2. The CLCs containing NZ set slightly faster 
than those containing FA. This finding is due to the 
high fineness of NZ, which also has a higher surface 
area and a greater pozzolanic reaction. The increase 
in pozzolans also prolongs the setting time of the 
CLCs with NZ compared with the control mix due to 
the lower content of OPC. 

3. The capillary porosity of CLCs containing 
FA and NZ increases as the replacement level of 
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both types of pozzolans increases. Moreover, water 
absorption is primarily related to capillary porosity, 
increases as the capillary porosity increases which 
decreases the compressive strength. 

4. The reduction of the air voids in CLCs with 
density control is due to replacing OPC with pozzo-
lan. The pozzolans cause a filler effect and refine the 
pore-size structure of the paste. This effect changes 
larger pores into smaller ones. 
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1 INTRODUCTION 

In constructions of buildings, the main structures 
have generally been constructed using concrete since 
the mid-twentieth century. Typically, the concrete is 
a composite material composed of coarse granular 
material, aggregate particles and Portland cement. 
The Portland cement industries, however, provide 
the environment pollutions in every step of their 
processes such as, dusts, greenhouse gasses, noises 
and vibration during machines working and rocks 
blasting. 

To evaluate the environmental impacts of using 
concrete in construction, the method such as “carbon 
footprint” has been introduced. Carbon Trust (2007) 
defines the carbon footprint evaluation as a method-
ology to estimate the total emission of greenhouse 
gases (GHG) in carbon equivalents (CO2eq) from a 
product across its life cycle from the production of 
raw material used in its manufacture to disposal of 
the finished product (excluding in-use emissions). 
The values of emissions in carbon equivalents from 
some products can be obtained from the databases 
available on the internet. From the database of Thai-
land Greenhouse Gas Management Organization 
(2014), average emissions from using ready-mixed 
concrete with the compressive strength of 240 ksc 
across life cycle are 260 kgCO2eq/m3. 

Thus, the main purpose of this study is to evalu-
ate the average CO2eq emission from using ready-
mixed concrete in construction of houses in Thai-
land. The evaluation was performed using the car-
bon footprint method for concrete works from eight 

types of standard house construction drawings pro-
vided by Department of Public Works and Town and 
Planning, Thailand. 

2 SERVICE CONSTRUCTION DRAWINGS FOR 
STANDARD HOUSE  

In 2004, the Royal Thai Government promoted the 
policy of service drawings of house for Thai people. 
The Department of Public Works and Town and 
Planning (2004) was the agency responsible for de-
signing and preparing construction drawings, includ-
ing 30 types of drawings for low cost houses, stand-
ard houses, conservative houses and commercial 
buildings. The construction drawings for standard 
house was named as “Happy Family House Draw-
ings” and include 2 drawing types of one-story 
house and 6 drawing types of two-story house. The 
values of usable area for each type of house are 
shown in Table 1.  

 
Table 1.  Usable area for Happy Family House Type. 

House type No. of stories Usable area (m2) 
Type 1 1 77 
Type 2 1 113 
Type 3 2 126 
Type 4 2 180 
Type 5 2 169 
Type 6 2 240 
Type 7 2 241 
Type 8 2 363 

Evaluation of Carbon Footprint for Concrete Works from House 
Construction Drawings Provided by Department of Public Works and 
Town & Planning, Thailand 

A. Uchaipichat & N. Promthong 
Vongchavalitkul University, Nakhon Ratchasima, Thailand 

 

 
 

 

 

 

ABSTRACT: For almost two centuries, production of Portland cement has released large amount of dust and 
carbon dioxide, a major greenhouse gas. In Thailand and other countries in Southeast Asia, Portland cement 
has been used in construction industries to produce reinforced concrete components of buildings and infra-
structures. Thus, the scope of this paper is to evaluate environmental effect from using Portland cement in 
construction of houses in Thailand. The evaluation was performed using the carbon footprint method for con-
crete works. The quantity and the amount of total emissions of greenhouse gases in carbon equivalents across 
life cycle of concrete from eight types of standard house construction drawings provided by Department of 
Public Works and Town and Planning were presented and discussed. 
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3 EVALUATION OF CO2 EQUIVALENT 
EMISSION FROM CONCRETE IN 
CONSTRUCTION OF HOUSES 

The evaluation of environmental impact of using 
concrete in construction houses was performed using 
carbon footprint method. The concrete works esti-
mated from the drawings of Happy Family House 
Type provided by the Department of Public Works 
and Town and Planning (2004). Their usable areas 
are shown in Table 1. The quantity of estimated 
concrete works for each type of house, including 
lean concrete, structure concrete and precast con-
crete slab, is shown in Table 2.   

Table 2.  Quantity of concrete works for each type of house. 
House type Quantity of concrete works 

(m3) 
Type 1 20.95 
Type 2 39.00 
Type 3 39.30 
Type 4 57.10 
Type 5 48.40 
Type 6 60.60 
Type 7 87.00 
Type 8 111.80 

In this study, it is assumed that the ready-mixed 
concrete with the compressive strength of 240 ksc is 
used in concrete works. The average emissions from 
using ready-mixed concrete with the compressive 
strength of 240 ksc across life cycle, provided by 
The Thailand Greenhouse Gas Management Organi-
zation (2014), are 260 kgCO2eq/m3. Thus, the 
CO2eq emission from using concrete in construction 
of houses for each type of drawing can be calculated 
and shown in Table 3 and Figure 1. The amount of 
CO2eq emission can be plotted against the usable ar-
ea as shown in Figure 2. The linear equation for this 
relationship can be expressed as, 

59.2514.802 −= AeqCO   (1) 

in which, A is the usable area. 

 Figure 3 shows the values CO2eq per 1 m2 of usa-
ble area from using concrete, which are in the range 
between 65 to 95 kg/m2. The average value of 
CO2eq per 1 m2 of usable area for one-story house, 
two-story house and all types are 80.09, 79.64 and 
79.75 kg/m2. 

Table 3.  Emission of CO2eq from using ready-mixed concrete 
in construction of houses. 

House type CO2eq 
 (kg) 

CO2eq /1 m2 of usable area 
(kg/m2) 

Type 1 5,447 70.74 
Type 2 10,140 89.45 
Type 3 10,218 81.10 
Type 4 14,846 82.48 
Type 5 12,584 74.46 
Type 6 15,756 65.65 
Type 7 22,620 94.08 
Type 8 29,068 80.08 

 
 
 
 
 
 
 
 

Figure 1. Emission of CO2eq from using concrete in construc-
tion of houses. 

Figure 2. Relationship between amounts of CO2eq emission 
from using concrete and usable area of house. 

Figure 3. CO2eq emission per 1 m2 of usable area from using 
concrete in construction of houses. 
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4 DISCUSSIONS 

The results from this study confirm that using Port-
land cement to produce concrete in construction of 
houses can cause CO2eq emissions of 65 to 95 kg 
per 1 m2 of usable area. This problem is very serious 
and must be solved very quickly since the issue of 
environmental impacts has become a very interested 
topic nowadays. 
 This serious concern must be considered in a 
modern building design with environment-friendly 
concept. Designers may use less concrete in con-
structions of main structures of building.  Another 
option is to replace Portland cement with fly ash or 
rice husk ash. Using this option not only reduce 
Portland cement in concrete mixtures but also dis-
pose of industrial and agricultural wastes.  Moreo-
ver, the government should promote policy to sup-
port the use of environment-friendly materials in 
constructions.  

5 CONCLUSIONS 

In this study, the evaluation of average CO2eq emis-
sion from using ready-mixed concrete in construc-

tion of houses in Thailand was performed using the 
carbon footprint method for concrete works. The 
quantity and the amount of total emission of green-
house gases in carbon equivalents across life cycle 
of concrete from eight types of standard house con-
struction drawings provided by Department of Pub-
lic Works and Town and Planning were calculated. 
The results show that the values CO2eq per 1 m2 of 
usable area from using concrete are in the range be-
tween 65 to 95 kg/m2.  
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1 INTRODUCTION 

In 2012, there were total of 246,496 units of building 
construction permitted in Thailand. Ninety percent 
of these were residential buildings. Of all residential 
buildings permitted, 73% were detached housing. 
More than 90% of these detached housing were built 
with reinforced concrete and only a few were built 
with wood (National Statistical Office of Thailand, 
2014). Modern designs with lots of windows in or-
der to increase the natural light coming into the 
house like western countries are well received by the 
market. From a survey in 2010, average cost of de-
tached housing designs from various developers in 
Bangkok and vicinity are distributed as follow: 
structural costs 46%, architectural costs 41%, elec-
trical costs 7% and sanitary and piping costs 6%.  
Structural material costs including all pilings, rein-
forced concrete structures, roof structures is more 
than 30% of total material costs (Wethyavivorn et 
al., 2012).  

However, these designs, while saving the lighting 
energy cost, significantly increase the air condition-
ing costs during its operation. Green construction 
materials and construction systems are available 
more and more in Thai construction market. Never-
theless these materials are not widely used due to 
higher costs as well as limited knowledge and expe-
riences of designers, builders, and also customers 
regarding the use of these green materials in Thai-
land.  

This study aims to investigate various wall and 
roof designs in order to reduce heat getting into the 
house as well as reducing the weight so that the 
structural costs can be lessen down to substitute the 
additional costs of green wall and roofing systems.  

2 LITERATURE REVIEW 

This study adopted the passive solar building design 
in order to reduce solar heat gaining into the house 
without the use of mechanical and electrical device 
(Fosdick, 2012). Passive solar building design often 
called passive cooling design when apply in hot cli-
mate housing design. It attempts to utilize the win-
dows, walls as well as shading to balance the sun-
light and protect the heat coming into the house to 
increase comfort of the occupants. Passive cooling 
involves roof design, wall design, floor design, 
thermal properties of building materials and also 
natural ventilation and cooling (Koch-Nielsen, 
2002).    

Townsville City Council, Australia, has devel-
oped Sustainable Housing Information Kit intended 
to provide ideas for improving existing homes and 
designing new homes to be more energy efficient 
and climate-responsive (Townsville City Council, 
2010). This kit comprises of six guidelines: Guide 
One - Orientation for Townsville Homes, Guide 
Two – Harnessing cooling breezes, Guide Three – 
Shading out the heat, Guide Four – Landscaping, 
Guide Five - Building materials and insulation for 

Sustainable Design: Case Study of a Detached Housing in Bangkok 

B. Wethyavivorn, P. Wethyavivorn, C. Suksawat & S. Surit 
Kasetsart University, Bangkok, Thailand 

ABSTRACT: The study attempts to investigate the sustainability focusing on the energy used during opera-
tion as well as the construction cost of detached housing design commonly used in Bangkok these days. 
Green materials available in the market are used to substitute existing concrete block wall and fiber cement 
roof. Not only alternative materials but various roof forms are also explored.  ETABS version 7 is used to re-
design the reinforced concrete structure as the weight of wall and roof is reduced due to the substitution of en-
ergy efficient materials. Two main energy-related parameters OTTV and RTTV are used to calculate the total 
energy required in different designs of the house during operation. It was found that if more energy efficient 
materials are used to substitute traditional wall and roof, the construction cost will not increase but the house 
will consume 34.77% less than the traditional house. The increase in architectural cost of roof and wall mate-
rials can be trade off with the decrease of structural cost due to the reduced design load.   
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Townsville homes, and Guide Six – Enhance out-
door living. Most detached housing in Bangkok and 
vicinity are on small plot of land, therefore, our 
study choose to focus on Guide Five – Building ma-
terials and insulation and also follow some aspect of 
roof shading from Guide Three. There are three 
main ways that the heat can be transferred into 
home: radiation, conduction, and convection. Choos-
ing the right materials for the roof and wall as well 
as insulating these shells effectively will help cool-
ing the house. Roof should be painted with light col-
or and build with metal rather than ceramic tile. The 
ceramic tile which is commonly used in Bangkok 
will slowly absorb heat during the day and then 
slowly re-radiate it into the home at night. The roof 
which is the largest surface area exposed to the sun 
all day shall be well ventilated as well as insulated 
with appropriate materials in order to reduce the 
temperature under the roof. Masonry wall which is 
commonly used in Thailand has to be used with 
care. Masonry wall must be either shaded or insulat-
ed. Internal concrete floor and masonry wall is fine 
since they are shaded all day. Glass windows should 
be tinted. The guide notes that shading is still the 
most effective means of reducing heat gain into a 
home. However, tinted or high performance glass 
window is still beneficial especially for the area that 
can hardly be shaded.  

Energy Conservation Promotion Act (ECP Act) 
has been legislated in 1992. This Act is applied only 
to buildings but not residential detached housing. 
Therefore most housing designs in Thailand are still 
following the western design which is quite popular 
in the market. The study intended to explore the en-
ergy efficiency of typical detached housing design in 
Bangkok by calculating Overall Thermal Transfer 
Value (OTTV) and Roof Thermal Transfer Value 
(RTTV) of existing design. Then alternative materi-
als will be substitute, the new OTTV and RTTV will 
be compared with the existing design. This study 
choose to use the rule established by Energy Con-
servation Promotion Act revised in 2007 for existing 
buildings which states that OTTV must be lower 
than 55 W/m2 and RTTV must be less than 25 
W/m2 as a passing criteria (Ministry of Energy, 
2007).  

3 METHODOLOGY 

Previous study in 2001 has shown that typical hous-
ing unit in Bangkok is built on small land lots (240-
250 m2) with large floor area around 160 m2 (Tanta-
sawasdee et al., 2001). A case study of typical de-
tached housing unit built in 2012 in northern Bang-
kok is therefore used as a benchmark to compare 
with alternative designs. The house has two floors 
with total floor area of 170 m2. It has been built on 
216 m2 plot of land (see Figure 1).   

Then the selected house is redesign to be more 
sustainable focusing on the roof and the wall. The 
existing house in Figure 1 has fiber cement tile roof 
with no insulation. Our redesign has proposed three 
roof shapes as shown in Figure 2 in order to reduce 
the RTTVs. Various roof materials including the 
roof and insulation available in Thailand are also in-
vestigated at the same time. The existing house has 
light weight concrete block wall with basic glass 
windows. Our redesign then investigates various 
wall systems together glass window technologies 
available in the market that can help reduce OTTV. 

The OTTVs and RTTVs are calculated using the 
formula as well as program provided by Department 
of Alternative Energy Development and Efficiency, 
Ministry of Energy, Thailand. 

Figure 1. Floor plans and side views of the case study of de-
tached house in Bangkok. 

Finally, the structure is also redesign using 
ETABS version 7 according to the roof and wall 
weight which has been reduced. The price is also 
calculated to compare with the original design. 

:588:



4 RESULTS 

The RTTV of the three roof shapes in Figure 2 were 
investigated. It was found that the RTTV of the ex-
isting gable shape design with fiber cement roof tile 
is 147.43 Watt/m2 at 291 Baht/m2. The butterfly, flat, 
and semicircle shapes had cut the RTTVs down to 
70.45, 35.47, and 33.27 Watt/m2 respectively (see 
Figure 3).  

Figure 2. Three roof shapes proposed in the study. 

Then the roof and insulation materials were ex-
plored. Three types of roofing materials commonly 
used in Thailand are fiber cement tile, ceramic tile, 
and metal sheet. Changes of roofing materials did 

not show any significance difference in their 
RTTVs. Since the semicircle roof shape requires to 
be built with metal sheet, the metal sheet is then se-
lected as a roofing material and from then, insula-
tions are investigated. Metal sheet with foam insula-
tion can reduce the RTTV down to 29.29 Watt/m2 at 
the cost of 200 Baht/m2. Metal sheet with single 
layer, double layers, and triple layers of 7.5-cm fiber 
glass insulation have RTTV of 23.70, 12.15, and 
8.29 Watt/m2 at the cost of 270, 370, and 470 
Baht/m2 correspondingly (see Figure 4).    

Figure 3. RTTVs of existing and the three roof shapes pro-
posed in the study. 

Figure 4. RTTVs of different roofing and insulation materials. 

Various combinations of wall and insulation ma-
terials were investigated. Fiber cement board, plastic 
fiber board, and cork board are trial together with 
different thickness of foam insulation. Finally, the 
light weight wall system chosen for the redesign in-
cludes 3 layers of fiber cement board on both sides 
of the wall with 12-cm foam in between which can 
reduce the OTTV of the existing wall of 162 
Watt/m2 (350 Baht/m2) down to 88.80 Watt/m2 
(2,744 Baht/m2). Total thickness of this new wall 
will be 17.40cm. 

Then the glass windows were replaced with vari-
ous types of energy efficient glass window. The tint-
ed window films were also investigated. However, it 
is more cost-effective to use the energy efficient 
glasses which are now available in the residential 
construction market. Figure 5 shows OTTVs of the 
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wall selected above with different types of energy 
efficient glass windows.     

Figure 5. OTTVs and price (Baht/m2) of wall with different en-
ergy efficient glass windows.  

From the OTTVs, RTTVs together with prices of 
roof and wall materials above, Design A, focusing 
on providing the most energy efficient house at no 
additional cost, is proposed. Moreover, Design B 
which aims to provide most energy efficient house 
by changing only roof and wall design with materi-
als readily available in the market is also suggested. 
As mention earlier, the Energy Conservation Promo-
tion Act revised in 2007 does not re quire any resi-
dential housing to follow the rule. Therefore, we 
chose to use existing building rule which states that 
OTTV must be lower than 55 W/m2 and RTTV 
must be less than 25 W/m2. With the OTTV and 
RTTV required this rule, the house would have en-
ergy requirement for the building envelope, air-
conditioning, and lighting system equal to 5,724.34 
kWh, 2,332.88 kWh, and 5,569.20 kWh respective-
ly. Therefore, the total energy requirement of the 
house in order to pass the rule of existing building 
would have to be lower than 13,626.42 kWh.    

Table 1 compares the existing design, Design A, 
and Design B as shown in Table 1. It was found that 
the existing design had total energy requirement of 
16,793.84 kWh which was 23% higher than the re-
quirement of existing building in Energy Conserva-
tion Promotion Act. But Design A and Design B did 
not only pass the requirement of 13,626.42 kWh but 
they consumed energy 35% and 46% less than the 
existing design. While the total cost of Design A 
was similar to the existing design, Design B was 
8.37% more expensive but it can cut down almost 
half of the energy consumption. 

It is important to note that the cost of structural 
systems in both Design A and Design B are 36% and 
27% lower than the original design. Due to the light 
weight roof and wall materials, the design load of 
the existing design was 16.5 ton/pile, while Design 
A and Design B pile load were cut down to 9.2 and 

6.98 ton/pile respectively. The higher cost of energy 
efficient roof and wall materials can be trade off 
with the lower cost of structural system.   

Table 1. Comparision of proposed designs with existing design. 
Existing De-

sign 

Design A Design B 

Wall Light weight 

concrete block 

Fiber cement 

board with 12-

inch foam 

Fiber cement 

board with 12-

inch foam 

Glass window 6mm/no coat-

ing 

Double layer 

6mm/ tinted 

metal glaze 

Double layer 

12mm/ tinted 

metal glaze 

Roof Fiber cement 

tile 

Metal sheet Metal sheet 

Insulation None 2 layers of 7.5-

cm fiber glass 

3 layers of 7.5-

cm fiber glass 

Roof shape Gable Butterfly Flat 

Weight (Ton/Pile) 16.45 9.2 6.98 

OTTV (Watt/m2) 162.00 44.61 40.36 

RTTV (Watt/m2) 147.43 12.15 8.29 

Building envelope 8,685.23 904.89 887.09 

Air conditioning 2,375.61 2,375.61 2,375.61 

Lighting 5,733.00 5,733.00 5,733.00 

Energy require-

ment (kWh) 16,793.84 10,953.99 8,995.69 

Compare to Existing Design -34.77% -46.43% 

Structural cost 1,395,900.80 897,032.42 1,018,890.67 

Architectural cost 428,499.00 918,498.80 958,152.80 

Total cost 1,824,399.80 1,815,531.22 1,977,043.47 

Compare to Existing Design -0.49% 8.37% 

5 CONCLUSION 

The expansion of city of Bangkok and vicinity can-
not be avoided. Mass rapid transit has continually 
developed to respond to the expansion. More and 
more housing is required. In downtown Bangkok, 
green concept of high-rise condominiums fully 
equipped with advanced energy efficient mechanical 
and electrical equipment are quite attractive due to 
the limited space. However, on the skirt of Bangkok 
and vicinity, there is still a high demand in small de-
tached housing unit. Passive cooling design is an ap-
propriate technique which can be applied in order to 
raise living comfort while saving the energy bills at 
minimal cost. The study shows that by switching to 
more energy efficient roof and wall materials, the to-
tal energy requirement of the house under studied 
can be cut down by 34.77% at no additional con-
struction cost. But if we want to save most energy 
using roof and wall materials available in the market 
today, we can save up to 46.43% of total energy re-
quirement. And this will cost only 8.37% more than 
the original cost. 
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However, the study only models the house 
through the program provided by Ministry of Ener-
gy, Thailand. Actual energy savings may not be ac-
curate due to external factors such as quality of con-
struction, quality of materials, and actual use of the 
occupants.         
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1 INTRODUCTION 

Large cities in the world are facing environmental 
management problems from increasing of population 
and natural resources. Therefore, the sustainably 
natural resource management is the critical goal for 
society.  Bangkok, the capital city of Thailand, has 
about 5.6 million people, 2.4 million households in 
2011. The density of population is about 3,617 peo-
ple per square kilo-meter (people/km2) where the ar-
ea is 1,568.7 km2 (Department of city planning, 
2011). Bangkok can be considered to be one of the 
large cities, so environmental and natural resources 
management such as water and wastewater man-
agement are important issues. 

Typically wastewater treatment plants (WWTPs) 
produce clean water and solid end products from 
treating the wastewater. Clean water flows to natural 
water resource. Solid end product from operation 
process contains carbon component and many plant 
nutrients, therefore there are several benefits such as 
produced renewable energy and organic fertilizer. 
First, solid end product offers an opportunity to pro-
duce renewable energy from digestion or burning 
process. For example, biogas production and subse-

quently electricity (biogas-based electricity) from 
anaerobic digestion process, as well as heat from in-
cineration process are renewable energy from 
WWTPs. Biogas and generated electricity are con-
sidered to be the lower cost renewable energy to 
WWTPs (only operational cost is considered). The 
generated electricity from bio-methane can be used 
internal the WWTPs themselves. Otherwise, me-
thane from biogas can be sold to natural gas market 
for residential and/or transportation sectors and the 
generated electricity can be sold to electricity grid 
market. Second, organic fertilizer produced from 
solid end product is another returning back benefit to 
WWTPs. Not only the opportunities of renewable 
energy and organic fertilizer are interesting to 
WWTPs, but also reduction of carbon dioxide 
equivalent (CO2eq) emissions amount from using 
solid end product is another benefit. If WWTPs de-
velop their plans to use renewable energy from solid 
end product, this idea can support an efficient means 
to lowering CO2eq emissions (Elliot et al., 2010).  
Bangkok has about 19 municipal WWTPs including 
12 small and 7 large WWTPs operated by Water 
Quality Management Office, Bangkok Metropolitan 

Identification of Optimal Strategies for Energy Management and Reduc-
ing Carbon Dioxide Equivalent Emissions at Wastewater Treatment 
Plants in Bangkok, Thailand 

S. Srinil, C. U-tapao & L. Laokhongthavorn 
Department of Civil Engineering, Faculty of Engineering, King Mongkut’s Institute of Technology 
Ladkrabang, Bangkok, Thailand 

 ABSTRACT: Wastewater treatment plants need optimal strategies for developing their operational system. 
The best performing wastewater treatment plant: recovering and reusing resources, applying new technolo-
gies, and optimizing their operational processes, produces high amount of the energy and reduce large amount 
of carbon dioxide equivalent emissions. Instead of using of fossil fuel for transportation solid end products 
from operational processes to landfill sites, one from the three processes (producing organic fertilizer, anaero-
bic digestion, and incineration) is selected for management system. Wastewater treatment plants produce re-
newable energy from solid end products such as producing biogas from the anaerobic digestion process and 
using heat from incineration process. Also, solids end product from heat drying and anaerobic digestion pro-
cesses can be used/sold as organic fertilizer. Using solid end product as fertilizer and/or renewable energy 
source makes high potential to offset the amount of carbon dioxide emissions. The objective of this research 
is to find optimal strategies for energy management and reducing carbon dioxide equivalent emissions at 
wastewater treatment plants in Bangkok, Thailand. 
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Administrator. Municipal wastewater roughly 
1,097,491 cubic meters per day (m3/day) was treated 
in 2011. The quantity of wastewater compare to wa-
ter supplied from Metropolitan Waterworks Authori-
ty is about 42.45% (Water Quality Management Of-
fice, 2011). Approximately, solid end product was 
produced 289.92 dry tons/ day. As mentioned at the 
previous paragraph, WWTPs in Bangkok are possi-
ble to gain benefits from end product of their solids 
by using or selling the producing renewable energy 
and/or organic fertilizer.  
The objective of this paper is to present optimal 
strategies that provide guidance for all WWTPs in 
Bangkok for processing solid end product taking in-
to account consideration of energy production, car-
bon dioxide equivalent emissions and revenues. As 
such these strategies can assist particular WWTPs in 
these areas. The rest of paper is organized as fol-
lows: Section 2 presents operational process at 19 
municipal WWTPs; Section 3 describes end prod-
ucts of WWTP while Section 4 discusses the results. 
Lastly, Section 5 provides concluding remarks. 

2 OPERATIONAL PROCESS AT NINETEEN 
MUNICIPAL WWTPS IN BANGKOK 

This section describes the operational process at 19 
WWTPs in Bangkok (12 small and 7 large ones). 

Aerobic treatment system is the main operational 
process for each wastewater treatment facility such 
as Activated sludge (AS), Oxidation ditch AS, Ex-
tended AS, Completely mixed AS, Contract stabili-
zation activated sludge, Two-stage activated sludge, 
Activated sludge with nutrients removal, Cyclic ac-
tivated sludge system and Vertical loop reactor acti-
vated sludge. The detail of each one is described in 
Table 1. 

2.1 Amount of wastewater 

Sewage and storm water flow into 19 wastewater 
treatment facilities. These flows come from munici-
pal wastewater in Bangkok area. The small WWTPs: 
Thung Song Hong 1, Thung Song Hong 2, Bangbua, 
Ramindra, Huai Khwang, Tha Sai, Bangna, Bonkai, 
Khlong Toei, Knlong Chan, Huamark and Rom Klao 
plants have potential to treat about 363,837 m3/day. 
The large WWTPs: Si Phraya, Rattanakosin, Din 
Daeng, Chong Nonsi, Nong Khaem, Thung Khru 
and Chatuchak plants have potential to treat roughly 
733,654 m3/day. Maximum and minimum opera-
tional cost were 15.05 and 1.06 Baht/m3. 

Table 1. The operation process of Bangkok WWTPs. 

WWTP Operation system Capacity Population Operation cost 

(day/m3) )persons(  (Baht/m3) 

Thung Song Hong 1 Activated sludge 3,000 15,000 7.70 

Thung Song Hong 2 Activated sludge 1,100 5,500 8.39 

Bangbua Oxidation ditch activated sludge 1,200 8,000 11.07 

Ramindra Extended activated sludge 600 4,060 8.44 

Huai Khwang Conventional activated sludge 1,400 16,800 6.83 

Tha Sai Activated sludge 1,486 7,095 5.01 

Bangna Oxidation ditch activated sludge 1,156 8,280 6.01 

Bonkai Extended activated sludge 350 2,200 15.05 

Khlong Toei Completely mixed activated sludge 635 7,200 13.76 

Khlong Chan Activated sludge 1,925 36,000 5.17 

Huamark Stabilization pond 1,145 2,940 8.57 

Rom Klao Extended activated sludge 2,461 19,000 4.26 

Si Phraya Contract stabilization activated sludge 15,275 120,000 3.13 

Rattanakosin Two -stage activated sludge  25,506 76,000 2.14 

Din Daeng Activated sludge with nutrients removal 204,414 1,080,000 2.45 

Chong Nonsi Cyclic activated sludge system  169,336 580,000 1.06 

Nong Khaem Vertical loop reactor activated sludge 122,972 418,000 1.34 

Thung Khru Vertical loop reactor activated sludge 58,166 171,000 1.58 

Chatuchak Cyclic activated sludge system 137,985 432,500 1.87 
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2.2 Amount of solid end product 

Approximately, 264.17x10-6 m3 of wastewater give a 
dry ton of solid end product (average 1.4 million m3 
of wastewater gives 1,125 wet ton solid end product 
and average percent solid is 27.2). The average daily 
solid end product was calculated as 287.9 dry tons/d 
mentioned above. Solid end product is the solid nu-
trient (Nitrogen, Phosphorus and small Potassium) 
and can be used as organic fertilizer. The Depart-
ment of Water Quality Management Office estab-
lished the pilot plant used to produce organic ferti-
lizer from solid end products in 2005. The number 
of solid end products used as organic fertilizer from 
2006-2011 show in Figure 1. Solid end products 
from Nong Khaem and Chatuchak WWTPs are 
treated by anaerobic digestion at Nong Khaem pilot 
plant. This pilot plant currently uses Window com-
posting process to improve the quality (i.e., reduce 
the amount of pathogen) of solids for fertilizer end 
used and mixes solid with dry hay.  Consequently, 
this material can be delivered to nearby areas and 
used as fertilizer without cost. 
 

 

 

 

 

 

 

 
Figure1. Composting solid from Nong Khaem pilot plant from 
2006-2011. 

3 END PRODUCT FROM WASTEWATER  

Solid end product of wastewater is a significant bi-
omass source, which transformed to be renewable 
energy and/or organic fertilizer (see Figure 2). Bio-
gas from aerobic digestion process or heat from in-
cineration process could be possibly valuable choic-
es for WWTPs. Not only the purpose of used these 
renewable energy internal the plant, but also sold 
them to energy market could be an interesting op-
tion.  Moreover, organic fertilizer from composting 
process is another benefit from solid end product. 
Next paragraphs on this paper describe the details 
related to end product of solid end product of 
wastewater. 

 
 

Figure 2. Process diagram for WWTP. 

3.1 Biogas production by anaerobic digestion pro-
cesses 

Solid end product maximum capacity of 289.9 dry 
ton/day for the digester to evaluate the amount of bi-
ogas generated from anaerobic digestion (digester). 
The volatile solids (VS) about 80% is eventually 
processed into biogas. Additionally, a residual 
amount of 45% needs to be subtracted from the total 
amount of solid end products. Biogas production is 
840 m3/ton of solids end product influent to the an-
aerobic digester. The approximated amount of bio-
gas is 107,156 m3/d. 

3.2 Bio-methane from biogas 

Anaerobic digestion of organic matter like solid end 
products from wastewater produces biogas, which 
methane and carbon dioxide gas are the main com-
positions (Rosso and Stenstrom, 2008).  
 
Solids + Carbon substances           CH4 + CO2 + H2O

+ 
 trace gases+ class A biosolids 

 
The biogas can be broken down into the following 
component shares: 55-65% methane gas (CH4), 30-
40% carbon dioxide gas (CO2), and 0-5% water va-
por, traces of hydrogen sulfide H2S and hydrogen H2 
(Appels et al., 2008).  Methane from anaerobic bio-
degradation, called bio-methane (Ryckebosch et al., 
2011) can be used as energy like natural gas. Conse-
quently, in this paper presented below, an average 
60% of methane composition in biogas will be used, 
and called bio-methane.  

3.3 Heat from incineration process 

Biomass or fuel can be prior to incineration if the to-
tal solid is between 15-35%. After dewatering pro-
cess, solid end product of wastewater has a potential 
prior to incinerate. Three fourth of solid end product 
are combustible and about one fourth will be inert 
ash. This ash can be disposed or used as construction 
material. Heat value from burning process is prefer-
able. The heat of combustion range is average 
150,000 BTU per dry ton of solid end product (EPA, 
2003). 
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3.4 Solid end product used as organic fertilizer 

Heat drying process is used to release water from 
solid end product of wastewater. This process is one 
of several methods such as composting or lime stabi-
lization that can be used to reduce the volume and 
improve the quality of solid end product of 
wastewater. Solid end product from of heat drying 
could be used as organic fertilizer. The typical heat 
dried product is about 90 percent solids (EPA, 
2006). 

3.5 Carbon dioxide equivalent emissions 

Generally, aerobic and anaerobic treatments are used 
as the operational process for WWTPs. They are im-
portant sources that emit huge amount of greenhouse 
gas (GHG) such as carbon dioxide (CO2) and me-
thane (CH4). Huge amount of GHG is emitted from 
biodegradation process of both treated wastewater 
and sludge disposal processes. CH4 gas producing 
from WWTPs’ operation process (bio-methane) can 
be collected and used as renewable energy. Once 
bio-methane is used as natural gas, WWTPs can get 
advantages to offset 0.00197 ton of CO2eq per cubic 
meter of natural gas (the climate registry, 2008). An 
additional benefit for WWTPs is that the CO2eq off-
set from disposal process will offset 0.1 tons when 
using solid end product as organic fertilizer and 0.2 

tons from carbon sequestration in the soil (Brown 
and Leonard, 2004). 

4 RESULT AND DISSCUSSION 

The approximation of end products from 19 WWTPs 
in Bangkok are shown in Table 2. WWTPs can con-
sider operating their facilities to product end product 
of wastewater. There are several benefits from using 
solid end product of wastewater to produce valuable 
end products. Each WWTP may make a decision to 
produce one from four possible options, producing 
biogas, organic fertilizer and heat in order to gain 
revenues instead of operational costs. The possible 
end products include 45,599 m3/d (16 million m3/yr) 
of bio-methane, 178.34 dry tons/d (64,095 dt/yr) of 
organic fertilizer and was 29,723,563 BTU/d 
(10,849 million BTU/yr) heat from incineration. 

 Next step is to analyze CO2eq, which is another 
advantage of using solid end product.  Table 3 
shows the amount of CO2eq offset from using end 
product. If WWTPs did not produce either bio-
methane or organic fertilizer, solid end product had 
to be disposed. CO2eq emissions were about 59 
tons/day. However, WWTPs can offset this amount 
to 52 tons CO2eq for produce bio-methane and use 
as natural gas. WWTPs may select to produce organ-
ic fertilizer to use, and offset 54 tons CO2eq per day. 

 
Table 2. End products of wastewater from 19 WWTPs in Bangkok. 

WWTP Solid end product Bio-methane Fertilizer Heat 
dry ton/day m3/day dry ton/day BTU/day 

Thung Song Hong 1 0.79 5,062 0.71 118,877 

Thung Song Hong 2 0.29 15,231 0.26 43,588 

Bangbua 0.32 57 0.29 47,551 

Ramindra 0.16 176 0.14 23,775 

Huai Khwang 0.37 64 0.33 55,476 

Tha Sai 0.39 70 0.35 58,883 

Bangna 0.31 35 0.27 45,807 

Bonkai 0.09 82 0.08 13,869 

Khlong Toei 0.17 87 0.15 25,162 

Khlong Chan 0.51 68 0.46 76,279 

Huamark 0.30 21 0.27 45,371 

Rom Klao 0.65 37 0.59 97,518 

Si Phraya  4.04 113 3.63 605,280 

Rattanakosin 6.74 67 6.06 1,010,688 

Din Daeng 54.00 144 48.60 8,100,007 

Chong Nonsi  44.73 895 40.26 6,710,024 

Nong Khaem 32.49 1,494 29.24 4,872,827 

Thung Khru 15.37 11,975 13.83 2,304,857 

Chatuchak 36.45 9,920 32.81 5,467,725 

Total 198.16 45,599 178.34 29,723,563 
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Table 3. the amount of CO2eq emissions and offsets from using 
end product. 

Emissions Offsets 

Solid end product Bio -methane  Fertilizer 

ton CO2eq/d  ton CO2eq/d  ton CO2eq/d  

59 52 54 

5 CONCLUSION 

This paper identified optimal strategies for energy 
management and reducing the CO2eq emissions of 
WWTPs in Bangkok. Solid end product could be 
produced renewable energy such as bio-methane us-
ing as natural gas and heat for generating electricity. 
In addition, organic fertilizer could be produce using 
for farm. The results also indicate that WWTPs is 
able to process solid end product and reduce the 
CO2eq emissions from solid end product disposal 
and transportation process (deliver solid to landfill 
site).  

This paper shows options to invest more facilities 
internal WWTPs such as anaerobic digester, inciner-
ator and composting plant. Given the increasing en-
ergy management and GHG emissions concerns, this 
study may assist both wastewater treatment plant 
operators and decision-makers. 
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ABSTRACT: This paper examines urban spatial structure in terms of urban built-up area of the rapidly 
developing city of surrounding Mahasarakham university MSU (Khamriang campus). The study aims to 
develop the build-up growth prediction model using the Geographic Weighted Regression (GWR) approach in 
the area of surrounding Mahasarakham university (Khamriang campus), In this study five explanatory 
variables describing as: a number of road section (x1), length of road section (x2), bare land (x3), nearest 
distance from bare land to road section (x4) and built-up growth index (x5) were hypothesized to influence the 
change in the built-up area and analyzed using GWR to allow for spatially varying relationships across the 
study area. The dependent variable (Y) includes the amount of urban built-up area that has increased from 
1995 to 2010 and 5 spatial variables. For the period of 1995-2010, approximately 132 percent of land had 
been converted to urban use. The spatial variables are generated using geographical information system 
techniques and calibrated into GWR model. The results of the GWR model are compared to global model. 
The use of GWR has increased the strength in the relationship especially in terms of the goodness-of-fit 
statistics (R2) from 0.66 (OLS global model) to 0.87 (GWR), with individual GWR models ranging from 0.0 
to 0.99. Maps of the residuals show that the GWR model fits better in the outer region of the study area than 
the central region. This is partly due to the better accessibility in the outer than the central region. A Monte 
Carlo test of the GWR model found that 1 of the 5 explanatory variables displayed significant spatial non-
stationary. The variable of nearest distance from bare land to road section shows spatial non-stationary. 
 
 
1. INTRODUCTION  

Understanding of land use change, urbanization 
and urban growth are critical to city planners and 
resource managers in the rapidly changing 
environments because changes in land use will 
cause changes in environmental conditions (Berry, 
1972). The definition of urbanization in this study 
is area where as building or built-up area. When 
land use change occurs due to urbanization (the 
building up and paving over of undeveloped areas) 
and along a city boundary, it increases the size of 
the city as it grows (Cho, 2009). Moreover, urban 
growth is a special kind of land use change, urban 
areas make up a small proportion of the land 
surface area can cause very large changes in 
environmental conditions, more than other land use 
changes which must be monitored and predicted to 
preserve natural resources in urbanized areas 
(Chang, 2008). In recent years, geo-informatics 
technology was popular among land  use and urban 
planners and geographers as a geospatial 
simulation tool and building growth modeling and 
prediction which have been emphasized in the 
previous urban growth studies (Grimm, 2000),  
(Herold, 2003), (Houghton, 1999), (Huang, 2002), 
and (Kaplan, 2004). Due to rapid growth of 

Mahasarakham University (MSU) Khamriang 
campus, LULC change takes place in the campus 
and its neighbor. As a result, the number of 
households has continuously increased from 
14,649 households in 1995 to 22,678 households in 
2010 of Kantharawichai district (DOPA, 2010). 
This study investigated an optimum build-up 
growth model from the Geographic Weighted 
Regression (GWR) for prediction of build-up 
growth pattern surrounding MSU (Khamriang 
campus) and identified optimum model for build-
up growth model. 

The GWR approach in spatial modeling is an 
important part of these tools which provide 
technique to deal with spatial non-stationarity in 
multivariate regression and estimates regression 
coefficients locally using spatially dependent 
weights (Fotheringham et al., 2002). GWR is 
becoming a more commonly used technique in 
urban geographical and environmental studies as 
the important feature of GWR is its ability to 
generate parameter estimates for every regression 
point by using observations in a given 
neighborhood. The parameter estimates are 
characteristically mapped to highlight spatial 
variation (Mennis, 2006) and resulting maps are 
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thought to be didactic aids for policymakers, and 
for summarizing the large amount of data 
generated by the procedure. More detail about 
GWR can be found in (Fotheringham et al., 2002) 
and some other recent articles (e.g. Wang et al., 
2005; Chang et al., 2008; Propastin et al., 2008). 
Keeping the wide applications of GWR in 
background, this study aims at modeling building 
growth prediction using GWR approach over area 
extents of surrounding MSU. The spatial variable 
of relationship between the building pattern and 
the proximate causes will give the idea of 
complexity and interconnections between the 
building growth and associated factors.   

2. THE STUDY AREA (SURROUNDING 
MAHASARAKHAM UNIVERSITY 
(KHAMRIANG CAMPUS))  

Mahasarakham university (MSU) was separated as 
two campuses. In the study, only Khamriang 
campus was used as a study area. MSU is the 
capital of education in middle of northeastern of 
Thailand, referred to Figure 1. MSU is located in 
Mahasarakham province, approximately 470 km 

from Bangkok to the northeastern of Thailand. The 
study area extends from 310000 meters to 316000 
meters (E) and 1795000 meters to 1799000 meters 
(N).  

MSU was a big campus with a surrounding area 
extent of built-up area 18 km2 in 1995. However 
the campus has rapidly developed over the years 
especially after the opening of new institutes in 
2004. The surrounding area of campus covers an 
area of 24 km2. This has increased access to other 
areas particularly to MSU in the south. It is one of 
the examples of new building growth centers in a 
non-metropolitan area with the rapid growth of 
surrounding extent and campus population. A 
number of population more of 10,000 in 2009, 
estimated to increase to 15,000 by 2013 (DOPA, 
2012). MSU is a major education and investment 
center of residential project and any building 
structure in the surrounding areas. The campus is 
located at the intersection of two federal roads via 
the South and Northeast which provides greater 
accessibility to the study area. The campus can 
also be access via the North and West local way 
through three intersections. 

 

                             
Figure 1. Area extent of Mahasarakham University (Khamriang campus) and surrounding area MSU in term of polygons 
overlay on IKONOS image of year 2010. 

 
3. VARIABLES AND SPATIAL ANALYSIS 

In this study, building growth prediction is firstly 
used visual interpretation for dependent variable 
extraction and manipulation techniques for 
independent variables extraction. Building growth 
Modeler to predict building area in 2011 based on 

build-up polygons in 1995, 2002 and 2010. Results 
of predictive growth models were then compared 
with an observed build-up area using statistic index 
coefficient of agreement. After that, the model 
which provides higher accuracy values was 
preferred for building growth prediction of each 
spatial unit (polygon). Results of the clustering are 
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sub polygons of 1 to 21 as expressed in Figure 1. 
The polygons are again extracted from the road 
within features. Theirs polygon are further used in 
GWR for modeling the linear equation of each 
polygons. 

The dependent variable used in the analyses is 
the increase in the built-up area over the ten year 
period from 1995 to 2010. The amount of change 
in the built-up area is calculated in square meters 

by gathering built-up area of 1995 from that in 
2010. The built-up area of surrounding MSU has 
increased from 3,220,800 (m2) in 1995 to 
4,236,800 (m2) in 2010, an increase of 132 percent 
over the period. The spatial structure of built-up 
area of the study area is shown in Figure 2 and 3, 
from which it is evident that urban development 
mainly occurs along major thoroughfares and 
minor road. 

 

 
Figure 2. Built-up area surrounding MSU of year 1995. 

 

 
                                                   

Figure 3. Built-up area surrounding MSU of year 2010. 
  

Table 1 Variables used in the study and their descriptions. 

Variables within spatial unit Types          Units                    
          
         Dates                             Manipulation approach 

Y (total of built-up area) Polygon m2 1995, 2002, 2010 Summation 
 

X1 (total of number of road section) Line Number 1995, 2002, 2010 Counting 
 X2 (total of length of road section) 

 
Line Meters 1995, 2002, 2010 Field calculator 

X3 (bare land) Polygon m2 1995, 2002, 2010 Binary analysis 
 

X4 (total of nearest distance from bare 
land to road section) 
 

Line Meters 
 

1995, 2002, 2010 Eu-clidean distance 

X5 (total of built-up growth index, 
(Y/X3)) 
 
 

Index Number 
1995, 2002, 2010 

Built-up area/bare land 
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The independent variables are divided into five 
groups: numbering, location/proximity, neighbor-
hood, zoning and built-up growth index. Table 1 
show variables used in this study and their 
descriptions. A set of 21 polygons are used as the 
basis for spatial unit and statistical analysis. GIS 
spatial analysis is carried out for each variable and 
stored as attribute for each polygon and 
summarized in the data set’s attribute table. This 
analysis of dependent variable provides the 
quantity of built-up area at the spatial unit. This is 
the summation of urbanized land within the each 
polygon. A number of road section is measured by 
counting a number of line within each polygon also 
a length of road section is total each road length 
that within same polygon. Bare land variable could 
be extracted by binary model which bare land area 
is 1 other as 0. The relationship between urban 
built-up areas and location and proximity variables 
referred to nearest distance from bare land to road 
section are calculated using road network travel 
distance, an indicator of accessibility from the 
built-up points to other road section using Eu-
clidean distance. The built-up growth index was 
obtained from proportion of built-up area with bare 
land. This variable could show the rapid growth 
performance of each polygon. 
 

4. GEOGRAPHICALLY WEIGHTED 
REGRESSION 

The dependent and independent variables within 
spatial unit were considered. The polygon that 
showed in Figure 1 is based features input in 
GWR. Both of variables are collected in this 
polygon. GWR is a local multivariate regression 
function which the data samples are weighted on 
their spatial proximity. It produces a separate set of 
regression parameters for every observation across 
the study area. It therefore relaxes the assumption 
in traditional OLS models that the relations hips 
(regression coefficients) between dependent and 
independent variables being model led is constant 
across a study area as seen in equation (1): 

 
0 1 1y xβ β ε= + +   (1) 

 
where: y is the dependent variable, x1 is the 
independent variable, β0 and β1 are the parameters 
to be estimated, ε is a random error term, assumed 
to be norm ally distributed. 

In this instance β0 and β1 are assumed to be 
constant across the region in classical ordinary 
least squares regression. Where there is any 
geographical variation in the relations hips 
between y and both β0 and β1 it will be captured in 
the error term. When using Ordinary Least Squares 
(OLS), the parameters can be estimated by solving 
as equation (2): 

 

( ) 1T TX X X Yβ
−

=    (2) 
 

Comparatively, the specific GWR model for each 
observation point g is specified as equation (3): 

 
0 1 1( ) ( ) ( )y g g g xβ β ε= + +   (3) 

 
where g represents the vector of coordinates of the 
location, which indicate that there is a separate set 
of parameters for each of the g observations. When 
using GWR the parameter s can be estimated by 
solving as equation (4): 

 
1( ) ( ( ) ) ( )T Tg X W g X X W g Yβ −=   (4) 

 
where W(g) is the weight matrix which denotes 
connectivity between observations. The weight can 
be determined by several methods. Two common 
methods are the bi-square function and the 
Gaussian function. In the instance of the Gaussian 
function the weight for the observation i is shown 
in equation (5): 

 
2( ) exp( / )iw g d h= −  (5) 

 
where d is the Euclidean distance between the 
location of observation i and location g; h is a 
quantity known as the bandwidth of sampled 
observations. The bandwidth may be either defined 
by a given distance, or a fixed number of nearest 
neighbors from the analysis location. The optimal 
number of nearest neighbors is determined by 
minimizing the Cross Validation statistics (CV) or 
through selecting the model with the lowest 
Akaike Information Criterion (AIC) score 
(Nakaya, 2001), give as equation (6): 

 
( )2 log ( ) log (2 ) { }

2 ( )c n e e
n tr SAIC n n

n tr S
σ π +

= + +
− −   (6) 

 
where tr(S) is the trace of the hat matrix. The AIC 
method has the advantage of being more general in 
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application than the CV statistics, and it can be 
used to select between a numbers of competing 
models by taking into account differences in model 
complexity (Osborne, 2002). 

Geographically Weighted Regression 
(Fotheringham et al. 2002) is used to incorporate 
data in each polygon of observation into a 
regression model using a series of distance related 
weights.  The relationship between urban built-up 
area and location characteristics for a particular 
polygon for example, is given a higher weight than 
for polygons far from that polygon.  

The GWR model is fitted to the data using the 
GWR 4.0 package which allows the use of a 
variety of calibration techniques to specify 
regression weights and to optimize bandwidth 
parameters. In this study, a fixed defined kernel 
with a bi-square function in which the bandwidth 
was determined by minimization of the Akaike 
Information Criterion (Fotheringham et al., 2002) 
is used. The reason is that the points of analysis 
used are in regular and equal sizes. Monte Carlo 
tests (Fotheringham et. al., 2002) were also done to 
determine the significance of the spatial variability 
in the local parameter estimates. 

 

5. RESULTS AND DISCUSSION 

Results reveal that GWR models exhibited a 
significant improvement in explained variance as 
compared to the OLS regression models. The AIC 
score for GWR model decreased from 19345.6 to 
16546.2 which reflect better goodness of fit than 
the global OLS (Table 2). AIC is a measure of 
spatial collinearity within the model data. The 
lower is the value of AIC; the better the fit is the 
model to observed data. This suggests that GWR 
model for surrounding MSU is better than the OLS 
model based on the AIC. These results show the 
benefits of moving from a global model ordinary 
least square model to a local regression model. 

Table 3 summarizes the results of the global and 
GWR analysis of urban built-up areas of 
surrounding MSU. The Monte Carlo test calibrated 
for the GWR model found that 1 of the 5 
explanatory variables displayed significant spatial 
non-stationary. Furthermore, in the GWR model, 
the explanatory variables explain 87 percent of the 
variance, thus the GWR model provides better 
explanatory ability than the global model (adjusted 
R2 = 0.66). The growth of built-up extent in region 
with a low R2 may be affected more by other 
factors not considered in this study, and possibly 
also edge effects which were not considered in this 
study. 

 
Table 2 Results of ANOVA test for GWR over the OLS urban land use change models. 
Source                                              SS                DF             MS                  F 
OLS Residuals                               5349.7          12.00 
GWR Improvement                         275.9           97.09         2.5432 
GWR Residuals                              4683.9         4468.91       1.0929            2.2465 
GWR Akaike Information Criterion 16546.2 (OLS: 19345.6) 

 The results of Global OLS models suggest that 
built-up extent is positively related to predictor 
variables but the high amount of variation remains 
unexplained. Moreover, the low R2 = 0.66 suggest 
that approximately 46% of variance of the built-up 
growth in the study area can be explained by the 
explanatory variables whereas 54% of the variance 
still remains unexplained. The t statistics of the 
estimated parameters revel that only 4 variables 
are statistically significant and explaining the 
variation in urban land use change. Their variables 
are x1, x2, x3, and x5. GWR models on the other 
hand explained about 87% of the variance and all 

the variables are statistically significant in 
explaining the change in the urban land change in 
the surrounding MSU. The Monte-Carlo test 
shows that all the predictor variables displayed 
significant non-stationary and indicating spatial 
variation in the relationship between built-up 
change and predictor’s variables. The x4 variable 
is the non-stationary. The intercept also showed 
significant non-stationary in GWR model. Based 
on these results, it can be inferred that modeling 
this relationship with Global OLS regression 
attains with high amount of uncertainty 
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Table 3 Summary results of the Global OLS and GWR model. 
Built-up model coefficients 

 Global (Ordinary least square) GWR 
Variables β t p-valuea 
Intercept 0.24 0.93 0.00*** 

X1 total of number of road section 4.69 3.53*** 0.00*** 
X2 total of length of road section 2.66 7.10*** 0.00*** 
X3 bare land 0.66 5.19*** 0.00*** 

X4 total of nearest distance from bare 
land to road section 

-0.021 -0.29 n/s 0.92*** 

X5 total of built-up growth index 0.58 3.20*** 0.00*** 
N= 63  0.00*** 

Adjusted r-square 0.66  0.87 
***= significant at 1% level 
n/s=not significant 
a Results of Monte Carlo test for spatial non-stationary. (Fotheringham, 2002). 

 
Most of the parameters have p-values that are 

statistically significant at the 1 level. The 
exceptions are x4 shown to be either weakly 
significant or insignificant. The coefficient of X4 
shows negative relation with others. The x4 has an 
impact on the certainty in GWR. The coefficient 
of x2 (total length of road section) is significant, 
implying that increasing the distance to open 
spaces has a positive influence on building 
growth. In Model GWR, the x2 effect is 
significant at the 1% level and equals 7.10, 
indicating that the value of an average build-up 
growth with consistency to x2. The results of 
Model GWR, shows that marginal effects varies 
significantly within the region. The coefficient 
value positive of x1, x3 and x5 equals 3.53, 5.19, 
and 3.20. From these results it is possible to 
calculate a build-up growth that gives a rough 
approximation of the increase in area extent that 
an average in each spatial units. These results 
confirm that x1 total of number of road section, x2 
total length of road section, x3 bare land, and x5 
total of built-up growth index could predict build-
up growth area in the spatial unit.  

6. CONCLUSION 

The above results indicate the spatial variations in 
the local parameter estimates of the 5 variables in 
influencing the urban change in the study area. 
Due to these variations, the relationships between 
the explanatory variables and the urban  built-up 
area are better modeled in some parts of the study 
area than some other areas. The use of GWR 
approaches has increased the strength in the 
relationship especially in terms of the goodness-
of-fit statistics (R2) from 0.66 (OLS) to 0.87 
(GWR). While the adjusted R2 value of the global 

OLS is 0.66, the value for local GWR models 
ranges from 0.8 to 0.87 across the study area. The 
results are mapped in the GIS environment in 
order to visualize the spatial variation of the 
factors that significantly influenced urban 
development. They allow local land use decision 
makers to see clearly the results of past land use 
choices and to make appropriate decisions for 
future planning. GWR can be used as a tool to 
help determine problem areas so that proper 
planning can be focused on. 
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1 INTRODUCTION 

It is well known that the longitudinal normal stresses 
in the flanges of beams with box cross section are 
non-uniformly distributed due to the shear deforma-
bility of the flange plate-girders and box girders. The 
assumption that the cross section of beam is plane 
after bending is not valid for certain situations and 
may in fact lead to serious errors for wide flange 
beams. The positive or negative shear fag is defined 
based on the longitudinal normal stresses on a flange 
near the web larger or smaller than those far from 
the web.  

Many methods have been developed to study the 
shear lag effects. These methods mainly include the 
folded-plate method (Goldberg and Leve 1957; Van 
Dalen and Narasimham 1976; Song and Scordelis 
1990; Evans et al. 1993), the bar simulation theory 
(Evans and Taherian 1977, 1980; Connor and 
Pouangare 1991), the finite element method (Moffatt 
and Dowling, 1975; Prokic, 2002; Lertsima et al., 
2004), and the variational principle of energy 
method (Reissner, 1946; Kuzmanovic and Graham 
1981; Guo et al. 1983; Chang and Zheng 1987; Luo 
et al. 2003; Lertsima et al. 2004; Sa-nguanmanasak 
et al. 2007; Lin and Zhao, 2011).  

Due to its simplicity, the variational principle of 
energy method is widely used for analyzing shear 
lag effect of thin walled box beam. The key 
assumption of this method is that the flange 
longitudinal displacements are expressed as 

parabolic curves. However, this assumption limits 
the energy-based method to properly capture the 
shear lag effects since the shape of the flange 
longitudinal displace-ment varies along the member. 

In order to solve this problem, the present study 
proposes a shear-lag analysis for stresses in flanges 
of simple beams with box cross section, without the 
conventional assumption that the flange longitudinal 
displacements are expressed as parabolic curve or 
others functions. The governing partial differential 
equations for shear lag are derived based on the 
principle of minimum potential energy. The physical 
meanings of the derived governing partial differen-
tial equations are discussed. Then, the harmonic so-
lutions of the shear lag effect are obtained by solving 
two sets of partial differential equations under spe-
cific boundary conditions. By also representing 
shear force of beam in the form of Fourier series, the 
entire analysis is conducted separately by each term 
of series and the final results are obtained by 
summing the partial results. Numerical solutions are 
presented and compared with existing solutions to 
validate the effectiveness of the proposed method. 

2 BRIEF DESCRIPTION OF VARIATIONAL 
PRINCIPLE OF ENERGY METHOD 

Reissner (1946) first used the variational principle of 
energy method to analysis the shear lag effect. Based 
on experimental observation, Reissner (1946) sug-
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gested the use of second-order parabolic curve func-
tion to describe the flange longitudinal displace-
ments. According to the principle of minimum po-
tential energy, the governing differential equations 
were derived with the vertical displacement and the 
maximum angular rotation function of the flange due 
to shear deformation as unknown functions. The re-
sults of energy based analyses have been used in the 
design of box girders bridges and high rise build-
ings. Then, the third even fourth order parabolic 
curve distributions were suggested by other investi-
gators (Kuzmanovic and Graham 1981; Chang and 
Zheng 1987; Luo et al. 2003; Guo et al. 1983). In the 
above mentioned variational principle of energy 
method, the shape of shear lag effect dis-tribution is 
already defined and only the magnitude has to be 
found. Instead of using single polynomial, Lin and 
Zhao (2011) proposed a revised variational analysis 
using the summation of infinite number of binomials 
with unknown parameters to approach the longitudi-
nal displacement in the flange to improve the calcu-
lation accuracy. The unknown parameters were de-
termined by solving a group of coupled se-cond-
order differential equations. There is thus no agree-
ment on the stress distribution in the flange panels 
among researchers.  

In the variational principle of energy method de-
scribed above, the deformation function of the 
flange longitudinal displacements still needs to be 
preliminarily assumed. In other words, the shape of 
the shear lag effect distribution would already have 
been determined according to the assumed defor-
mation function and only its magnitude would have 
to be found. The longitudinal displacement across 
the flange varies along the member (Lertsima et al. 
2004; Sa-nguanmanasak et al. 2007), and using a bi-
nomial to describe the longitudinal flange displace-
ment leads to errors in the normal stresses (Lin and 
Zhao 2011). Therefore, the accuracy of the energy 
based method is limited by the ability of the as-
sumed function of flange longitudinal displace-
ments. To overcome this limitation, the following 
sections present a close-form solution, in which the 
deformation function is derived from governing 
equations rather than being assumed.  

3 PROPOSED GOVERNING EQUATIONS 

Let us consider a rectangular and doubly symmetric 
thin-walled box with the cross section shown in Fig-
ure 1. The spanwise coordinate is x, and let y be the 
coordinate in the plane perpendicular to x direction. 
For the sake of simplicity, it is assumed that there is 
no continuous variation of cross-sectional properties. 
Then, the governing equations can be derived as fol-
lows. 

3.1 Assumptions  

1. The flange longitudinal displacements are ex-
pressed as  

 
( , ) ( '( ) ( , ))iU x y h w x u x y= +  (1a) 

where�′� � �
�

��
� ; ��, 	 � 
, � are the distances from 

the neutral axis to the centers of the top flange and 
the bottom flange, respectively; ��� is the vertical 
displacement; 
��, �� is the angular rotation func-
tion of the flange due to shear deformation. The se-
cond part of Eq. (1a) reflects the shear lag effect, in 
comparison with the elementary beam theory. In 
conventional energy method, 
��, �� was expressed 
as (Reissner, 1946) 

2

2
( , ) (1 ) ( )

y
u x y u x

b
= − ⋅  (1b) 

It assumes that the flange longitudinal displace-
ment distribution is second order parabolic curve. 
Some investigators suggested the use of third even 
fourth order parabolic curve function (Chang and 
Zheng 1987; Luo et al. 2003). Lin and Zhao used in-
finite terms of high-order polynomial to describe the 
flange longitudinal displacement. 
2. The flanges and webs are infinitely flexible out 
of their own plane. The plane stress state is consid-
ered (Reissner, 1946). 
3. The stress of webs is calculated under the cross 
section remains plane assumption and the neutral 
line where the stress is zero is still calculated based 
on the elementary beam theory (Reissner, 1946). 

 

 
Figure 1. A typical box girder cross section. 
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3.2 Formulas  

The total potential energy of a beam with total bend-
ing moment ( )M x at any section with a distance x  
can be expressed as 

2

0 0

0

2

0

2

0

1
= ( ) ''( ) ( ''( ))

2
1
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2
1
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∫ ∫

∫ ∫

∫ ∫

∫ ∫

 (2) 

where, E and G are Young’s modulus and shear 
modulus, respectively; wI , I  and sI denote the mo-

ment of inertia of the web, cross section of beam and 
flange; L is length of beam. Based on the principle 
of minimum potential energy which states that the 
total potential energy becomes a minimum for the 
correct displacement functions u and w , we can ob-
tain the differential equations and boundary condi-
tions for u and w . Making 0δΠ=  results 
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 (3) 

Since ''wδ is arbitrary in the interior of interval (
0,L ), and uδ is arbitrary in the interior of interval (
0, ; ,L b b− ), Eq. (3) gives the governing partial dif-
ferential equations considering shear lag for beam. 

''( ) ( ) ( , ) 0
2

b
s

xb

EI
EIw x M x u x y dy

b −
+ =∫+  (4a) 

'''( ) ( , ) ( , ) 0xx yyE w x u x y Gu x y =( + ) +  (4b) 

Eq. (4) has physical meanings. Eq. (4a) represents 
the equilibrium of the total bending moment at any 
section of a thin walled box beam, while Eq. (4b) 
describes the equilibrium for the x-direction force of 
the flanges.  

Substituting Eq. (4a) into (4b) results in the gov-
erning partial differential equation about the angular 
rotation function of the flange due to shear defor-
mation, 

( )
( , ) ( , ) ( , )

2

b
s

xx yy xxb

EI Q x
Eu x y Gu x y u x y dy

Ib I−
− =∫+ (5) 

3.3 Boundary conditions 

The third and fourth integrands of Eq. (3) define the 
boundary and transition condition. 
1. Simply support or free end without bending 

moment 

( , ) 0xu x y =  (6a) 

2. Fixed end 

( , )=0u x y  (6b) 

( , )u x y is the angular rotation function of the flange 
due to shear deformation, and it should be zero at the 
edge of flange. Thus, 

( , ) ( , ) 0
y b y b

u x y u x y
= =−
= =  (6c) 

4 ANALYTICAL SOLUTIONS 

4.1 Simply supported beam under cosine distributed 
load 

Designating the span length of the beam by Land 
assuming the origin of the coordinate system at the 
one end of the beam, we consider a simply support-
ed beam with shear force ( ) cos( )n nQ x q xα= .where 

/n n Lα π=  and nq are constants. The solution of 

governing equation (5) can be written as, 

( , ) cos( ) cosh( ) cosh( ))n n n n nu x y C x A y A bα= ⋅ −（  (7) 

where n nA E Gα= Factors nC can be found after 

substituting Eq. (7) into Eq. (5) 

2

1 1 1

cosh( )tanh( ) ( 1) ( )

n
n n

s n n
n n

s

A b
C q

IEI A bA b A b
I

α
= ⋅ ⋅ ⋅

+ − ⋅

 (8) 

Then, the shear lag factor of simple box beam under 
harmonic load, which is defined as the ratio of axial 
stress of flange with shear lag to that without shear 
lag, is expressed as 

cosh( )

sinh( ) ( 1)cosh( )

s n n
n

s
n n n

s

A y A bI
II A b A b A b
I

λ
⋅

= ⋅
+ − ⋅

 (9) 

From Eq. (9), it can be seen that the shear lag factor 
s
nλ  is constant along the axial direction and is a 
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function of /b L and / sI I for a special harmonic 

load. When it is assumed thatG = ∞ , which is the 
case that shear lag is not taken into account, Eq.(9) 
reduces to 1s

nλ = , which is the well-known result of 

elementary beam theory. 

4.2 Simply supported beam under arbitrary 
external load 

For a simple beam whose end moment is zero under 
arbitrary external load, the total shear force ( )Q x  at 
any section at the coordinate x  from the left support 
can be expressed as a Fourier series: 

1

( ) cos( )n n
n

Q x q xα
∞

=

=∑  (10) 

Where, 
0

2
= ( )cos( )

L

n nq Q x x dx
L

α∫ . The shear lag fac-

tor sλ can be obtained from the basic formulas given 
earlier by using superposition as follows. 

1

1
= sin( )

( )
s s n

n n
n n

q
x

M x
λ λ α

α

∞

=

− ⋅∑  (11) 

4.3 Cantilever beam under harmonic load and 
cover sheets fixed at support 

Assuming that the fixed end of the beam has the co-
ordinate 0x = and the free end of the beam has the 
coordinatex L= , we consider the shear force distri-
bution for a cantilever beam as 

( ) sin( )n nQ x q xβ=  （12) 

where 2n L n Lβ π π= +  and nq  are constants. Sim-

ilarly, we can obtain the shear lag factor for a canti-

lever beam under harmonic load 

cosh( )

sinh( ) ( 1)cosh( )

s n n
n

s
n n n

s

B y B bI
II B b B b B b
I

λ
⋅

= ⋅
+ − ⋅

 (13) 

where n nB E Gβ= . 

4.4 Cantilever beam under arbitrary external load 
and cover sheets fixed at support 

For a cantilever beam under arbitrary external load, 
we express the total shear force at any section at a 
distance x  from the fixed end as a Fourier series: 

1

( ) sin( )n n
n

Q x q xβ
∞

=

=∑  (14) 

where 
0

2
= ( )sin( )

L

n nq Q x x dx
L

β∫ . Using superposi-

tion, we can get the sλ  value at any section from 
Eq. (13) as follows. 

1

1
= cos( )

( )
s s n

n n
n n

q
x

M x
λ λ β

β

∞

=

− ⋅∑  (15) 

5 VALIDATIONS 

To verify the proposed method, the stress shear lag 
factors at mid span obtained by using the proposed 
formulas are compared to Reissner’s solution and fi-
nite element method (FEM) for a simply supported 
beam. FEM is carried out by the three dimensional 
shell elements with 4-node. Figure 3 shows that 
shear lag factor at the end edge of flange at midspan 
for the case of a central concentrated point load as 
b/L is varied. The span for the simply supported box 
girders is 5000 mm and tu=tb=tw=100 mm; 
hu=hb=1000 mm; the Young’s modulus E = 304 
GPa; and the Poisson’s ratio, ν= 0.3. It is evident 
that even for b/L up to 1.0, the shear lag factors pre-
dicted by the proposed method (shown by solid lines 
in the figure) match FEM well. However, Reissner’s 
method yields much smaller sλ  than FEM, specially 
for larger b/L. The shear lag factor yielded by Reiss-
ner’s method is about 15% for b/L=0.3 and 50% for 
b/L=1.0 less than FEM.  
 

 
Figure 2. Comparison of shear lag factor of stresssλ for simply 
supported beam under a point load at mid-span. 
 

Figure 3 presents comparison for a simply sup-
ported box girders under a uniformly distributed 
load. The predictions by Reissner and FEM are also 
shown in Figure3. Comparison reveals that the pro-
posed variational method and Reissner’s solution 
yield almost the same shear lag factor when b/L is 
less than 0.5 although somewhat less than FEM re-
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sults. However, when b/L > 0.5, the present shear 
lag factor is larger than the prediction by Reissner’s 
solution. 

  

 
Figure 3. Comparison of shear lag factor of stresssλ for simply 
supported box girders under distribution load. 
 

Figure 4 shows the sλ  distributions across the 
flange at the midspan of the girders of b/L=0.5, to-
gether with those obtained by Reissner’s solution 
and FEM for a box girder with L/h=5.0 and tu=tb=tw 
under the concentrated loads at mid span. An exami-
nation of Figure 4 shows that the results by the pro-
posed variational analysis are in exceptionally good 
agreement with FEM not only for the peak stresses 
but also for the normal stress distribution. On the 
other hand, the prediction by Reissner’s solution 
does not math well FEM.  

 
Figure 4. Comparison of shear lag factor sλ distribution at 
midspan in box girder. 

6 CONCLUSIONS 

Based on the principle of minimum potential energy, 
the governing partial differential equations for shear 
lag are derived, and boundary conditions are dis-
cussed. Unlike the existing energy based methods, 
the proposed method does not use the conventional 
assumption that the flange longitudinal displace-

ments are expressed as parabolic curve or others 
functions. The physical meanings of each set of gov-
erning equations become clearer than those in the 
existing energy based methods. One indicates the 
equilibrium of bending moment of section, and the 
other shows the equilibrium of force in flanges. 
Closed-form solutions of the shear lag effect are ob-
tained by solving the two sets of partial differential 
equations under specified boundary conditions. Re-
sults determined by the present method are com-
pared with FEM results and solutions by Reissner’s 
method. The comparison indicates that the proposed 
variational analysis accurately predicts the normal 
stress distribution and peak stresses. The proposed 
method extends the limitations on research thought 
in the conventional energy variational method, and 
improves calculation accuracy. The closed-form so-
lutions enable the detailed studying of critical factors 
for quantifying shear lag effects.  
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1 INTRODUCTION 

Bridge pier scour is one of the most common cause 
of bridges foundation failures. It can be occurred 
from flow or flood scouring bed material around 
bridge foundations (U.S. Department of transporta-
tion, 2012). The mechanism of bridge foundation 
failures is due to two steps of processes of (1) local 
scour at the base of abutments and piers caused by 
flow obstruction, downflow, and formation of a 
horseshoe vortex that wraps around the obstructions 
and (2) contraction scour across the entire channel 
due to the flow contraction caused by the bridge 
opening and deflection of floodplain flow into the 
main channel (Hong, 2005). Briaud et al. (1999) re-
ported that as of 1999, there were more than 1000 of 
about 600,000 bridges in the United States failed 
with 60% of these failures being due to scour. The 
risk of bridge failure due to pier scour and the design 
of appropriate countermeasures, are then, become 
the serious concerns for bridges (Santoro et al., 
1991). 

Almost a century of research about bridge pier 
scour provided basic knowledge of the physical 
mechanism of local scour. However, the dependence 
of the scour depth on the scouring parameters justi-

fies further investigations because existing scour 
equations are not yet fully reliable. Among those of 
experimental studies, Santoro et al. (1991) found 
that the effect of the angle of attack is related to the 
flow Froude number. Velocity is also found to have 
an important influence on scour depth. Ting et al. 
(2001) studied the influence of Reynolds number, 
Froude number, and flow depth. It was found that a 
few Reynolds number cause equally local scour in 
all direction around structures. The growing up of 
Reynolds number cause local scour behind struc-
tures is more than the front. In case of equally flow 
velocity, time to become equilibrium state depends 
on size and type of structure. 

In addition to the experiments, the computational 
studies have also been reported. Olsen and Melaaen 
(1993) studied three-dimensional calculation of 
scour around cylinders. The Finite-volume Method 
was used to solve Navier-Stokes equation whereas 
the k-ε turbulence model was used to find out Reyn-
olds-stress term. The results were not confirmed that 
it agrees with the structures in different pattern. 
There was expectation that computer will use to 
compute various cases of scour in the future. 
Khosronejad et al. (2012) carried out the numerical 
simulations and laboratory experiments which aimed 
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at quantifying the predictive capabilities of the re-
cently developed hydro-morphodynamic CURVIB 
method. The method was applied to solve the 
URANS equations closed with the k-ω model with 
wall functions. Three pier geometries, a cylindrical, 
a square and a diamond, were studied to investigate 
the effect of pier bluntness on the dynamics of scour 
and the predictive capabilities of the model.  

The objective of this paper is twofold: (1) to ex-
tend a Computational Fluid Dynamics, CFD, to sim-
ulate flows past various types of pier; and (2) to as-
sess the effect of pier types on bridge pier scour 
under the condition of velocity. In this work, the var-
ious bridge piers include; Square nose, Round nose, 
Cylindrical, Sharp nose, and Group of cylinders. The 
fixed bed is used instead of mobile bed because it 
required easy simulation and computational re-
sources. The velocity of flow is then focused on as a 
representative of scour because Santoro et al. (1991) 
found that the velocity have an important influence 
on scour depth. The appropriate type of pier, with 
the low velocity around pier and high pressure, will 
be proposed.  

2 COMPUTATIONAL FLUID DYNAMICS 

Computational Fluid Dynamics (CFD) is a type of 
numerical model that can be used to solve problems 
involving fluid flow. A CFD can provide a signifi-
cant amount of computation time and more econom-
ical solution than a physical model. The fundamental 
principles for all numerical models are similar. Prob-
lems can be described, physically, by a set of partial 
differential equations. Then, a numerical method is 
used to formulate a set of algebraic equations that 
represent the partial differential equations. An ap-
proximate solution of a set of algebraic equations is 
obtained through some form of either an iterative or 
matrix solution. The solutions from the numerical 
model are mostly calibrated and verified through 
comparisons to field observations or physical model 
experiments (Chanel, 2008). 

The related conservation principles are; (i) the 
mass conservation, and (ii) the momentum conserva-
tion. Mass conservation equation or continuity equa-
tion states that the mass of a closed system of sub-
stances will remain constant, regardless of the 
processes acting inside the system. Matter cannot be 
created nor destroyed, although it may be changed in 
form. The momentum equation is a statement of 
Newton's Second Law and relates the sum of the 
forces acting on an element of fluid to its accelera-
tion or rate of change of momentum. Newton's se-
cond law can be written as the rate of change of 
momentum of a body is equal to the resultant force 
acting on the body, and takes place in the direction 
of the force. The mass conservation and the momen-
tum conservation equations can be written as Equa-
tion 1 and 2, respectively. 
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ρ
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where ρ = cell density (kg/m3), t = time (s), V = ve-
locity at point of interest (m/s), p = pressure (N/m2), 
f
�

= acceleration (m/s2) 
Among the linear turbulence models, the widely 

used two-equation model is based on: (1) the 
turbulent kinetic energy equation k and (2) the 
turbulent eddy dissipation, ε, or the turbulent 
frequency, ω. Launder and Spalding (1974) 
developed the St k-ε model. The assumption is that 
the flow is fully turbulent and the effects of 
molecular viscosity are negligible. Therefore, the 
standard k-ε model is valid only for fully turbulent 
flows. The default values of the model constants 
have been determined from experiments with air and 
water for fundamental turbulent shear flows, 
including homogeneous shear flows and decaying 
isotropic grid turbulence. They have been found to 
work fairly well for a wide range of wall-bounded 
and free shear flows. It is a semi-empirical model 
based on the transport equations for k and ε, 
Equations (3) and (4), respectively 
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k = turbulent kinetic energy (m2/s2), ε = turbulent 
eddy dissipation (m2/s3), σk = Prandtl numbers for k 
= 1.0, Gk = Generation of k due to the fluid shear 
(kg/m-s3), Gb = Generation of k due to buoyancy 
(kg/m-s3), YM = Effect of compressibility on turbu-
lence (kg/m-s3), σε = Prandtl numbers for ε = 1.3, 
C1ε = 1.44, C2ε = 1.92, C3ε = 1.0, Sk = Source terms 
of kinetic energy (kg/m-s3), Sε = Source terms of 
dissipation rate (kg/m-s4).  

3 PIER SIMULATION 

The step of simulation on the numerical model can 
be shown in Figure 1. The domains are simulated 
and the uniformly-sized, structured grid sizes are 
chosen. The boundary conditions for each zone are 
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specified to the domain. After that, the time step siz-
es are defined. The Courant number is used as a cri-
terion of model stability. The pressure-based segre-
gated solver was used because it is multiphase flow 
with 2 materials, water and air, flow with different 
velocities. To start the initial calculation, the uni-
form velocity of water and the atmospheric pressure 
are specified at the water inlet and free surface zone, 
respectively. The momentum equation is then used 
to calculate in this step. Then, the values of parame-
ters will transfer to solve the continuity equation. 
After that, the values of pressure and velocity are 
updated and put into the turbulence models. The 
converged criteria are checked at the difference of 
0.0001. If they are already converged, the simulation 
will be stopped but if it is not converged, the under 
relaxation factors will be used to computed new val-
ues of parameters. They will be put again into the 
momentum equation and the processes will be re-
peated. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
  
 
 
Figure 1. Schematic diagram for simulation. 
 

The inlet section is at the upstream of the pier 
which consists of the inlet of water at bottom and the 
inlet of air at top. The inlet water velocity was the 
initial condition and was set uniformly at the water 
inlet. The velocity of 1 and 2 m/s is used to compare 
the results of flow around piers. The air boundaries 
were defined as an inlet pressure with the atmos-
pheric pressure. The outlet of the domain at the 
downstream of the pier was defined as an outlet 
pressure so the water can flow out freely.  

The various types of piers are as shown in Figure 
2. The important parameters are; L = length of pier 
(cases a, b, and d in Figure 2.), L = distance between 
each pier (cases e in Figure 2.), a = width of pier 
(cases a, b, and d in Figure 2.), a = diameter of pier 

(cases c and e in Figure 2.). The study can be divid-
ed into 5 groups as follows; 

a) Square nose pier type with the ratio of L/a = 1, 
2, 3, 4, and 8  

b) Round nose pier type with the ratio of L/a = 2, 
3, 4, and 8  

c) Cylindrical pier type with the a = 2, 3, and 4 m 
d) Sharp nose pier type with the ratio of L/a = 1, 

2, 3, 4, and 8 
e) Group of cylinders  
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 2. Common pier shapes (U.S. Department of transporta-
tion, 2012). 

 
The common pier shapes that are normally used 

in Thailand are as shown in Figure 3.  

 
 
 
 
 
 

 
 

 
 
 
 
 
 
 
 

Figure 3. Common pier shapes in Thailand (Photos taken by 
IMMS Co., Ltd.). 

4 RESULTS AND DISCUSSION 

4.1 Square nose pier type 

The results of pressure contours (in Pa) and velocity 
vectors and contours (in m/s) are as shown in Figure 
4 (a) and (b), respectively. With the case of L/a = 4. 

i) The velocity around pier depends on the width 
of pier, a. In case of the increase of inlet velocity,  

T T

T T
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Figure 4. (a) Pressure contours (in Pa), (b) velocity vectors 
and contours (in m/s) with the case of L/a = 4.  
 
the smaller size of pier can cause a bit higher in-
crease of outlet velocity compared with a larger size 
of pier. 

ii) The maximum velocity of flow around pier is 
1.3 times the inlet velocity. 

iii) The minimum pressure depends on the width 
of pier, a. In case of the increase of inlet velocity, 
the smaller size of pier can cause a small value of 
negative pressure around pier. 

iv) The minimum pressure depends on the inlet 
velocity. The double amount of inlet velocity will 
cause the negative pressure with 3-4 times the pres-
sure without the change of inlet velocity. 

4.2 Round nose pier type 

The results of pressure contours (in Pa) and velocity 
vectors and contours (in m/s) are as shown in Figure 
5 (a) and (b), respectively. With the case of L/a = 4. 

i) The velocity around pier depends on the width 
of pier, a. In case of the increase of inlet velocity, 
the smaller size of pier can cause a bit higher in-
crease of outlet velocity compared with a larger size 
of pier. 

ii) The maximum velocity of flow increase pro-
portionally if  the inlet velocity increase.  

iii) The minimum pressure depends on the width 
of pier, a. In case of the increase of inlet velocity, 
the smaller size of pier can cause a very small value 
of negative pressure around pier or the negative val-
ue may be even disappeared. 

 
(a) 

 

  
 

(b) 

Figure 5. (a) Pressure contours (in Pa), (b) velocity vectors and 
contours (in m/s) with the case of L/a = 4.  
 
iv) The minimum pressure depends on the inlet ve-
locity. In case of the increase of inlet velocity, the 
smaller size of pier can cause a very small value of 
negative pressure around pier or the negative value 
may be even disappeared. 

4.3 Cylindrical pier type 

The results of pressure contours (in Pa) and velocity 
vectors and contours (in m/s) are as shown in Figure 
6 (a) and (b), respectively. With the case of a = 2. 

i) The velocity around pier does not depends on 
the diameter of pier, a. Even the increase of pier di-
ameter for 1 m, the change of velocity around pier is 
only 10%. 

ii) The maximum velocity of flow around pier is 
2 times the inlet velocity. 

iii) The minimum pressure depends on the diame-
ter of pier, a. In case of the increase pier diameter, it 
can cause a very small value of negative pressure 
around pier or the negative value may be even dis-
appeared. 

iv) The minimum pressure depends on the inlet 
velocity. In case of the increase of inlet velocity, the 
pressure can be decreased for 5 times of the normal 
pressure.  
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(a) 

 

   
 

(b) 
 
Figure 6. (a) Pressure contours (in Pa), (b) velocity vectors and 
contours (in m/s) with the case of a = 2. 

4.4 Sharp nose pier type 

The results of pressure contours (in Pa) and velocity 
vectors and contours (in m/s) are as shown in Figure 
7 (a) and (b), respectively. With the case of L/a = 4. 

i) The velocity around pier depends on the width 
of pier, a. In case of the increase of inlet velocity, 
the smaller size of pier can cause a bit higher in-
crease of outlet velocity compared with a larger size 
of pier. 

ii) The maximum velocity of flow around pier is 
2 times the inlet velocity. 

iii) The minimum pressure in all cases are not dif-
ferent. It will be the high negative pressure if the ra-
tio of L/a = 1 is found. The scour in this case will be 
very high.  

4.5 Group of cylinders 

The results of pressure contours (in Pa) and velocity 
vectors and contours (in m/s) are as shown in Figure 
8 (a) and (b), respectively. With the case of L/a = 2. 

i) The velocity around pier depends on the length 
between piers, L. The decrease of L cause the higher 
velocity around pier. 

ii) The maximum velocity of flow around pier is 
2 times the inlet velocity. 

iii) The minimum pressure depends on the length 
between piers. The decrease of L cause the high 
negative pressure and high scour. 

 

 
(a) 

 

   
 

(b) 
 

Figure 7. (a) Pressure contours (in Pa), (b) velocity vectors 
and contours (in m/s) with the case of L/a = 4.  

iv) The minimum pressure depends on the inlet 
velocity. In case of the increase of inlet velocity, the 
pressure can be decreased for 5 times of the normal 
pressure.  

From those results in topics 4.1-4.5, it can be 
found that Round nose and Cylindrical pier types are 
the most appropriate type of pier. If the inlet velocity 
is changed, the maximum velocity around both types 
of pier does not change compared with the other 
types of pier. The negative pressure around pier is 
rarely found after the low velocity which means that 
the scour around pier can be minimum. The risk of 
pier failure from scour can be decreased. 

5 CONCLUSIONS 

The type of round nose and cylindrical ones are 
the most appropriate pier types in terms of decrease 
of velocity and change of pressure. For the round 
nose pier type, velocity around structure depends di-
rectly on the width of encountered side. It can be 
concluded that if the width of encountered side is 
wide, the negative pressure will be much more and 
decrease the problem of cavitations. The velocity 
around structure is also depended on the inlet veloci-
ty. For the cylindrical pier type, it is found that an 
increase of diameter of pier for 1 meter, the velocity 
around structure will be increase for not more than 
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10%. The maximum velocity around structure is 
found double increase of inlet velocity existed. 

 

  
 

(a) 
 

  
 

(b) 
 
Figure 8. (a) Pressure contours (in Pa), (b) velocity vectors and 
contours (in m/s) with the case of L/a = 2. 

 

ACKNOWLEDGEMENT 

The author would like to thank IMMS Co., Ltd. for 
photos and some data. 

 

REFERENCES 

Briaud, J.L., Ting, F., Chen, H., Cao, Y., Gudavalli, R. and Pe-
rugu, S. 1999. Prediction of scour rate in cohesive soils at 
bridge piers. Journal of Geotechnical and Geoenvironmen-
tal Engineering 125(4):237-246. 

Chanel, P.G. 2008. An Evaluation of Computational fluid dy-
namics for spillway modeling, A thesis of University of 
Manitoba, Canada. 

Hong, S.H. 2005. Interaction of bridge contraction scour and 
pier scour in a laboratory river model. A thesis of Georgia 
Institute of Technology, USA. 

Khosronejad, A., Kang, S. and Sotiropoulos, F. 2012. Experi-
mental and computational investigation of local scour 
around bridge piers. Advances in Water Resources 37: 73-
85. 

Launder, B.E. and Spalding, D.B. 1974. The numerical compu-
tation of turbulent flows. Computer Methods in Applied 
Mechanics and Engineering 3(2); 269-289. 

Olsen, N.R.B. and Melaan, M.C. 1993. Three-dimensional cal-
culation of scour around cylinders. Journal of Hydraulic 
Engineering 119(9): 1048-1054. 

Santoro, V.C., Julien, P.Y., Richardson, E.V. and Abt S.R. 
1991.  Velocity profiles and scour depth measurements 
around bridge piers. Proc. Annual Meeting of Transporta-
tion Research Board, FHWA, paper # 910874. 

Ting, F.C.K., Briaud, J.L., Chen, H.C., Gudavalli, R., Perugu, 
S. and Wei, G. 2001. Flume Tests for Scour in Clay at Cir-
cular Piers. Journal of Hydraulic Engineering 127(11): 969-
978. 

U.S. Department of transportation. 2012. Evaluating Scour at 
Bridges, Federal Highway of Ministration, 5th edition.

 
 

:618:



1 THE IMPORTANCE OF THIS STUDY 

Leakage Survey Section, Metropolitan Waterworks 
Authority, is responsible for managing water loss in 
water distribution system and surveying for water 
loss in the district metering area (DMA). The leak-
age step testing in the distribution system is done by 
using the information of water inlet to DMA, water 
usage, and other related information in the required 
time (Astrup et al. 2013, Vojdani 2013, Kongjai et 
al. 2010). Then, all related information would be an-
alyzed by night flow analysis (NFA) and water bal-
ance (WB) in order to define the leakage point for 
repairing or replacing the pipe. This study has an ob-
jective to determine the leakage step test by using 
night flow analysis (NFA) and water balance (WB).     
 NFA, as the Bottom up approach, aims to be the 
surveillance for controlling not too high or too low 
rate of water loss, also being the estimation on water 
loss rate. For WB, as the Top down approach, is 
used to evaluate the amount of water loss. Both 
methods would be used together to estimate the most 
accurate rate of water loss. This is done by an expec-
tation to reduce water loss in pipes in the long peri-
od. As a result, by reducing the water loss in piping 
system, the water produced by the treatment process, 
raw water, and energy used for production, also 
could be reduced (Renaud et al. 2013, Farley & Trow 
2003, Claudio et al. 2013, Donnelly et al. 2013).  

2 METHODOLOGIES 

The methodology of this study is divided into six 
procedures, consist of: 1) planning for operations, 
and determining the target areas 2) designing the 
Step Test and controlled area 3) starting the Step 
Test 4) measuring and recording the water flow rate 
5) calculating and analyzing by using NFA and WB
6) analyzing to define the leak pipeline and 7) mak-
ing the conclusion. The procedures are shown in 
Figure 1. 

2.1 Planning for operations, and determining the 
target areas 

Planning for operations, and determining of the tar-
get areas is done by comparing the original data 
from the Minimum Night Flow - MNF and WB data 
dating back for at least three months. Simultaneous-
ly, map of equipment and pipes within the area 
would be shown. From this case, after check the As-
built Drawing, the internal pipelines system is al-
ready updated according to real location. 

2.1 Designing the Step Test and controlling the 
area 

The step test designing is emphasized on the usage 
of Remote Terminal Unit - RTU, which is a unit for 

Leakage Step Testing in Water Distribution System  by Night Flow 
Analysis and Water Balance 

K. Wetchasat, W. Ponwichai, C. Choongpon & P. Punthong 
Metropolitan Waterworks Authority, Bangkok, Thailand  

ABSTRACT: Leakage Survey Section, Metropolitan Waterworks Authority, is responsible for managing wa-
ter loss in water distribution system. The examination area will be determined to district metering area 
(DMA) and experimented by leakage step testing to locating leakage pipe. After that, the leakage pipe would 
be repaired or replaced subsequently. The objective of this study is to determine leakage step test by using 
night flow analysis (NFA) and water balance (WB). The study procedures are 1) selecting the DMA which 
has high volume of water loss by using the analyzed results from NFA and WB 2) starting the Leakage step 
testing 3) conducting surveys for leakage pipe which expected to have high leak rate 4) repairing or replacing 
the pipe and recalculating NFA and WB to compare water losses 5) making conclusion and recommendation. 
The result indicates that, leakage step testing by applying NFA and WB is likely to be an effective detection 
for the leakage pipe. Consequently, the pipe will be repaired accurately and water losses will reduce subse-
quently. 
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measuring flow rate and pressure in the remote area 
of the test. 

The survey would be conducted to determine the 
readiness of active valves that used in the Step Test 
prior to conduct the Step Testing. 

Figure 1. Procedures of the study. 

2.2 Starting the Step Test 

After completely received the important information 
in 2.1 and 2.2, the Step Test plan for testing in the 
area during night time would be conducted. 

2.3 Measuring and Recording the water flow rate 

Measuring and recording the water flow rate would 
be done simultaneously with the Step Test to defined 
the limits of piping systems as follows: 1) Piping 
system would be defined as an isolated system by 
closing valves around, referred as Boundary Valve 
2) Zero Pressure Test would be done to test whether
water is in a closed system or not 3) Circulating 
Valve (CV) would be locked to divide the pipe into 
each line, to prevent water circulation in the pipeline 
system. 

When starting the Step Test, valve that divides the 
pipe into section, called Step Valve (SV) would be 
closed. Firstly, starting from close the valve that 
placed far from RTU, called SV1. Then, close the 
next valves called SV2, SV3 and SVn. 

2.4 Calculating and analyzing the leak pipeline 

The calculated and comparative analyzed results in 
2.5 would be brought to calculating in order to de-
termine the pipeline where there is the highest leak-
age. The data is consisted of leak rate, leak rate per 1 
meter of pipeline, and leak rate per water user. 

2.5 Conclusion 

The results of the analysis will be used to determine 
the pipeline and its leakage. If there is the leakage, 
the determination of precise leak points and repara-
tion of the pipes would be done. As a result, the 
amount of water loss is likely to be reduced. 

3 STEP TEST IN WATER DISTRIBUTION 
SYSTEM  

After finish the map surveying together with pipe 
and equipment checking in target area, around 
Ratchadapisek Road in front of Fortune Building 
(DMA 03-05-11), the Step Test plan of pipeline sys-
tem would be created. 

The valves which involved in the Step Test shown 
in Figure 4 would be assigned to function as follows: 

1) Inlet Valve is the valve that let water flowing
into the target area. It is scheduled to be the only 
point that connecting from the 1,000 mm diameter 
main trunk. 

2) Boundary Valve (BV), scheduled to be closed
in order to allow water to flow out from two points. 
The closed Boundary valves are the valve on the top 
and the water outlet on the lower-left to allow water 
to enter the system only from the inlet valve. 

3) Circulating Valve (CV), scheduled to be closed
to divide the pipeline into section, prevent water cir-
culation during the Step Test, and avoid looping of 
the water system in the pipeline. CV is divided into 
6 sets. 

4) Step Valve (SV), is the last set of valves for
shutting down the pipe system, in order to determine 
the flow rate in the test pipes.  

Figure 5 shows the piping system after we closed 
BV and CV already. Pipeline network is emerging as 
branches and there is only one inlet point, which can 
divide the separated pipeline into section to start the 
5 steps of Step Testing. 
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Figure 2. Water Flow Rate and Water Pressure of the target area: DM 03-05-11-01. 

Figure 3. WB Information in the water losses report of DM 03-05-11-01. 
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Prior to start Step Testing, the Zero Pressure Test 
need to be done in order to test whether there is only 
one inlet point or not in the target area. This test is 
done by closing the inlet valve and observing the 
pressure to be decreased to zero for 10 minutes, and 
then open the inlet valve to normal condition. After 
that, close CV1 to CV6 to separate the pipeline to 
avoid looping of the water system.  

The Step Test is start by closing SV1 on 12 a.m. 
for 10 minutes to allow the flow rate in the pipeline 
to be constant, with no fluctuation. After that, record 
the flow rate in every 1 minute, and then close the 
next Step or SV2 for another 10 minutes. Then, re-
peatedly operates to SV3, SV4 and SV5 respectively 
until every step is done. 

4 CALCULATING AND ANALYZING THE 
LEAK PIPELINE 

Flow Rate from Flow Meter in each section of Step 
Testing, number of water users, closing and opening 
time schedules for CV and SV, and pipe length data, 
would be used to calculate and analyze to define the 
pipe with highest volume of water loss; the leakage 
unit is in m3/hr. The results of calculated leak rate in 
each section could be summarized as shown in Table 
1.  

Table  1 Calculated results of Leak Rate in each Step test. 
Step Closing 

Time 
(o’clock) 

Pipe 
length 
(m) 

Water 
Users 
(ppl.) 

Leak 
Rate 

(m3/hr) 

Leak Rate 
per 1 meter 

of pipe 
( m3/hr·m) 

Leak Rate 
per water 

user 
 (m3/hr) 

00:00 
1 00:10 4,900 779 0.00 0.00 0.00 
2 00:20 4,290 648 18.67 4.35 0.03 
3 00:30 1,870 94 47.00 25.13 0.45 
4 00:40 930 312 39.00 41.94 0.00 
5 00:50 1,120 95 79.00 70.54 0.83 

5 CONCLUSION 

The results shown in Figure 6, indicating that the 
leakage rate in Step 5 is the highest with the leak 
rate of 79.00 m3/ hr, the leak rate per 1 meter of pipe 
is equal to 70.54 m3/ hr. m, and the leak rate per wa-
ter user is equal to 0.83 m3/ hr. This leak rate is con-
sidered to be the highest leakage quantity of leakage 
steps, so it may be expected that there is the leakage 
point of water pipes in Step 5. When comparing to 
other steps with minor leakage rate, it can be con-
cluded that the pipeline that considered being the 
first point of leakage surveying is the 5th Step Test 
(Soi Ratchadapisek 5) 

Figure 4. Piping System Map of DMA 03-05-11. 

BV
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CV3

CV1
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Figure 5. Pipes in the Piping System that operate the Step test 
of DMA 03-05-11. 
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Figure 6. Leak rate by time of each Step test. 

Suggestion for future researches is that, if the 
leakage surveying to reducing the water losses is ef-
fective. So, MWA can save the cost, and also helps 
further conserve the natural resources, such as raw 
water, electricity energy, and chemicals. 
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1  STATEMENT OF THE PROBLEMS  

In 2011, there were the great floods in Thailand that 
results in low quality water entered into the east 
bank raw water canal of Metropolitan Waterworks 
Authority and overflowed to the nearby communi-
ties along the canal. From that situation, Metropoli-
tan Waterworks Authority had to incurring the ex-
penses of about 500 million baht. So, in order to 
protect the flood for east bank canal that may occur 
in the future, raw water canal system design and 
construction plan for flood protection was initiated. 
The plan could be divided into 3 phases; details are 
shown in Table 1.  

2 OBJECTIVES 

To study about the design and construction of the 
flood protection system in different methods, for the 
flood protection along water canal from Samlae raw 
water pumping station to Bangkhen water treatment 
plant in the total distance of 17.8 kilometers (or 35.6 
kilometers length, including both side of raw water 
canal) and also assess the stability of the canal. The 
results would be calculated as the safety factors, not 
to exceed a certain threshold. 

3 METHODOLOGIES 

To study about the design and construction of the 
flood protection system in different methods, for the 
flood protection along water canal from Samlae raw 
water pumping station to Bangkhen water treatment 
plant in the total distance of 17.8 kilometers (or 35.6 
kilometers length, including both side of raw water 
canal) and also assess the stability of the canal. The 
results would be calculated as the safety factors, not 
to exceed a certain threshold. 

Table  1 . Construction Plan. 

Phase of 
Construction 

Budget 
(Million 
Baht) 

Details 

1. Emergency 40 Reinforcing an existing dyke by in-
crease its height to prevent flooding 

2. Urgent 517 Reinforcing an existing dyke, Con-
structing road, Piling, Constructing 
retaining wall, constructing rein-
forced concrete retaining structures 

3. Permanent 2,000 Constructing and Improving the ef-
ficiency and stability of the bank in 
order to completing the Construc-
tion from Phase 1 and 2 

Flood Protection System for East Bank Raw Water Canal of Bangkhen 
Water Treatment Plant  

K. Wetchasat, N. Bourin & P. Punthong 
Metropolitan Waterworks Authority, Bangkok, Thailand  

ABSTRACT: Metropolitan Waterworks Authority (MWA) had been greatly affected by the flood disaster in 
October to November 2011. Overwhelming low quality water from the flooded Industrial Park and its sur-
rounding communities overflowed the canal’s dyke and entered into the east bank raw water canal. As the re-
sult, MWA needed to increase the amount of chemicals to cope with such unacceptably low quality of raw 
water. Temporary dyke was also constructed along the canal with afford to stop low quality water to addition-
ally enter into the canal. After the crisis, permanent scheme for protecting the entire length of canal from 
Bangkhen Water Treatment Plant to Samlae Raw Water Pumping Station is developed into the urgent plan. 
The objective of this paper was to studied appropriate flood protecting structures for raw water canal that op-
timized all requirements including limited time and cost. Additionally, the method of piling along the canal’s 
existing dyke that provided the minimum effect to slope stability was also of interest. Findings could be 
drawn as follows; The final solution for flood protection should be comprised of 3 main forms of structures 
including 1) light reinforced concrete retaining structure, 0.22×0.22×12 m L-shape pile, 2) reinforced con-
crete retaining wall, 0.35×0.35×14 m I-shape pile, 3) compacted clay dyke. Having been finished, these struc-
tures were expected to effectively provide sustainable protection to east bank raw water canal as well as pro-
vide acceptably improved canal’s stability. 
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Figure 1. Boring Logs. 

 
(a)  

 
(b) 

 
Figure 2. Cross-sectional Profile of Raw water canal. 
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3.1 Soil horizon characteristics along the raw 
water canal 

From the boring logs showed the detail of soil hori-
zon that consists of soft clay, stiff clay, silty clay, 
and dense sand layers. While each layers of soil are 
featured in Figure 1. 

3.2 Construction area and raw water canal 
appearance 

Construction area of flood protection system starting 
from Samlae raw water pumping station along the 
canal to Bangkhen water treatment plant is shown in 
Figure 2(a), and the cross-sectional profile of raw 
water canal is shown in Figure 2(b). 

3.3 Criteria Principles and Design 

The criteria to design flood protection system con-
sists of: 1) Able to prevent flooding along raw water 
canal with stability and security 2) Designing ac-
cording to Green Building criteria, to reduce the im-
pact on the environment and nearby communities 3) 
Designing flood protection system in consistent with 
raw water canal profile 4) Taking the constraints of 
times and budgets used for designing into accounts. 
The criteria for determining the Factor of Safety of 
earthworks is shown in Table 2. 

From the criteria, characteristic, and construction 
area stated above, the plan will mainly focus on 
Phase 2 construction. Therefore, the plan would be 
subdivided into six minor plans as detailed in Table 
3. Construction form details of the L-shape rein-
forced concrete retaining structures, retaining wall 
construction, dyke reinforcement, and road en-
hancement are shown in Figure 3 to 6. 

4 SAFETY FACTORS ANALYSIS  

The area for flood protection system is the area along 
raw water canal with a length of 17.8 kilometers, re-
sults to high cost of construction. The construction 
must be completed in a limited time (within one year 
to prevent expected flooding) and must have the min-
imum affect to raw water canal characteristics. 

Table 2. Criteria for determining Factor of safety of Earth-
works. 

Characteristics of Earthworks Factor of Safety 

Embankment, end of construction 1.00-1.20 

Cuts , end of construction 1.20 and over 

Embankment , long term stability 1.20-1.40 

Cuts , long term stability 1.20-1.40 

Earth dams 1.50 and over 

Earth dams – extreme conditions of imme-
diate loading, viz. severe flood followed by 
sudden drawdown 

1.10-1.25 

Table 3. Urgent Construction Plan. 
Construction  

Characteristics 
Construction Area Distance 

(km) 
1) Enhancing the height 
of the road along raw 
water canal   

From Samlae raw water 
pumping station to Rang-
sit siphon 

7.6 

2) Retaining wall con-
struction 

Specifically for the east 
bank of raw water canal 
where the failure oc-
curred, from Bangluang 
siphon to Rangsit siphon 

0.05 

3) Enhancing the height 
of existing road, togeth-
er with construction of 
L-shape reinforced con-
crete retaining structure 

Along the Westside of 
raw water canal, from 
Rangsit siphon to Ban 
Mai canal 

5.0 

4) Construction of L-
shape reinforced con-
crete retaining structure  

Along the Westside of 
raw water canal, from 
Ban Mai canal to 
Bangkhen water treatment 
plant 

7.2 

5) Reinforcing the dyke, 
pile, and L-shape rein-
forced concrete retain-
ing structure 

Along the Eastside of raw 
water canal, from Rangsit 
siphon to Changwattana 
road  

9.0 

6) Reinforcing the dyke Along the Eastside of raw 
water canal, from 
Changwattana road to 
Bangkhen water treatment 
plant 

1.2 

 

 

 

Figure 3. L-shape reinforced concrete retaining structure. 

 

Figure 4. Retaining wall. 
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Figure 5. Dyke Reinforcement with pile. 

 

Figure 6. Road Enhancement. 

L-shape pile retaining structure for flood protec-
tion was designed to use the light reinforced con-
crete square pile sized 0.22x0.22 m with the length 
of 12 m. This structure is designed to support 2.1 ton 
shear force and also can support the bending mo-
ment caused by ground movement while there is the 
load acting on. The raw water bank was designed to 
support the moment of 1.6 tons per meter according 
to the reinforced concrete by special pre-stressed 
concrete wire standard. The analysis for designing 
the pre-stressed concrete pile in order to support sid-
ed ground movement around the raw water canal re-
quires checking, and analyzing for the stability of 
raw water canal slope, both before piling, and be-
tween the first and the second piling. Moreover, the 
analysis of sudden flood that the weight of water 
will affect L-shape reinforced concrete retaining 
structure also needed to be done. The retaining struc-
ture must be controlled to prevent Overturning fail-
ure, Sliding failure, Bearing Capacity failure, and 
Rotational failure that may occurred behind the L-
shape reinforced concrete retaining structure. 

The controlling needed to be done by given that 
the summation of shear force and moment due to lat-
eral earth pressure loads in the event of action, 
whether the weight of the car that runs along the canal 
and weight of flood water, must not exceed the lateral 
bearing capacity of the concrete piles. The analysis is 
done by using the static calculation to determine the 
forces. Also, in order to analyze the ground move-
ment around raw water canal slope, computer is 
needed to be an analyzing tool; in this case we mostly 
used the KU slope program. For entering the parame-
ters into the program, adjusting of the ground strength 
needed to be done at all times, particularly adjusting 
of the Field vane shear obtained from the field test. 

This is done in order to make an analysis correspond-
ing to reality as much as possible. 

There is a tremendous need for the analysis of 
ground movement, because the area of piling is 
placed in the community with high traffic density (on 
Changwattana Road, behind Muang Thong Thani). 
The finite element method is used as an aid in the 
analysis, by simulates piling in a computer program 
then analyzes the ground movement. Due to small 
size of pile coupled with pre-bore before piling, the 
soil replacement is relatively small. This causes the 
analyzing result being based on the acceptable crite-
ria, of not more than 10 centimeters [1-8]. 

5 RESULTS OF CALCULATIONS AND 
ANALYSIS   

From the given information, found that the Factor of 
safety of raw water canal after the first piling is 
greater than 1.1 to 1.25 as shown in Table 2, which 
is in accordance to the criteria. For preventing the 
sided ground movement, there are the calculated re-
sults listed in Table 4.  

Computational load exerted on raw water canal 
slope could be classified into two cases: the case of 
no flood while there are vehicles running along the 
canal (The load of the vehicle that exerted to raw 
water canal slope equal to 1 ton per square meter), 
and the case of flood condition including vehicle 
load acting on the raw water canal (The total load is 
equal to 3 tons per square meter). The calculated re-
sults are shown in Figure 7.  

Table 4. Sta.23+555 slope stability analysis of the FV-16. 

Construction case 

Factor of Safety analyzed by KU slope 
method 

Ordinary Simplified 
Janbu 

Simplified 
Bishop Spencer 

Before Piling 2.523 2.383 2.485 2.487 

After first piling 3.594 3.204 3.455 3.470 

After second piling 4.154 3.597 4.001 4.019 

6 CONCLUSION  

Designing of flood protection system for raw water 
canal slope can be seen that, there are many possible 
concepts to solve flood problem. The design must be 
subject to the restriction on the budget, limited con-
struction time, and traffic density around raw water 
canal areas, which are the hindrance to the process 
of design and construction. These hindrances may 
result in the imperfections to the flood protection 
system, so the restrictions must be checked and con-
tinued with budget setting-up for design and con-
struction of flood protection along the canal perma-
nently.  
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(a) 

 
(b) 

 
(c) 

Figure 7. The calculation results of slope stability, while no pil-
ing (a), after first piling (b), and after second piling (c). 

In the part of dyke that supporting by a single pile 
which is the temporary structure, when time passed 
for a while and if there is plenty of rain, the soil may 
hold water to its capacity and there might be a fail-
ure in the slope along raw water canal. Erosion of 
the raw water canal, due to the flow and fluctuations 
of raw water in the canal are also the factors those 
affect the stability of the slope of the canal. So, the 
water level needed to be controlled to be not exceeds 
a given threshold of Rapid Drawn Down. The vari-
ous factors mentioned above, are the factors that af-
fect the stability of flood protection system. The 
construction analysis, design, and problem solving, 
require engineers’ knowledge and experiences in or-
der to solve and mitigate flooding problems those 
may occur in the future. 
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Development of Sludge Disposal System of Samsen Water Treatment 
Plant, a Case Study:  The Metropolitan Waterworks Authority 

B. Vongsa,  P. Boonyoung, S. Heramphakun & A. Chensiripon 
Metropolitan Waterworks Authority, Bangkok, Thailand  

1 INTRODUCTION 

Samsen water treatment plant, one of four 
treatment plants of MWA, is located on Rama 6 
road, the center of Bangkok' s urbanized area.  It 
consists of 4 water treatment plants: Samsen water 
treatment plants no.1, 2, 3 and 4. Samsen water 
treatment plants no.1, 3 and 4 are located on the 
west side of Rama 6 road. Only Samsen water 
treatment plant no.2 is located on the east side. The 
capacity of the plant is approximately 700,000 
CMD. Supplying water is to serve the customers in 
central area of Bangkok. Raw water is taken from 
east Prapa canal which conveys water from Chao 
Phraya River to the plant. Samsen water treatment 
plant has been successfully achieved the 
GMP/HACCP certification from the Management 
System Certification Institute (Thailand) since 
2008. The sludge dewatering Plant, constructed in 
2003 with adoption of filter press system and 
started operation to cope with sludge capacity of  

Figure 1 Samsen water treatment plant no.1. 

38,000 CMD in 2004, is located on empty space 
near Samsen water treatment plant no.1 (Figure 1). 

ABSTRACT: Samsen water treatment plant operated by the Metropolitan Waterworks Authority (MWA) was 
Thailand’s first large-scale plant located in the capital city, Bangkok. The operation began in 1914 AD. At the 
outset, all sludge from water treatment processes was discharged directly to adjacent Samsen canal. Sludge 
sediment settling on the bottom of canal had been annually dredged up by Bangkok Municipal Administration 
(BMA). Despite its adverse impacts on water environment, it was not seriously taken into consideration at the 
early age of its operation until when neighboring lands nearby Samsen water treatment plant were changed to 
urbanized areas. Consequently, the conventional system of sludge disposal which discharged sludge to natural 
canal inevitably caused severe effect to surrounding communities and environment. Having realized this 
problem, in 2003, MWA initiated the project of new sludge dewatering system by employing filter press, the 
most reliable technique, which can separate the soil solid and clear water from sludge effectively. 
 The objective of this article is to describe the adoption of filter press and its related systems at Samsen 
water treatment plant to replace the conventional sludge disposal method. This new system has been designed 
to cope with maximum volume of sludge from the entire plant up to 38,000 cubic meter per day and be 
capable of producing the maximum amount up to 60 tons of dry sludge with turbidity of filtrade less than 50 
NTU. In addition, the clear water flow from thickener tank in the sludge pre-treatment process can be re-
utilized to generate the electricity of 15 kilowatt per hour. Dry sludge from filter press is further researched 
and developed to be value added products other than being used as landfill material. This is to confirm that 
MWA takes social and environmental responsibility into consideration very seriously and endeavors to 
continuously improve its processes to ensure the sustainable and surrounding community-friendly System. 
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2 SLUDGE QUANTITY & CHARACTERISTIC 

The sludge is taken from treatment facilities of 4 
water treatment plants including, Samsen water 
treatment plants no.1, 2, 3 and 4. The source of 
sludge is from bottom and side drains of clarifier 
tanks, and from backwashing of sand filter beds. 
The compositions of sludge are primarily silt and 
dirt suspended in raw water. The sludge quantity is 
correlated to the amount of suspended solid or 
turbidity of raw water from Chao Phraya river .The 
annual report of Samsen water treatment plant in 
2013 showed that the average turbidity of raw 
water at the intake of Samsen water treatment plant 
was 36 NTU, the average flow of sludge was 
33,812 CMD and the average dry sludge quantity 
was 20.58 tons per day. Detailed data is as shown 
in Table 1. 

Table 1. Monthly flow of sludge and dry sludge quantity of 
Samsen water treatment plant in 2013. 

Month  Sludge (m3) Dry Sludge (Ton) 
January 1,143,840 533 
February 755,220 532 
March 885,720 614 
April 912,440 508 
May 986,690 542 
June 1,036,470 639 
July 1,075,730 829 

August 1,082,430 760 
September 1,141,430 711 
October 1,102,600 644 
Novemer 1,011,700 558 
December 1,207,250 642 

The sludge generated from the process of 
Samsen water treatment Plant is classified as 
inorganic hydrophilic sludge. Physical and 
engineering properties of Sludge depend on source 
of raw water and chemicals used in water treatment 
process. Detailed data are shown in Table 2 and 3. 
 
Table 2. Chemical composition of sludge from Samsen water 
treatment plant.  

Chemical  Raw Water Source 
Composition (%)  Chao Phraya River Mae Klong Dam 

SiO2 57 41.78 
Al 2O3 24.8 37.45 
Fe2O3 8.55 7.38 
CaO 2.01 4.16 
MgO 1.27 1.16 
K3O 1.94 1.34 
Na2O 0.07 0.14 
SO3 0.19 0.63 
TiO2 0.83 0.76 

 

Table 3. Physical and engineering properties of sludge from 
Samsen water treatment plant in 2003. 

Qualification Water Treatment Plant 
 Mahasawat1 Bangkhen2 Thonburi2 

Natural Water 
Content, % 

2.8 2.5 4.5 

Specific 
Gravity 

2.7 2.7 2.7 

Sand, % 2.0 4 7 
Silt, % 41 32 34 
Clay, % 39 64 59 
Dry Density, 
t/m3 

1.2 1.5 1.2 

Optimum 
Moisture 
Content, % 

37.8 24.7 36.7 

CBR, % 72.7 31.2 31.2 
Permeability, 
10-6 cm/s 

141 0.9 15.1 

Undrained 
Shear Strength, 
t/m2 

30.4 17.4 29.7 

Consolidation 
Compressibility  

0.1 0.1 0.1 

 1 Raw water source from Mae Klong dam 
 2 Raw water source from Chao Phraya river 

3 SLUDGE  DISPOSAL SYSTEM AND 
TREATMENT REQUIREMENT  

The operation of Samsen water treatment plant 
began in 1914 AD. At the outset, it produced 
treated water with only 28,000 CMD in capacity 
leading to considerably small amount of sludge 
produced. The sludge disposal method was to 
discharge naturally to adjacent low-farmland. The 
sediment was exposed to sunlight and allowed to 
settle  by gravity to the ground surface of lowland 
while separated clear water evaporated or was 
drained to nearby canal and to Chao Phraya river 
afterward. Later, the plant 's capacity had been 
gradually expanded to reach maximum capacity of 
700,000 CMD in order to serve the growing 
numbers of   customers while the surrounding 
areas were changed to congested urban area. At 
this stage, as there was no adequate empty space 
for sludge disposal, all sludge from the plant was 
discharged directly into adjacent Samsen canal 
which connected to Chao Phraya river. Sediment 
settling on the bottom of canal had been annually 
dredged up by Bangkok Municipal Administration 
(BMA) with MWA’s budget. However, this 
conventional system for sludge disposal inevitably 
caused severe effects to surrounding communities 
and environments, especially water environment. 
Having realized this problem, in 2003, MWA 
initiated the project of new sludge dewatering 
system by employing filter press, the most reliable 
technique, which can separate the soil solid and 
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clear water from sludge effectively. The sludge 
dewatering plant nowadays can treat sludge from 
bottom drains and side drains of clarifier tanks, and 
from backwashing of sand filter beds in the whole 
plant with the maximum capacities of 38,000 
CMD. The maximum dry sludge quantity is 60 
tons per day in case the concentration of sludge is 
0.16 % but reduced to 40 tons per day if the 
concentration of sludge is 0.11 %. The thickener 
tanks are applied to the system to ensure a required 
underflow solid concentration of thickened sludge 
not to be less than 4 % and the solid concentration 
of overflow from thickeners to comply with 
Pollution Control Department regulation. The 
dryness of sludge cake after treatment is not less 
than 45 %. The turbidity of filtrated water from 
filter press is not more than 50 NTU.  The 
treatment process works are comprise of: 
 - Sludge conveyance System 
 - One sludge pumping station 
 - One equalization unit with pumping system 
 - Three thickeners with inclined settling tube 
 - One thickened sludge storage 
 - Two units of filter press system 
 - Electrical works and instrumentation 
 - Polyelectrolyte dosing (sludge thickening 
and dewatering) 
 - Other related works 

 The process diagram of treatment work is 
shown in Figure 2. 
 

 
 
Figure 2. Process diagram of sludge treatment work. 

3.1 Sludge conveyance system 

Sludge conveyance systems, box culvert and open 
channel, are designed to collect and convey sludge 
from Samsen water treatment plant no.2 to sludge 
dewatering plant. As Samsen Plant No.2 is on the 
opposite side of sludge dewatering plant, therefore, 

a new sludge pumping station with 6 units of 
submersible pumps (5 for operation and 1 for 
standby) was built to collect all sludge in Samsen 
Plant No.2 and pump the sludge via 2 HDPE pipes 
to the sludge dewatering plant in Samsen Plant 
no.1.  In addition, Stilling and sand trap basins 
were built in the conveyance system to prevent 
sand from backwashing process to intrude and 
cause damage to the pumping system. The existing 
sludge channel was also renovated for conveying 
sludge from Samsen plants no.1, 3 and 4 to sludge 
dewatering plant. 

3.2 Equalization  unit 

An equalization tank (30 m. wide, 39 m. long, 6.95 
m. deep and total capacity of 5,700 cubic meters) 
with  4 floating mixers is applied for agitating 
sludge to assure that the sludge is uniform and is 
prevented from settling down to the bottom of 
equalization tank. It can cope with the maximum 
38,000 cubic meters of sludge per day. The 
advantages of this equalization unit is that it gives 
a relatively constant flow rate to subsequent 
treatment operations and processes, therefore, the 
degree of treatment is enhanced. It is also used to 
dampen the daily variation of flow rate. The 
uniformly agitated sludge will be pumped to 
thickeners by 4 submersible pumps, which are 
installed at the end of the equalization tank. The 
average sludge concentration is 0.11-0.16 % w/w. 
Plan of equalization tank is shown in figure 3. 
 

 

Figure 3. Plan of equalization tank. 

3.3 Thickening system  

Three gravity thickeners (13 m. diameter, 6.1 m. 
deep and total capacity of 730 cubic meters)  with 
inclined settling tube are applied for thickening of 
sludge. One thickener is designed to cope with the 
maximum 12,667 cubic meters of sludge per day. 
Thickening is the process by which sludge is 
condensed to produce a higher concentrated 
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thickened sludge and a relatively solid free 
supernatant. Thickening sludge reduces the volume 
of residuals, improves operation and reduces cost 
for subsequence storage, processing, transfer and 
end use or disposal. Gravity thickener consists of a 
circular tank that is equipped with scrapers at the 
bottom. Sludge is fed into the tank through a center 
well, which releases the solids at a low velocity 
near the surface of the tank. To increase settling 
velocity, polyelectrolyte will be dosed to mix with 
sludge before flowing to the central well. The 60 
degree inclined settling tubes are, also, used to 
increase the settling velocity of sludge. The solids 
settle to the bottom of the tank by gravity. The 
scrapers slowly move the settled, thickened sludge 
to the discharge pipe at the bottom of the tank. A 
v-notch weir located at the top of the tank allows 
the supernatant to overflow from thickener and 
flow to Samsen canal. The effluent must comply 
with pollution control department 's regulation 
which specified that the turbidity must not be more 
than 50 NTU. The Schematic diagram of gravity 
thickener is shown in Figure 4. 
 

 
Figure 4. Schematic diagram of gravity thickener. 
 
 The thickened sludge is drawn off thickeners 
to thickened sludge storage located underneath the 
dewatering building  by gravity flow. The 
thickened sludge storage (12.1 m. wide, 14.6 m. 
long, 3.8 m and deep, total capacity of 620 cubic 
meters).  The thickened sludge storage is designed 
to cope with the maximum 1,400 cubic meters of 
thickened sludge  per day. The concentration of 
thickened sludge is not less than 4 % w/w. The 
benefits of the storage are to equalize sludge flow 
to subsequence dewatering devices, provide more 
uniform feed rate and uniform sludge 
characteristics and allow thickened sludge to 
accumulate during both scheduled or unscheduled 
outages of dewatering equipment. Aeration system 

(air bubble diffusers and 2 blowers) is provided in 
the storage to prevent dead zone in the storage and 
maintain thickened sludge suspension. The 
polyelectrolyte is fed to mix with thickened sludge 
simultaneously before pumping to 2 filter press 
units installed on the second floor of the building. 
The Schematic diagram of thickened sludge 
storage is shown in Figure 5. 
 

Figure 5. Schematic diagram of thickened sludge storage. 

3.4 Filter press system 

Two units of filter press machines are applied for 
separating suspended solid from thickened sludge. 
Produced by TEFSA of Spain, the machine is fitted 
with a single central and flanged inlet connection 
and 4 side connections for the filtrate drainage. 
The mobile pressure piece is linked with 4 rods. 
This pressure piece includes a compressed air 
connection used for the filter press pack central 
feeding core cleaning process. The supporting 
frame has the function of supporting the upper 
beams set on the filter press. The automatic plate 
transportation system is located between the two 
beams, each single filter plate is suspended from 
its own transport carriage. The plate transportation 
system includes an interlocking device which 
allows the filter plates to be  transported one by 
one. 125 sets of polypropylene filter plates (2x2 
meters) ,made by Klinkau & Co GmbH, are fitted 
with filter clothes made by MEDIOS 
FILTRANTES,S.A. The operation sequences of 
filter press start from closing filter plates by 
hydraulic closure device, then drip tray, used for 
collecting filtrate from filter press, is closed in 
order to prevent dry sludge cake being wet from 
filtration, After that the thickened sludge mixed 
with polyelectrolyte from thickened sludge storage 
is pumped to fill the filter plate at pressure of 8-10 
bar. After the fill is completed, high-pressure water 
is pumped into the membranes of filter plates 
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gradually until the pressure reaches 15 bar. High 
pressure water, maintained for 1-2 hours, causes 
membranes to expand and the sludge is dewatered 
to its required dryness not less than 45 % w/w and 
required turbidity of filtrate is not more than 50 
NTU. After the sludge is dewatered completely, 
the compressed air is blown through the center 
feed hole to remove the remaining sludge. The 
water in the membranes is also removed and the 
membranes returns to their original position then 
the filter plates are opened to allow the sludge cake 
dropping to dry sludge storage below. The average 
cycle time for dewatering process by filter press is 
approximately 3.5 hours. Related equipment in this 
facility are sludge feed pumps, polymer feed 
pumps, high pressure pumps, water membrane 
squeezing system, polymer preparation unit etc. 
This  method of sludge dewatering by  filter  press 
machines is designed  to  cope  with  maximum  60 
tons of dry sludge. The Schematic diagram of filter 
press system and overall perspective plan of 
Samsen sludge dewatering plant are shown in 
Figure 6 and 7. 
 

 
 
Figure 6. Schematic diagram of filter press system. 
 

 
 
Figure 7. Overall plan of Samsen sludge dewatering plant. 

4 RESEARCH AND DEVELOPMENT  

MWA has given precedence to vast number of 
researches and developments especially in the 
environmental field such as reusing or recycling of 
waste or by-product from water treatment process. 
The sludge dewatering system is also experimented 
to add value, reduce operating cost and maintain 
the environment to ensure that it would come up 
with sustainable and surrounding community-
friendly System. Two examples of MWA’s R&D 
projects are as follow: 

4.1 Mini Hydro turbine generator  

This project is aimed at generating the electricity 
from the overflow water discharged from 3 
thickeners. The flow rate of overflow water is 
approximately 0.37 m3/sec. The pressure head of 
over flow water is 6 m. which equals to the 
difference of the elevation of overflow weir at the 
top of thickener tanks and discharging center of 
overflow pipe. This overflow water, discharged to 
Samsen canal previously, is forced to flow through 
the small electric turbine . After the rotations of 
turbine reach 750 cycle/minutes, 15 kilowatts of 
the electricity are supplied to MWA’s main system 
which is adequate for lighting system in Samsen 
plant and the surplus is sold to the Metropolitan 
Electricity Authority (MEA)  with the adder's rate. 

4.2 Researches on value added products from dry 
sludge  

Nowadays, sludge from water treatment process is 
considered as a valuable asset. The dry sludge 
contains major essential plant nutrients because 
solids suspended in raw water is from soil erosion 
in northern and central fertile plains, Therefore it 
can be used in agriculture. Formerly, the sludge 
from MWA’s water treatment plant was called 
“waste” and MWA must pay to hire the Contractor 
to remove the sludge out of the sludge basin and 
drying yard area. Having realized the economic 
value of the sludge, now MWA officially launches 
cooperation with various institutes to research on 
the dry sludge transformation, for example, 
bentonite which is used for water leakage 
prevention in geological engineering field, cellular 
lightweight concrete for construction industry, 
potteries, soil cement blocks, decorative material 
for garden arrangement and products developed for 
agriculture. 
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5 CONCLUSION 

MWA determines to manage organization with the 
vision to  be the leading ASEAN water provider 
toward excellence in corporate governance and 
social responsibilities. The MWA's ultimate goal is 
to place equal importance to all stakeholders' needs 
and expectations. MWA's schemes for corporate 
social responsibilities cover 3 pillars of 
sustainability, those are economic, society and 
environment in order to provide a sustainable 
development through our corporate integrations 
that emphasized on fair managements and straight 
forward to our long-term objectives. The sludge 
dewatering system by filter press method is an 
example of MWA's effort to apply green 
technology for sustainable environmental   
management of water treatment system. Nowadays 
MWA also conducted some researches on “Zero 
Waste for MWA Process”. The objective is to 

extract the maximum concreting benefits from 
sludge waste discharged from water treatment 
process such as value added products, conservation 
of water resources, pollutant reductions, energy 
saving, development of green technologies and 
maintaining the environments.  
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1 INTRODUCTION 

Decentralize plan for local administration organiza-
tion (LAO) was implemented since 2000, mission of 
providing water supply for communities was trans-
ferred to LAO. Sub-district council and LAO act 
(1994) and municipal act (1953) authorize LAO re-
sponsible for water supply enterprise in villages. 
Surveyed results of water supply system at village 
level by Department of Water Resources (2008) 
showed that water supply systems are operated in 
67,582 villages (69,104 plants) from total 74,073 vil-
lages. These systems are still working in 49,315 vil-
lages (49,896 plants), require improvement in 
18,267 villages (19,208 plants) and not available in 
6,491 villages. However, quality levels of these ex-
isting waterworks systems in village level were not 
classified. From the monitoring of water supply 
quality between 2008-2011 by Department of Health 
and the Office of Provincial Health found that quali-
ty of water from only 20-40% of total plants operat-
ed by municipal and LAO conform to the standard of 
drinking water quality proposed by Department of 
Health year 2000. Apart from this, data from disease 
monitoring by Ministry of Public Health presented 
that, for every years, there are a number of patients 
and deaths caused by water borne diseases such as 
diarrhea, dysentery, typhoid and parasitic diseases 

which is national problems of public health. There 
are 1.2 million patients each year from acute diar-
rhea, which caused high expense of medical treat-
ment affected the economic of household and coun-
try (Department of Health, 2012). 

The objective of this study is to implement the 
quality assessment system for waterworks produc-
tion at village level. These evaluation results will 
lead to the development of the quality of waterworks 
production, distribution service and production ad-
ministration. All specific factors with low quality 
finding are identified and given recommendations. 
The main goal of this assessment is rising the stand-
ard of waterworks system to an acceptable and 
standard level. 

2 THE CONCEPT OF DEFINING WATER 
SUPPLY STANDARD AT VILLAGE LEVEL 

Attempt to define the quality standard of village wa-
terworks has been set up and investigated by Eiem-
sa-at (2000). Based on Eiemsa-at (2000), standard 
criteria with a number of indicators are identified 
and ranked from A to D level.  They found that fac-
tors affected on failure to pass standard criteria are 
water quality, system maintenance and administra-
tion of waterworks.  Evaluation results of 30 water-
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works systems at village level using surface water 
supported by Department of Health in Uthai Thani 
province studied by Prasartkhetaragan (2001), found 
that the problem with malfunction of chorine feeder 
were 50%, no automatic electricity 30%, no clear 
regulation for administration 50%. For water quality, 
they found that the percentage of under system 
standard in aspects of physical, general chemical, 
heavy metal and poison, bacteria are 27, 20, 30 and 
66 %, respectively. For profit margin, 23% of the to-
tal water systems gain losses. Evaluation results of 
Prapasamut & Sungsidhsawat (2006) in the aspect of 
operation, maintenance and water quality of the sys-
tem using surface water in Khon Kaen province, 11 
waterworks systems are implemented by Department 
of Health (DH) and 6 waterworks systems are oper-
ated by Provincial Waterworks Authority (PWA).  
The results showed that operation under mainte-
nance cycle is generally low.  The cycle operated by 
PWA is higher than by DH.  The surveyed results of 
existing condition of water supply system show that 
59% of water supply system are in moderate level, 
however 83% of PWA systems are in good level. 
Based on laboratory testing of water supply quality, 
90% of the systems are not pass drinking standard of 
PWA.  Study results of Plotkhoksung (2010) on im-
proving efficiency of waterworks operation in the 
Choho LAO, Nakhon Ratchsima Province found that 
operators do not have enough knowledge in opera-
tion, budget is not adequate for maintenance cost, 
and quantity and quality of supply water need to be 
improved.  
 For this study, standard indicators are defined to 
cover all dimensions of waterworks processes for 
quality assessment of the system. Eight aspects of 
indicators are water quantity, water quality, water 
losses, maintenance, administration and organization 
development, budget and finance, developing identi-
ty of organization, and protection of public health 
problems. 

3 STUDY METHODOLOGY 

The method use in this study is surveying re-
search, using data from interviewing production op-
erators, committee members of organization, mem-
ber of water users.  Data also gathers from collecting 
the sample of raw water sources and treated water.  
Sample testing is processed both in the field and 
sending to detail analysis in laboratory (physical, 
chemical and biological parameters) respect to dif-
ferent quality indicators. Finally, quality of water-
works system for village level can be evaluated and 
present in quality report. Study methods are present-
ed in Figure 1. 

 

3.1 Define indicators 

Main tools for quality assessment is defining appro-
priate indicators. For this study, 20 indicators are 
identified in 3 groups. The first group (15 indicators) 
is basic indicator contains aspects as follow water 
quantity, water quality, water losses, maintenance, 
administration, budget and finance. The second 
group (3 indicators) is identity aspect. The third 
group (2 indicators) is encouraged aspect of the sys-
tem.  Details of these groups and parameters pre-
sented in Table 1 

 
 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 1. Steps of quality assessment processes. 
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Table 1. List of indicators and weighting score. 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

3.2 Define the standard of Indicators 

Total number of indicators is 20.  Definition and 
scoring criteria are as follows: 
Indicator No 1: quantity of raw water is adequate 
compare to required production rate. 
Explanation: To evaluate the efficiency of water re-
sources for providing raw water, available raw water 
rate is compared to required rate of water supply 
production through year round. For dry season, if the 
amount of raw water is adequate for water supply 
production.  Scoring criteria is depending on time 
period of lacking raw water. 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Lacking 
raw water 
>46 days 

Lacking 
raw water 
31-45 
days 

Lacking 
raw water 
16-30 
days 

Lacking 
raw water 
1-15 days 

Not lack-
ing raw 
water 

Indicator No 2: Produced supply water is adequate 
both in quantity and pressure. 
Explanation: To evaluate the efficiency of water pu-
rification, water supply rate is compared to water 
demand rate.  Both quantity and pressure should be 
adequate for water user all times 24 hours, except in 
the case of repairing periods.  
 

Score 1 Score 2 Score 3 Score 4 Score 5 
No water 
flow >4 
hours 

No water 
flow = 3-4 
hours 

No water 
flow = 2-3 
hours 

No water 
flow = 1-2 
hours 

Water 
flow 24 
hours 

 
Indicator No 3: Quality of raw water passes the 
standard values.  
Explanation: Parameter values from laboratory anal-
ysis of raw water quality are not higher than con-
trolled concentration values, based on the standard 
of Department of Health, in 6 parameters: Color, 
TDS, F, Mg, Cl2 and NO3.   
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Passed ≤ 2 
parameters 

Passed 3 
parameters 

Passed 4 
parameters 

Passed 5 
parameters 

Passed 6 
parameters 

 

Indicator No 4: Quality of water supply passes the 
standard values. 
Explanation: Quality parameter values of tap water 
from laboratory analysis are not higher than con-
trolled concentration values, based on the standard 
of Department of Health, in 14 parameters: pH, Col-
or, Turbidity, TDS, Hardness, Fe, Mg, Cl2, F, Cu, 
Zn, SO4, NO3.and Free chlorine. 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Passed ≤ 6 
parameters 

Passed = 
7-8 pa-
rameters 

Passed = 
9-10 pa-
rameters 

Passed = 
11-12 pa-
rameters 

Passed 
13≥ pa-
rameters 

 

Indicator No 5: Monitoring quality of water supply 
at a faucet passes the standard values. 
Explanation: Evaluated parameters consists of free 
chlorine and turbidity.  Water samples are collected 
from faucet at least 5 locations in dry season.  Scor-
ing criteria for free chlorine is,  
 

5
)/(20

)/(
1 ×=

litermg

litermgionconcentratchlorinefree
Score   (1) 

 
Free chlorine concentration = 20 mg/liter is standard 
values.  If the observed concentration excess 20, the 
concentration is assumed equal 20 mg/liter,.  Scoring 
criteria for turbidity is, 
 

8

50
2

NTU
Score

−
=               (2) 
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where NTU is Nephelometric turbidity units.  Stand-
ard turbidity of water supply should not excess 10 
NTU.  Scoring of this indicator is the average of 
score 1 and score 2. 

 
Indicator No 6: Frequency of water quality monitor-
ing is regular. 
Explanation: Tap water sampling from the faucet of 
user should be done every week and at least one lo-
cation. To ensure quality of water is in the standard 
ranges, observed free chlorine concentration is be-
tween 0.2 to 0.5 mg/liter, and pH is between 6.5-8.5.  
Scoring criteria is based on the frequency of moni-
toring. 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Frequency 
> 4 week 

Frequency 
3-4 week 

Frequency 
2-3 week 

Frequency 
1-2 week 

Frequency 
every 
week 

 

Indicator No 7: Water losses in waterworks produc-
tion do not exceed a limit. 
Explanation: Loss in waterworks production cause 
from the failure of pipes, pipe fitting, valves, pump 
and the leakage of water through the clearing of sand 
filter.  Loss rate is calculated from this equation, 
 

in
Q

out
Q

in
Q

Loss
−

=1               (3) 

 
where 1Loss  = Loss rate in the process of water pro-
duction, 

in
Q = Input rate of raw water (m3), 

out
Q = 

Output rate from water production system (m3). 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Loss rate 
> 8 % 

Loss rate 
6-8 % 

Loss rate 
4-6 % 

Loss rate 
2-4 % 

Loss rate 
< 2 % 

 

Indicator No 8: Leakage of distributed pipe system 
does not exceed a limit. 
Explanation: Loss in water distribution system 
should not excess 25 % in a month.  Loss rate is cal-
culated from the equation, 
 

out
Q

mt
Q

out
Q

Loss
−

=2               (4) 

 
where 2Loss  = Loss rate in the pipe distribution sys-
tem, 

out
Q  = Output rate from the production system 

(m3), 
mt

Q = Summation of water supply quantity at 

user’s meters (m3). 
 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Loss rate 
> 25 % 

Loss rate 
20-25 % 

Loss rate 
15-20 % 

Loss rate 
10-15 % 

Loss rate 
< 10 % 

 

Indicator No 9: Preventive maintenance is effective. 
Explanation: The procedure of preventive mainte-
nance consists of, (1) operation manual for water 
production is available, (2) action maintenance plan 
for every day, week, month and year is written, (3) 
the plan is implemented, (4) all equipment are exam-
ined before and after using, (5) abnormal working of 
equipment are investigated by using common senses, 
(6) cleaning and lubricating values and joints.  Scor-
ing criteria is based on a number of implemented 
procedure. 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Action in 
1 step 

Action in 
2 steps 

Action in 
3 steps 

Action in 
4-5 steps 

Action in 
6 steps 

 

Indicator No 10: Maintenance and repairing process 
is implemented with high efficiency. 
Explanation: If the failure of equipment in produc-
tion system is occurred. Committee and operators 
quickly react to fix any problems and inform water 
user immediately. 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Taking 
time > 4 
days 

Taking 
time  3-4 
days 

Taking 
time 2-3 
days 

Taking 
time 1-2 
days 

Taking 
time ≤ 1 
day 

 

Indicator No 11: Water production committee per-
formed their duties. 
Explanation: Performance of committee follows 
procedures as follow: (1) rule and regulation are 
written with the agreement of water user and LAO, 
(2) administration of water production is operated 
under the rule and regulation, (3) giving permit or 
terminating the permit for accessing water supply re-
spect to the benefit of waterworks enterprise, (4) is-
sue annual report and inform the member of water 
user and LAO, (5) give a direction to waterworks 
operators, (6) seeking budget from funding agency if 
operating budget is not adequate.  Scoring criteria is 
based on the number of implemented procedure. 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Action in 
1 step 

Action in 
2 steps 

Action in 
3 steps 

Action in 
4-5 steps 

Action in 
6 steps 

 
Indicator No 12: Operators performed their duties 
under direction from the committee. 
Explanation: The operators of water production take 
an action following the rule and order from the 
committee.  Procedure of operators is as follow: (1) 
produce water with standard quality, (2) mainte-
nance and solve any problems to ensure water ser-
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vice 24 hours, (3) improve landscape of waterworks 
plant with clean and green environment, (4) report 
operational results and problems to the committee, 
(5) take action under the order of committee.   
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Action in 
1 step 

Action in 
2 steps 

Action in 
3 steps 

Action in 
4-5 steps 

Action in 
6 steps 

 

Indicator No 13: Human resources development. 
Explanation: To encourage committees and opera-
tors attending professional training courses on the 
topic of water enterprise and water production.  
Scoring criteria is based on attending time. 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
< 1 hour 
/person-
year 

1-2 hours 
/person-
year 

2-3 hours 
/person-
year 

3-4 hours 
/person-
year 

> 4 hours 
/person-
year 

 
Indicator No 14: Accounting and finance are stand-
ardize. 
Explanation: Water production committee can man-
age accounting and finance processes, including pre-
paring cash flow report and funding report.  The pro-
cedure is as follow: (1) list of water user members 
and meters are recorded, (2) receipts are issued, (3) 
daily account for income and expense is reported, (4) 
monthly and yearly report for income and expense 
are summarized, (5) accounting bankbook for village 
waterworks fund is opened for transaction, (6) there 
are two of three authorized persons for money with-
drawing. 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Action in 
1 step 

Action in 
2 steps 

Action in 
2 steps 

Action in 
4-5 steps 

Action in 
6 steps 

 

Indicator No 15: Waterworks enterprise is self-
supported finance. 
Explanation: The enterprise generates income from 
selling water and services. Profit margin after de-
ducting expenses is adequate for operational and 
maintenance cost and deposit in the water fund for 
future development of water production system. 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Margin is 
negative 

Margin is 
0-5 % 

Margin is 
5-10 % 

Margin is 
10-15 % 

Margin is 
> 15 % 

 
Indicator No 16: Development of the water enter-
prise based on its size. 
Indicator No 16.1: Identity of the water enterprise is 
identified. 
Explanation: Tangible results of the administration 
of water work based on its size are identified to for-
mulate identity, the procedure is as follow: (1) vision 

for water work is identified, (2) annual action plan is 
written, (3) annual action plan is implemented, (4) 
evaluation is implemented, (5) report to all water us-
er members and LAO, (6) reacting to evaluated re-
sults and adjusting the action plan.  
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Action in 
1 step 

Action in 
2 steps 

Action in 
3 steps 

Action in 
4-5 steps 

Action in 
6 steps 

 
Indicator No 16.2: Identity of the water quality im-
provement.  
Explanation: To promote identity of the water enter-
prise based on the size of waterworks, water quality 
and safety improvement are launched such as drink-
able water system. Scoring criteria is based on the 
number of water user. 
 
Score 1 Score 2 Score 3 Score 4 Score 5 
Only 
usable 
water 

Drinkable 
0-10 % 

Drinkable 
10-20 % 

Drinkable 
20-30 % 

Drinkable 
> 30 % 

 
Indicator No 17: Development results reflecting the 
identity of waterworks. 
Explanation: The improvement of waterworks lead 
to support identity of its system such as automatic 
chemical injection and remote pumping control, the 
procedure is as follow: (1) more safety in water pro-
duction, (2) higher quality of water, (3) higher quan-
tity of water production, (4) more convenient for wa-
ter working, (5) increase life time of the system. 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Action in 
1 step 

Action in 
2 steps 

Action in 
3 steps 

Action in 
4 steps 

Action in 
5 steps 

 
Indicator No 18: Results of preventive health prob-
lem 
Indicator No 18.1: Preventive results of water borne 
diseases. 
Explanation: Trend of water borne diseases such as 
cholera, eye inflection in community is decreasing.  
Scoring criteria is based on a number of patient per 
population 100,000 person. 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Number 
of patient 
> 200  

Number 
of patient 
= 150-200 

Number 
of patient 
= 50-100 

Number 
of patient 
=20-50 

Number 
of patient 
< 20 

 
Indicator No 18.2: Preventive results or decreasing 
health problem from produced water.  
Explanation: Preventive results of health problem 
from consuming tap water both for using and drink-
ing water such as the trend of diarrhea patient num-
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bers is decreasing. Scoring criteria is based on a 
number of patient per population 100,000 person. 
 

Score 1 Score 2 Score 3 Score 4 Score 5 
Number 
of patient 
> 400  

Number 
of patient 
= 300-400 

Number 
of patient 
= 100-200 

Number 
of patient 
= 40-100 

Number 
of patient 
< 40 

4 CASE STUDY OF TAMBON LUMLAVEE 

Proposed quality assessment will be tested by col-
lecting data from 5 village waterworks plants man-
aged by TAO in Tambol Lumlavee, Chom Phra Dis-
trict, Surin Province. Details of 5 waterworks plants 
are presented in Table 2.  Questionnaires are pre-
pared for interviewing committee members, opera-
tors and water user.  Providing hydrologic, hydraulic 
and production data of the waterworks system, check 
list of required data are prepared and the data is col-
lected.  Sampling raw and tap water at different loca-
tions are sent for laboratory analysis.  These analysis 
and assessment report of these plants are in the pro-
gress and will be present in near future.  
 
Table 2. Water works system in Tambon Lumlavee.  

No Location 

Produc-
tion ca-
pacity 
(m3/hr) 

Water 
Resources 

Constructor 
Operated 
year 

1 Ban Nongleg 
(Village 3) 

20 SW, Ravee 
stream 

DH, 2000 

2 Ban Nong-
Bou 
(village 4) 

5 SW, Nong 
Mac 

TAO, 2006 

3 Ban TaKuan 
(village 6) 

10 SW, pond, 
Ravee 
stream 

TAO, 2006 

4 Ban Kok 
(Village 9) 

10 SW, Ravee 
stream 

TAO, 2006 

5 Ban 
RomThong 
(Village 10) 

5 SW, Ravee 
stream 

TAO, 2007 

Remarks: SW = surface water, DH = Department of health, 
TAO = Tambon Administration Organization. 
 
Table 2. (continue) 
 

No 

Number of service re-
ceiver (village, 
household, 
person 

Number of 
operators 

Water 
Price 
(Bath/m3) 

1 3(village 1,3,8), 315, 
1,451 

4 6 

2 1 (village 4), 125, 544 2 7 
3 2 (village 6,7), 301, 

1,319 
2 7 

4 3 (village 2,5,9), 222, 
937 

2 7 

5 1 (village 10), 102, 
468 

2 7 

5 CONCLUSIONS 

Quality assessment processes are formulated to eval-
uate village waterworks systems.  Standard indica-
tors and its criteria are proposed for this assessment. 
To cover all dimensions of waterworks, 3 groups of 
indicators (totally 20 indicators) are defined.  The 
first group is basic indicators consist of 6 aspects 
(water quantity, water quality, water losses, mainte-
nance, administration, budget and finance) 15 indi-
cators.  The second group is identity indicators con-
taining 3 indicators.  The third group is encouraged 
aspect of the system with 2 indicators.  

If proposed list of standard indicators does not re-
flect real quality of waterworks system which are 
different in term of design, sizing, water sources, re-
sponsible organization, the indicators can be adjust-
ed to fit to all conditions after implementing to a 
number of waterworks plants.  For the benefit of 
quality differentiation, if data from these waterworks 
plants are out of the standard range of scoring crite-
ria, the criteria can be modified.  Proposed identity 
indicators (Indicator No 16 and 17) is an example.  
These identity indicators and its scoring criteria can 
be defined by the committee of each waterworks 
plant and used for assessor. 
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1 STATEMENT OF THE PROBLEMS 

Metropolitan Waterworks Authority (MWA) has 
been started the Best Care Service (BCS) project, 
which is the service offering for major water users 
(VIP). The VIP consists of both government agen-
cies and private organizations which requiring 
MWA support, in case of the monitoring system for 
internal pipeline that is vulnerable to water leakage. 
Responsible for checking and defining the under-
ground leak points, Leakage Survey Section found 
that the key problem of the large region water users 
is that it took a long period of time to pinpoint the 
underground leakage including the leak points could 
not be localized effectively. So, leak detection meth-
od (Step Test), which is normally used with District 
Meter Area (DMA), was applied to a large area of 
water users who is willing to check the internal wa-
ter pipe system (Astrup et al. 2013). The objective of 
this application is to defining the pipeline where 
there is the highest water loss rate and later survey-
ing those underground leakages along that pipeline 
(Kongjai el al. 2010, Vojdani, 2013), together with 
proposing the way to reduce water loss to the water 
users. All of these brought to an expectation of high-
er water pressure (Renaud el al. 2013, Farley & 
Trow 2003), enhancing the image of the service, and 
satisfying the major water users. Additionally, this 
could be created as a business continuity of MWA 
and an issue to increase knowledge and understand-

ing of surveying activity in the responsible area for 
engineers and technicians.  

2 METHODOLOGIES 

The methodology of this study is divided into six 
procedures, consist of: 1) planning for operations, 
and determining the large distribution pipe network 
area to be an isolated system 2) designing the Step 
Test and subdividing the pipeline by using the step 
valve to control water direction in the area 3) start-
ing the Step Test 4) measuring and recording the wa-
ter flow rate 5) analyzing the amount of water loss 
and define the leak pipeline and 6) making the con-
clusion. The procedures are shown in Figure 1. 

2.1 Planning for operations, and determining the 
area 

Planning for operations, and determining the area 
would be done after verify the water usage infor-
mation of water users in the area, including the 
amount of water used each month; both for small 
and large water meters. This information would be 
used as the basis to detect abnormalities in water 
meters function. After that, map of equipment and 
pipes within the area would be shown. From this 
case, after check the As-built Drawing, the internal 
pipelines system is already updated according to real 
location. 

An Application of Leak Detection Method (Step Test) for a Large Area 
of Water Users in Metropolitan Waterworks 

K. Wetchasat, C. Choongpon, W. Ponwichai & P. Punthong  
Metropolitan Waterworks Authority, Bangkok, Thailand  

ABSTRACT: A key problem of a large region water user (Case Study: Chandrakasem Rajabhat University 
Area) is that the leak points could not be localized effectively and took a long period of time to pinpoint the 
underground leakage. As a result, Metropolitan Waterworks Authority then applied the Step Testing method, 
which normally used with District Meter Area (DMA), to a large area of water users who willing to check the 
internal water pipe system. Objective of this study is to define the pipeline where there is the large water loss 
in the distribution system, by using leak detection application method (Step testing). The procedures of this 
study consist of 1) determining the distribution pipe network to be an isolated system 2) subdividing the pipe-
line by using the step valve to control the water direction 3) starting the Step Test 4) measuring and recording 
the water flow rate 5) analyzing the amount of water loss and define the leak pipeline and 6) making the con-
clusion. The result of this study indicates that the highest leak pipeline has the leak rate equal to 9.97 m3/ hr 
and leak rate per 1 meter of pipeline is 1.65×10-3 m3/ hr. 
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Figure 1. Procedures of the study. 

2.2 Designing the Step Test and controlling the 
area 

The step test designing is emphasized on the usage 
of Remote Terminal Unit - RTU, which is a unit for 
measuring flow rate and pressure in the remote area 
of the test. If the RTU is placed far from the area, 
Portable Ultrasonic Flow Meter would be used to 
measure the flow rate, while a survey of the installed 
units around the receiving point also needed to be 
done. 
 The survey would be conducted to determine the 
readiness of active valves that used in the Step Test, 
as well as Tanks and Reservoir system in the area. 
Before starting the Step Test, inlet valve to the tank 
need to be closed or the float valve in the tank need 
to be lifted up, to avoid the leakage of the tank. For 
the case of area with large water meters, diameters 
ranging from 1½ inches and more was installed; the 
valve need to be closed in order to prevent leakage 
of water from the supply system. 
 When completely got the important information 
stated above, the Step Test Plan for the control area 
would be done. For the Step test that would be done 
in the daytime, a temporary water diversion plan 
might be needed to avoid the effects of no running 

water or lightly running water in the area, due to wa-
ter off to operate the Step Test. 

2.3 Measuring and Recording the water flow rate 

Measuring and recording the water flow rate would 
be done simultaneously with the Step Test to defined 
the limits of piping systems as follows: 1) Piping 
system would be defined as an isolated system by 
closing valves around, referred as Boundary Valve 
2) Portable Flow Meter would be installed together 
with the Zero Pressure Test by turning off the inlet 
valve to test whether water is in a closed system or 
not 3) Circulating Valve (CV) would be locked to 
divide the pipe into each line, to prevent water circu-
lation in the pipeline system (Claudio el al. 2013). 

 When starting the Step Test, valve that divides 
the pipe into section, called Step Valve (SV) would 
be closed. Firstly, starting from close the valve that 
placed far from RTU or Portable Ultrasonic Flow 
Meter that installed at the inlet point, called SV1. 
Then, close the next valves called SV2, SV3 and 
SVn. 

2.4 Calculating and analyzing the leak pipeline 

Data received from 2.3 would be brought to calculat-
ing in order to determine the pipeline where there is 
the highest leakage. The data is consisted of leak 
rate and leak rate per 1 meter of pipeline (Donnelly 
el al. 2013). 

2.5 Conclusion 

The results of the analysis will be used to determine 
the pipeline in the area of Chandrakasem Rajabhat 
University Area, and define its leakage. If there is 
the leakage, the determination of precise leak points 
and reparation of the pipes would be done. As a re-
sult, the amount of water loss is likely to be reduced. 

3 STEP TEST IN CHANDRAKASEM 
RAJABHAT UNIVERSITY AREA  

After finish the map surveying together with pipe 
and equipment checking in Chandrakasem Rajabhat 
University, the Step Test plan of pipeline system 
would be created. 

The valves which involved in the Step Test shown 
in Figure 2 would be assigned to function as follows: 

1) Boundary Valve (BV), scheduled to be closed 
in order to allow water to enter only from one point. 
The closed Boundary Valve is the valve on the top 
or Water Outlet to allow water to enter the system 
only from the bottom. 

2) Circulating Valve (CV), scheduled to be closed 
to divide the pipeline into section, prevent water cir-
culation during the Step Test, and avoid looping of 
the water system in the pipeline. CV is divided into 
4 sets. 
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3) Step Valve (SV), is the last set of valves for 
shutting down the pipe system, in order to determine 
the flow rate in the test pipes.  

Figure 3 shows the piping system after we closed 
BV and CV already. In case of there is a water stor-
age tank or large size water meter, the inlet valve 
need to be closed. Pipeline network is emerging as 
branches and there is only one inlet point, which can 
divide the separated pipeline into section to start the 
5 steps of Step Testing. 

In case that the testing area is placed far from 
RTU: Remote Terminal Unit. Prior to start testing, 
the Portable Ultrasonic Flow meter (Fig. 4) needs to 
be installed at the inlet point of water, in order to 
measure the water flow rate and to record the flow 
rate in every 1 minute. If the testing area is placed 
near RTU, so the RTU could be used for measuring 
the flow rate. 

The Step Test is start by closing SV1 for 10 
minutes to allow the flow rate in the pipeline to be 
constant, with no fluctuation. After that, record the 
required parameters to calculate the flow rate in that 
Step, and then close the next Step or SV2 for another 
10 minutes. Then, repeatedly operates to SV3, SV4 
and SV5 respectively until every step is done. 

4 CALCULATING AND ANALYZING THE 
LEAK PIPELINE  

The calculation of leakage rate in each pipeline is 
done as shown in Figure 5 and equation (1) by using 
the data consists of: 

1) Flow Rate from Flow Meter in each section of 
Step Testing. 

2) The number of each type of water users in each 
Step. 

3) Closing and opening time schedules for CV and 
SV. 

4) Water usage of major water users (VIP) in each 
Step. 

Leak = Qin – Qdemand     (1) 

While, Leak is the Leak Rate of each Step (m3/hr). 
Qin is the rate of water flow into the system (m3/hr). 
Qdemand is the water usage rate of water users (m3/hr).  

Rate of water flow into the system (Qin) is given 
by the average water getting into the system of each 
Step. Calculating by finding the average flow rate 
measured in each Step, Qin is an average flow rate of 
the previous Step minus an average flow rate of that 
Step.  

 

 

Figure 2. Piping system network in Chandrakasem Rajabhat 
University. 

 

Figure 3. Pipes in the piping system network that would per-
form the Step test. 

 

Figure 4. Portable flow meter installed at water inlet point. 
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The water usage rate of water users (Qdemand) is 
given by determining the water usage rate of major 
water users in each Step, by using an average 
amount of each user’s water consumption multiply 
by the number of water users in each Step. The re-
sults of Step Test for Chandrakasem Rajabhat Uni-
versity could be summarized as shown in Table 1. 

 
Table 1.  Calculated results of leak rate in each Step. 
Step Closing 

Time 
o’clock 

Pipe 
length 
(m) 

Flow 
Rate 

(m3/hr) 

Water 
Usage 
Rate 

(m3/hr) 

Leak 
Rate 

(m3/hr) 

Leak Rate per 
1 meter of pipe 
(10-3 m3/hr·m) 

0 10:20  30.12    
1 10:30 337 27.59 0.76 1.77 5.3 
2 10:40 447 22.15 0.00 5.43 12.2 
3 10:50 887 15.18 0.02 6.95 7.8 
4 11:00 603 5.17 0.04 9.98 16.5 
5 11:10 423 0.12 0.00 5.05 11.9 
 
Photographs should be with good contrast and 

preferably in TIFF or EPS format (see Artwork doc-
ument). Photographic reproductions cut from books 
or journals, photocopies of photographs and 
screened photographs are unacceptable. The pro-
ceedings will be printed in black only. For this rea-
son avoid the use of colour in figures and photo-
graphs. Colour is also nearly always unnecessary for 
scientific work. 

5 CONCLUSION  

The results shown in Figure 6, indicating that the 
leakage rate in Step 4 is the highest with the leak 
rate of 9.97 m3/ hr and the leak rate per 1 meter of 
pipe is equal to 0.0165 m3/ hr/ m. This leak rate is 
considered to be the small amount of leakage Step, 
so it may be expected that there is no water leaks 

and no leakage point of water pipes in this Step. 
When comparing to other Steps with minor leakage 
rate, it is clear that the amount of water leakage is 
very small for every Step. So, it can be concluded 
that there is no leak point in the water pipeline of 
Chandrakasem Rajabhat University. 
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Figure 6. Leak rate by time of each Step test. 
 
Suggestion for future researches is that, this leak-

age surveying service should be extended to covered 
serve more major water users (VIP) of all branches 
because this is one of the main factor in order to re-
ducing the water loss. Besides, it will reduce the cost 
of pipe rehabilitation, inconsistent water pressure, 
and also helps build up the brand image for the or-
ganization. 
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1 INTRODUCTION 

1.1 Groundwater and climate variability 

Groundwater is a highly useful and often abundant 
water resource. Groundwater has been an important 
water supply for industrial, agricultural, and residen-
tial uses (Shiklomanov 2004, Morris et al. 2003). 
Because of its accessibility, availability and quality, 
groundwater regularly yields larger economic bene-
fits per unit volume relative to surface water 
(UN/WWAP 2003).  

Naturally, groundwater may take weeks, typical-
ly called shallow groundwater, to centuries, called 
deep groundwater, to flow from a recharge area to a 
discharge area. Therefore, groundwater collects and 
transmits several environmental and anthropogenic 
tracers and signals since it is being recharged on sur-
face and in its flow paths. 

Groundwater system not only is naturally dynam-
ic but also changes with time in response to both 
human activities and climate stresses (Alley et al. 
2002). Climate change has added to the existing 
pressure on groundwater resources both directly and 
indirectly and rendered the only available freshwater 
reserve less accessible, less available or less suitable 
for the use in the near future (Kundzewicz and Doll, 
2007). Climate change gradually modifies patterns 
of surface flows and evapotranspiration, which in 
turn affects groundwater recharge (Cambi and 
Dragoni 2000, Kundzewicz and Doll 2007).  

In addition to climate change, global water re-
sources are very sensitive to climate variability. 
Climate variability represents rather reversible and 
periodic changes occurring over periods of a few 
years to decades (Hanson et al. 2004, Gurdak et al. 
2007). Impacts of climate variability on groundwa-
ter are however poorly understood and the relation-
ship between climate variability and groundwater is 

An Application of Wavelet Analysis on Deep Groundwater Signals in the 
Lower Chao Phraya Basin 

U. Seeboonruang 
Faculty of Engineering, King Mongkut’s Institute of Technology Ladkrabang, Bangkok, Thailand 

ABSTRACT: Groundwater data reflects hydrological processes, climate change and variability, as well as 
any anthropogenic influence. Hence, inversion of groundwater signals can provide significant information of 
the historic exposure to groundwater. In this study, delineation of climate variability and its influence on deep 
groundwater in the Lower Chao Phraya Basin in Thailand is the main focus. Groundwater in the region had 
been extensively exploited over decades resulting in dramatic decrease in water pressure and subsequent land 
subsidence. While the anthropogenic effect has been considered the major mechanism especially in this high-
ly dense population area, the effects of climate change and variability on the deep groundwater are however 
unidentified until now. Climate variability represents rather reversible and periodic changes occurring over 
periods of a few years to decades. This study proposes to use the continuous wavelet transform analysis on 
groundwater depth time series to detect periodicities of the deep groundwater signal which could be possibly 
linked to the periodicities of climate variability. While the spectral analysis methods can indicate periodicities 
that are stationary, the non-stationary periodicities can be revealed by the wavelet transform method. The re-
sults show different components; trend, cyclic phase and residual component. The trend component is human 
relating showing long term fluctuation associating with groundwater withdrawal during the heavily pumped 
period. On the other hand, the cyclic component possibly links to climate variability with short and medium 
length cycles, i.e. less than 15 years, which can be attributed to the general cycles of global climate, Indian 
Ocean Dipole (IOD) and the El Niño-Southern Oscillation (ENSO). However, these periodicities are non-
stationary and show up in the early groundwater signals, i.e. between 1978 and 2005. These characteristics are 
less significant in the recent groundwater signal measured in 2009. 
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more complicated than that between climate varia-
bility and precipitation or surface water. In shallow 
and unconfined aquifer systems, the response of the 
change and variation may clearly be detected (Han-
son et al. 2004, Chiew et al. 1998, Gurdak et al. 
2007). Very few research studies have tried to relate 
deep groundwater signals to climate change and 
climate variability (Tague et al. 2008, Green et al. 
2011).  

1.2 Groundwater in the Lower Chao Phraya Basin 

Pressures on groundwater resources can also come 
from the population growth, agricultural increases, 
and rapid expansion of urban areas (Gunatilaka 
2005). The major man-made problem on the 
groundwater resource is the overexploitation of the 
resource, especially in large cities of a number of 
countries in Asia, e.g. China, India, Indonesia, Ne-
pal, the Philippines, Thailand and Vietnam (UNEP 
2002, ADB 2007, WEPA 2007). Bangkok, the capi-
tal city of Thailand, has experienced excessive 
drawdown of potentiometric surface and suffered 
from land subsidence due to intensive pumping of 
groundwater (IGES 2007, Piancharoen 1977).  

Hence, fluctuation of groundwater time series 
can be originated from human stresses and naturally 
climate change and variability. Therefore, inverse 
analysis of groundwater time series should provide 
the input and the response information about histo-
ry, current and future states of the system. However, 
the effect of climatic cycles on groundwater levels is 
not well characterized in many regions of the world. 
One factor of this complication is the time lags in 
the dynamic response of groundwater to the changes 
and developments, which may take several years to 
decades to manifest themselves (Sophocleous 2012, 
Nevill 2007). In order to assess and conclude these 
kinds of difficulty, time series and frequency analy-
sis are typically essential.  

2 DECOMPOSITION AND TIME SERIES 
ANALYSIS 

2.1 Decomposition 

In addition to reacting as a propagating pressure 
wave (Serfes 1991), a time series is a cumulative re-
sponse with variability of time lags to different sig-
nals, such as climatic signal, hydrogeologic signals, 
and anthropogenic signals. Therefore, inverse or de-
composition of groundwater time series into ele-
mental components is a substantial step in identify-
ing and quantifying individual natural and 
anthropogenic effects on historical groundwater da-
ta.  

The basic assumption of the time series decom-
position is that a time series has some aspects of the 
past pattern that remains in the present and future. 
The classical decomposition partitions a signal into 
three elemental components called trend, periodicity 
and random or irregular components and can be 
written as 

 
�� = �� + �� + �� (1) 

 
Xt is the time series data, mt is the trend component, 
st is the periodic component, and yt is random noise 
or irregular component. 

Several detrending methods typically are applied 
to eliminate the anthropogenic effects and possible 
long-term climate change. The trend component 
usually shows a continuing increase or decrease, ei-
ther linear or nonlinear, in the data; or is part of the 
data which exhibit rise and fall that are not of a 
fixed period. The periodicity component of a time 
series presents cyclic elements of the time series 
during the time of measurement that is influenced 
by any seasonal and periodic factors and recurs on a 
repetition basis.  

Past studies of groundwater data decomposition 
include recognizing the effects of climate change 
and variability on hydrologic cycles after eliminat-
ing anthropogenic effects from time series by one of 
the detrending methods (Anderson and Emanuel 
2008, Hanson et al. 2004, Ghanbari 2007, See-
boonruang 2014). 

2.2 Spectral Analysis 

The purpose of spectral analysis is to estimate the 
power (strength) of periodic components at all pos-
sible frequencies, which is an inversion of periodici-
ty. Usually these components are assumed to be si-
nusoidal characterized by either frequency or 
periodicity, each with a certain amplitude and phase. 
Power is proportional to amplitude squared. One 
approach to spectral analysis, by no means the only 
one, is to decompose the time series into a complete 
set of sine and cosine components. This is called 
Fourier analysis. 

2.3 Wavelet analysis 

The spectral analysis methods described above can 
indicate periodicities that are stationary; amplitude 
and frequency do not change considerably through 
time. In very many cases, groundwater signal are 
non-stationary due to climate change. With wavelet 
analysis, a time series can be studied at multiple 
scales (i.e. at low and high frequencies) simultane-
ously. The objective of the analysis is to decompose 
a signal, expressed as a function of the time varia-
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ble, into various frequency components using build-
ing blocks. These building blocks are defined by 
wavelets. The mother wavelet can be set to Morlet, 
which usually performs best. Once a wavelet is con-
structed it can be used to filter or compress signals. 
A review of wavelet methods can be found in 
Gurdak et al. (2007) and Hanson et al. (2004).  

3 DATA COMPILATION 

Long-term continuous groundwater level data have 
been collected throughout parts of the Central Plains 
of Thailand by the Department of Groundwater Re-
source. Some records of which have been collected 
since 1921. The water level reading has been under-
taken approximately once a month. The wells pene-
trate to the depths of between 50 – 250 m. Most 
bores are located in the urban and built-up lands and 
groundwater from these deep wells is not used for 
irrigation purpose because it is too expensive to use 
as irrigating water. 

Two representative bore records with reasonably 
long-term and constantly measured observations of 
water levels are selected (CT7-1 and CT45). The 
groundwater at the selected locations behaves simi-
larly in that the depth of groundwater continuously 
increased for the period of approximately 17 years 
and later decreased with some fluctuations within 
the time series. The long-term increasing and then 
later decreasing trend could be attributed to the pre-
viously heavily pumping, while the fluctuation may 
be due to climate variability.  

Trend lines are firstly removed from the original 
groundwater data set. This is done by subtraction of 
a regression line from the original groundwater time 
series. Detrended lines are obtained after the trend-
line removal. Removing the trend can be a useful 
operation prior to time series analyses such as spec-
tral analysis. A number of methods can be applied to 
remove trendlines, e.g. the sets of polynomial inter-
polation or moving average methods.  Fourier anal-
ysis is performed on the detrended lines in order to 
obtain the complete set of periodicity or periodo-
gram.  

Seeboonruang (2014) established the trend of 
these groundwater continuing fluctuations associat-
ing to the history of pumping record with high cor-
relation coefficients. The trends of these groundwa-
ter time series can be best approximated by the 5th 
order polynomial function with smallest errors. 
Spectral analysis performed on the detrended lines 
(original time series subtracted by the trendlines) re-
vealed that the groundwater in the Lower Chao 
Phraya Basin oscillated in two periodic patterns, 
which may be the result from global climate varia-
bility, e.g. Indian Ocean Dipole and the El Niño 

Southern Oscillation. The magnitude of deep 
groundwater dynamics as the result from the anthro-
pogenic effect is much greater than that of the cli-
mate variability in this region. However, the as-
sumption behind this analysis was the groundwater 
fluctuation in the stationary pattern (stationary peri-
odicity).   

This work will be continuing of Seeboonruang 
(2014) and the only detrending method applied here 
is the 5th order polynomial function. The trendline 
removal and the finding of detrended line are not 
shown in this study. 

4 RESULTS AND DISCUSSION 

4.1 Spectral analysis result 

The groundwater data set contains the last 35 years 
of record, sampled monthly intervals. Figure 1 
shows the periodograms of both original groundwa-
ter data and detrended lines for CT7-1 and CT45. 
The highest peak in the spectrum is presented with 
its periods and amplitude (strength) values. The fre-
quency is converted to periodicity by inversion of 
frequency. For the original data, the periodicity of 
the strongest peak in the spectrum is reported as a 
period of approximately 25 years/cycle and the se-
cond strongest peak is at about a period of 10 years. 
The two groundwater signals fluctuate in the fre-
quency domain similarly. On the other hand, the 
strongest peaks are found at the much shorter peri-
ods for the detrended groundwater time series. The 
strongest peak corresponds approximately to 10 to 
15 years/cycle. The second peak can be detected at 
about 5 year’s cycle. The detrended groundwater 
from the two boreholes behaves similarly in the fre-
quency domain as well. After detrending, the 
detrended lines possess shorter periodic patterns. 
That is the detrending method removes some long 
periodic pattern (high frequency).  

4.2 Discrete spectral analysis result 

Instead of decomposing a time series into a continu-
ous spectrum as shown in the periodograms, a finite 
set of sinusoids that fit the data optimally may be-
come less sophisticated to understand. A sum of up 
to eight sinusoids with unknown periods, amplitudes 
and phases is fitted to the original groundwater data 
and the detrended lines. The purpose of this fitting 
can be useful for modeling periodicities in time se-
ries usually in combination with spectral analysis. In 
addition, the reconstruction of a finite set of sinus-
oids into a time series is very straightforward. The 
algorithm is based on a least-squares criterion and 
singular value decomposition (Press et al. 1992). R2, 
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the coefficient of determination, or proportion of 
variance explained by the model, is a good indicator 
for fitting. Only the first four sinusoids with maxi-
mum power for the two original groundwater data 
and the two detrended lines are shown in Table 1.  

 
 
 
 
 
 
 

 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 

 
 
Figure 1. Periodogram of original data and detrended line for 
a) CT7-1 and b) CT45.  
 
Table 1.  Four periods of sinusoids with maximum amplitude 
for CT7-1 and CT45. 
Periods           CT7-1                  CT45   
       OGW*  DT**    OGW*  DT**  
Sinusoid 1    32.30   11.69   30.66   10.07  
Sinusoid 2    23.21   6.56   19.67   6.76 
Sinusoid 3    10.91   4.21   10.07   3.72 
Sinusoid 4    7.13   23.21   7.05   15.88 
R2       0.99   0.88   0.99   0.76 
*OGW represents original groundwater time series. 
** DT represents detrended time series. 
 

 The first four sinusoids that optimally represent 
the two original groundwater data exhibit the peri-
ods in one unit cycle ranging between 7 – 30 years. 
For the original time series, the sinusoids with the 
maximum amplitude occur at the periods of 32.30 
and 30.66 for CT7-1 and CT45, respectively. On the 
other hand, the sinusoids that characterize the 
detrended groundwater time series hold shorter pe-
riodicity ranging between 3 and 12 years. CT7-1 
detrended time series demonstrates the periodicity 

with the maximum amplitude of 11.69 years, while 
that of CT45 exhibits the sinusoid oscillations that 
occur every 10.07 years. The R2 values of the four 
sinusoidal fitting are significant. Figures 3 show the 
detrended lines of CT7_1 and CT45 fitted with the 
finite periodicity components. 

4.3 Composition of groundwater time series 

In this section, the detrended lines (data) are com-
pared with the fitted lines, which are the sums of 
eight sinusoids, and the residuals, which are the 
detrended data subtracted with the fitted lines. The 
sums of sinusoidal curves can fit the detrended time 
series very well with the R2 shown in Table 1. The 
R2 of 0.88 and 0.76 can be obtained for CT7-1 and 
CT45, respectively. However, the residuals for both 
wells are relatively at the same magnitude with the 
data. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 2. Fitting detrended lines with finite periodicity compo-
nents for a) CT7-1 and b) CT45. 

4.4 Non-stationary periodicity of groundwater time 
series  

Spectral analysis as performed above is satisfactory 
when the time series exhibit stationary periodicity 
over a long period of time. When a time series im-
bedded with non-stationary cycle patterns, the con-
tinuous wavelet transform (CWT) is usually re-
quired. CTW is an analysis method that can be 
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useful for detecting periodicities at different wave-
lengths and other features.  

Figure 3 shows the wavelet analysis of the 
detrended CT7-1 and CT 45. Typically, the vertical 
axis in a wavelet plot is a logarithmic size scale 
(base 2) and hence the top of a wavelet figure thus 
represents a detailed, fine-grained view, while the 
bottom represents a smoothed overview of longer 
trends. This however makes it quite problematical to 
understand. In this study, the values on the loga-
rithm scale are rescaled back into the normal scale 
(years). For the even data spacing of 30 days, the y 
axis on log scale between 1 and 7.4381 would be-
come 0.16667 (21x30/365) and 14.367 
(27.4381x30/365) in the unit of years, respectively. 
This is performed by the simple linear interpolation. 
Signal power or squared correlation strength with 
the scaled mother wavelet is shown in colors. The 
colors indicate strength of the signal. The length of 
the record on the x axis is between the years of 1978 
and 2011.  

Around y about 10 years, there is a strong signal 
from the past until 2003 for CT7-1. This is also true 
for CT45 that the 9 year cycle is evident, varying 
slightly in strength. The 9 year cycle band is strong-
est during the period between 1990 and 2005. Even 
though the spectral analysis and wavelet analysis re-
veal the very similar results of the variability on the 
periodic patterns, such the periodicity change in 
time cannot be detected by the pervious global spec-
tral analysis. This non-stationary behavior should be 
taken into account as it shows the influence of cli-
mate change on the climate variability. 

5 CONCLUSION 

A time series of groundwater tables or piezometric 
levels naturally reflect all the signals from natural 
hydrological processes, climate change and variabil-
ity, as well as any human influence on the subsur-
face environment. Therefore, inversion or decompo-
sition analysis of groundwater time series should 
provide the input and the responses information 
about history, current and future states of the sys-
tem. The basic assumption of the time series de-
composition is that a time series has certain aspects 
of the past pattern that remains in the present and fu-
ture, or stationary pattern. The classical decomposi-
tion partitions a signal into three elemental compo-
nents: trend, periodicity and random or irregular 
components. While a trend can result from some 
long-term influences such as groundwater pumping 
and climate change, periodicity in a wave signal 
with certain frequency, phase, and amplitude could 
come from climate variability. Periodicity is a fun-
damental pattern in many time series, e.g. climatic 
time series and seismological data.  

To obtain periodicity, spectral analysis or wave-
let analysis is necessary. When the data is assumed 
to be stationary, the spectral analysis is sufficient. 
On the other hand, wavelet analysis is required 
when the data is non-stationary. Both methods are 
performed on two sets of groundwater data observed 
from the Lower Chao Phraya Basin in the Central 
Plain of Thailand. 
 

 
 

 
 
 
 
 
 

 
 

 
 
 
 
 
 
 

 
 
 
 

 
 
 

 
Figure 3. Wavelet analysis of detrended lines for a) CT7_1 and b) CT45. 
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Spectral analysis is performed on the original 
groundwater data and the detrended lines, which is 
the subtraction of the original data with some cor-
responding trend line. The patterns of the periodo-
grams of the data and the detrended residuals ob-
tained for two sets are primarily comprised of two 
peaks. Long cyclic patterns are found from the 
original groundwater data, while much shorter re-
peating cycles are established from the detrended 
lines. This indicates that detrending a groundwater 
time series removes the longer periodic patterns. 
The strongest peak of the original groundwater 
periodogram shows the period of approximately 30 
years per cycle and that of the detrended data ex-
hibits at the period of approximately 10 years per 
cycle. 

A set of up to eight sinusoidal waves with 
strong amplitude is isolated from the complete per-
iodograms and is reconstructed back to produce a 
simulated signal. The results of the simulated sig-
nals are compared with the original detrended 
lines. The R2 values from the comparison are sig-
nificantly high. This means that the eight cyclic 
waves can be representative of the complete perio-
dicity spectrum and that the original groundwater 
data actually shows the sinusoidal patterns with the 
specific periodicity.  

Finally, the wavelet analysis is performed on 
the detrended groundwater data in order to assess 
the existence of non-stationarity of the groundwa-
ter signals. It is found that the periodicity of 
groundwater is not continuous over time. The 10 
year cycle is more evident as early as 1978 and 
weakened by 2005. The future research is needed 
to link this pattern with some climatic indexes, e.g. 
general cycles of global climate, Indian Ocean Di-
pole (IOD) and the El Niño-Southern Oscillation 
(ENSO). 
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ABSTRACT: This research studied to evaluation of the performance of the vertical axis wind turbine that 
made with waste or plastic bins. The results showed the rate of pumping of vertical axis wind turbine was 
proportional to the size of the wind turbine blades as the equation was Q = 0.1152 (A) – 0.0555 with R2 = 
0.798 at the lowest average wind speed was 2.17 m/s and suction head was 0.20 m. The result also showed the 
increasing of wind speed was proportional to the increasing of the rate of pumping as the equation was Q = 
0.337 (v) – 0.3865 with R2 = 0.89 at the wind turbine blades was 3.58 m2 and suction head was 0.20 m. In 
addition, the study also suggested the relationship of suction head of the piston and the rate of pumping that 
the rate of pumping of a vertical axis wind turbine was inversely proportional to suction head. This study also 
used the wastewater from the fish pond for planting. The result of this study showed that plant could treat 
wastewater from fish pond. The result also showed the increasing of dissolved oxygen in wastewater of 
hydraulics retention times in DO ranged from 33.33% to 66.67%. The results obtained that it was possible to 
recover nutritious substances from fish processing wastewater by planting. This research also study aims to 
evaluate the approach to drip and sprinkler irrigation of crops that were of cultivated plants vertically and 
relationship of water usage of both systems to yield per planted area. The drip irrigation system could provide 
better performance than the sprinkler irrigation system. The drip irrigation was analyzed of economic value 
showed that B/C ratio has greater than 1.0 and less than 1 year of payback period on the assessment of risk 
and depreciation for one year. The results also showed the analysis of IRR was 23.28% in the first year. 

1 INTRODUCTION 

Environmental problems have two aspects; the 
reduction of natural resources and degradation of 
environmental quality from the activities of human. 
Pollutions caused by human action were in air, 
water, and soil. Air pollution and the global climate 
change have caused by combustion, energy-using 
and fuel consumption (IPCC, 2001). Water in the 
rivers was more polluted. Water pollution was due to 
chemical, fertilizer and animal waste that human 
dumped them into canal and rivers. Wastewater was 
important problem since a large quantity of water 
was used for product addition and utensil cleaning. 
Such huge amount of organic pollutants in 
wastewater makes problems with its treatment when 
they are combined with municipal wastewater. The 
discharged volume of wastewater depends on the 
size of activities. The treatment of wastewater with 
less area requirement should be appropriate. 
Wastewater from fish processing can be treated in 
different ways: mechanically, chemically or 
biologically (Usydus and Bykowski, 1999). Thailand 
is interested in developing renewable energy. Wind 
energy is a renewable energy, clean energy and 
haven't impact on the environment. Wind energy can 
be used to produce renewable energy to electrical 

energy. Production of wind energy is cheaper than 
the cost of electricity from solar energy. Wind 
turbine technology is one of the factors in clean 
energy that are important and should be studied. The 
productive processes should release the least 
greenhouse gases to avoid such problems and save 
the earth (Thanee, et al., 2009). 

Technical crops of hydroponic can be available 
for almost any type of plant such as vegetables, 
fruits, flowers, garden tree, herbs, ivy, and perennial. 
The growing popularity with this method was in 
vegetable and fruit that crops were harvested during 
the short-lived. The disadvantages of hydroponics 
were that this system has a higher initial costs than 
planting in soil, and in the case of planting with 
recirculation systems, the disease will spread to the 
other plants root easily and difficult to control. 
While hydroponic has several advantages as follows; 
this method could plant up anywhere. It controls 
various environments easily as nutrients, pH, 
temperature, oxygen, etc. Crop yield and quality was 
stable and consistent than growing in soil. Water and 
fertilizer were used decreased by about 10 times and 
40% of the cropping in the ground, respectively. 
Plants grow faster and yield more than planted on a 
soil and hydroponic methods could provide 
proportion and sufficient nutrient content to balance 
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the needs of the plant. It saved time, because it could 
reduce harvest age shorter than planting in the 
ground, costs savings of labor in planting and 
maintenance, saved transportation costs due to select 
crop production areas closer to the market. It could 
control the disease and pest problems were easier 
because the main problem of pest was mainly caused 
from the soils. Growing area was used most 
effectively. That was the same plant in the same area 
throughout the year and had continued to grow. This 
method could have crops density than plants grown 
in soil because it did not have to compete for food 
and water. Products were clean and safe for both the 
consumer and the environment because they had 
been contaminated by microbes in the soil less. 

Determining a plant watering system to suit the 
needs of users was difficult because there were 
several factors that must be considered together. 
Watering system that prevalence is currently such as 
drip, micro sprinkler, and spray. Results from each 
model were appropriate to varies depending on the 
type of the crop, cultivation, environment, 
investment, and the amount of water plants need. A 
drip irrigation system is watered the plants at the 
root zone of plants. It would drip water slowly into 
the soil in a low rate. A drip irrigation system 
provided fertilizer to the water through a network 
of valves, pipes, tubing, and emitters. It was done 
through narrow tubes that deliver water directly to 
the base of the plant. A drip irrigation system uses 
less space. It would enable farmers to grow crops on 
household consumption throughout the year. Spray 
irrigation had some of the advantages and some of 
the disadvantages of each type of irrigation.  Like 
drip irrigation, Spray irrigation was considered a 
type of low-pressure irrigation and it was also 
generally considered low volume. Spray irrigation 
was delivered through tube system to a series of 
nozzles attached to risers. 

The studies the relationship between the size of 
the wind turbine, the wind velocity, and the rate of 
pumping water. To be able to use wind power as a 
renewable energy that is appropriate for wind speeds 
in the area for the management of water resources in 
agricultural areas. The hydroponic is another 
alternative that can resolve these problems and a 
new technology to revolutionize the cultivation 
system. Because it will help increase productivity, 
reduce the use of chemical fertilizers, and can 
cropping up anywhere. The focus of this study was 
evaluating the performance of wastewater treatment 
from fish pond with hydroponic. And also evaluate 
ways to reduce household expenditure by anaerobic 
wastewater treatment from the fish pond to fill it 
back into the pond for reducing the cost of water. 
And wastewater would be used instead of chemical 
fertilizer for growing vegetables. Therefore, this 
study adopted an experimental method of growing 
plants in hydroponics for the pretreatment of 

wastewater. This research also evaluated the 
approach to drip and sprinkler irrigation of crops 
that were of cultivated plants vertically and 
relationship of water usage of both systems to yield 
per planted area. This study collected the opinions of 
people in the community and was developed to 
practice in the area. Planting of this study did not use 
chemical fertilizers, but used water from the fish 
pond that were fed with chicken feces to reduce 
costs and clean energy from the wind turbine that 
was also used to pump water without the oil or 
electric to support the reduce global warming. 

2 MATERIALS AND METHODS 

This research studied to evaluation of the 
performance of the vertical axis wind turbine that 
made with waste or plastic bins. The study was the 
relationship of the size of the wind turbine blades 
(A) to the rate of pumping (Q) from shallow wells or 
water tank and the relationship of wind speed (v) to 
the rate of pumping (Q) from shallow wells or water 
tank. Type of wind turbine used in this study was a 
type of vertical axis wind turbines and installed as 
shown in Figures 1. The vertical axis wind turbines 
are made from plastic bins that have been discarded. 
Plastic bins will be split in half and were used into 
the blades of wind turbines. The water piston made 
of PVC pipe at various suction head. The axis of 
wind turbines and the water piston were connected 
to the gear pump used for water pumping. The study 
was the relationship of the size of the wind turbine 
blades (A) to the rate of pumping (Q) from shallow 
wells or water tank. The research was conducted by 
changing the size of the wind turbine blade. The size 
of the wind turbine blades increasing were A1 = 
0.895 m2, A2 = 1.790 m2, A3 = 2.685 m2, and A4 = 
3.580 m2, respectively. The study was the 
relationship of wind speed (v) to the rate of pumping 
(Q) from shallow wells or water tank. The wind 
speed was measured using Anemometer. In addition, 
the study also was the relationship of suction head of 
the piston (h) and the rate of pumping (Q) that 
suction head decreasing were h4 = 0.85 m., h3 = 
0.60 m., h2 = 0.45 m., h1 = 0.20 m., respectively. 
 This research was conducted at community that 
was a semi-urban, semi-agricultural. Location of 
study area was located on an area of approximately 
400 m2 that was adjacent canal in Soi 30 kunya, 
bankoh subdistrict, muang district, Nakhon 
Ratchasima province. Sandy clay soil was used for 
cultivation. 
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Figure 1. The vertical axis wind turbine. 
 

Weather in each day, it was a factor that makes 
plant grows. This research was studied in areas with 
the relative humidity 68.78±4.90(%), air pressure 
1012.79±1.63(NPA), maximum temperatures 
34.82±3.44(°C), minimum temperatures 
24.06±2.53(°C), time with the sun 4.71±0.02(hour), 
accumulation rain 2.85±0.77(mm.) and wind 
24.71±6.97(km./hour). Model development was a 
condo cropping and livestock farming in vertical 
integration to reduce the horizontal land by 
application of engineering systems. This model of 
development was application engineering system 
that applied to crops and livestock in vertical 
integration. The type of crop and animal farming 
must be completed by the fully of five food groups 
as shown in Figure 2. And created the fields were 4 
floors in condo form to save space. On each floor 
could cultivation up to 10 square meters, it was 
divided into two parts which used different types of 
plant watering were drip irrigation system and 
sprinkler irrigation system. The model was 
implemented with animal farming of vertical 
integration to build chicken coops on Tilapia and 
Catfish ponds to be used like chicken manure and 
vegetable waste was food of Tilapia fishes and 
Catfishes as shown in Figure 3. Fish types were 
durable and could coexist in a natural separation. 
The plants were grown as Kale, Rice, Chinese 
cabbages, Lettuce, Morning glory, Soybeans, Green 
beans, Peanuts. This model was also management 
control of environmental problems to a minimum. 
The engineering systems were using wind power, 
which was free of charge, renewable electricity and 
oil. The vertical wind turbine was water pumping 
that was done from plastic bin. As well as anaerobic 
wastewater treatment from the fish pond to fill it 
back into the pond for reducing the cost of water. 
And wastewater would be used instead of chemical 
fertilizer for growing vegetables. Biogas was a by-
product of wastewater treatment processes were 
used to light the lamp to lure insects into traps for 
feeding to fishes and chickens as shown in Figure 4. 
The numbers of agricultural areas and animals in 

project were calculated by determining for each 
meal to the family at 3-5 people, the yield per unit 
and cycle of crop and livestock farming (Cavana, et 
al, 2001, Yamane, 1973; Department of Livestock 
Development, 2005, and Center for Agricultural 
Information, 2004). The sampling numbers were 15 
hens, 65 broilers, 1250 tilapia fishes, 1250 catfishes, 
192 m2 rice areas, and 41 m2 vegetable areas. This 
study was cultivating plants in each of floor as the 
following: the first floor was cultivated the three 
types of beans that were green beans, soybeans and 
peanuts, the second floor was cultivated the lettuce, 
the third floor was cultivated the chinese cabbage 
and the last floor was cultivated the kale. The size of 
the engineering systems to support for the crop and 
animal farming as 1880 liters of the wastewater 
treatment plant at 1 hydraulics retention times (HRT) 
(Prayong, 2012). The vertical wind turbine and 
machinery pumped water for Drip irrigation systems 
and Sprinkler irrigation systems. Sprinkler irrigation 
system has been watering using the amount of water 
as the program. The drip irrigation system reduced 
the water consumption to 50%. Evaluate the 
effectiveness of watering system, measured plant 
height, stem size of plants and weight of plants 
harvested as shown in Figure 5. It has data collection 
to total costs includes fixed costs and variable costs. 
It also collected data to revenue from the sale of 
agricultural products people in the community and 
the market that was near the project.  The results of 
economic analysis were assessed the possibility for 
an extension to the communities with a payback 
period, IRR and B/C ratio. 
 
 
 
 
 
 
 
 
 
 

 
 
Figure 2. The condo cropping must be completed by the fully 
of the five food groups. 
 
 
 

 
 
 
 
 
 

Figure 3. The Condo livestock farming in vertical integration 
were floor 4 as layer, floor 3 as boiler, floor 2 as tilapia fishes, 
and floor 1 as catfishes. 

 

Drip Irrigation System Sprinkler Irrigation System 

FL.4: Cultivation area 10 m2 FL.4: Cultivation area 10 m2 
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FL.2: Cultivation area 10 m2 FL.2: Cultivation area 10 m2 

FL.1: Cultivation area 10 m2 FL.1: Cultivation area 10 m2 

             FL 1: Catfishes 

FL 4: Layer Cage 

                    FL 2: Tilapia fishes 

FL 3: Boiler Cage 
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Figure 4. The engineering systems were the drip irrigation 
systems and water spray, the vertical wind turbine was 
pumping water, and wastewater treatment processes. 

 
 
 
 
 
 
 
 

 
 
 
 

 
Figure 5. The positions were used to size measurement 
(Prayong, et al., 2012). 
 

This study also used the wastewater from the fish 
pond for hydroponics. The lettuce was planted in 
hydroponic reactor. It combined the benefits in 
terms of crop production and wastewater treatment. 
The assumption of this research expected that plants 
could use the nutrients contained in the wastewater. 
In addition, it could save the costs of the fertilizer 
that used to grow the plants, and also made it 
possible to treat wastewater as well. Return to the 
wastewater treatment plant has been in the 
productivity of the plant. The wastewater was 
treated using the aerobic technology with hydropo-
nic reactor on hydraulic retention times (HRTs) 1, 3, 
5, and 7 days to provide an overview of this study. 
Water from the fish pond was pumped into the 
hydroponic reactor for treatment as shown in Figure 
6 and circulating through the treated water into the 
fish pond. They were saving water and crops to 
utilize nutrients contained in wastewater. The system 
went into steady state. The percentage average of 
COD removal on 10 days had standard deviation 
less than 10%. The collected wastewater samples at 
inlet and outlet of hydroponic reactor. The 
parameters were analyzed with the standard method. 
The parameters were temperature, pH, DO, TKN, 
TP, TK, TS, SS, VSS, TDS, and COD. They were 

used to evaluate the performance of the wastewater 
treatment plant with a hydroponic.  

 
 
 
 
 
 
 
 
 

 
 

Figure 6. The wastewater treatment plant with a hydroponic. 

2.1  Statistical data analysis 

The data were analyzed with descriptive statistics 
and statistical analysis that described 
the characteristics of the wastewater, performance of 
hydroponic reactor in mean, standard deviation, and 
percentages of efficiency. Performance testing of the 
reactor and the difference of before and 
after treatment of the temperature, pH, DO, TKN, 
TP, TK, TS, SS, VSS, TDS, COD were tested at 
95% confidence level as follow: 
 
% Removal efficiency = ( )

100×
−
in

outin                    (1) 

3 RESULTS AND DISCUSSION 

This research studied to evaluation of the 
performance of the vertical axis wind turbine that 
made with waste or plastic bins. The study was the 
relationship of the size of the wind turbine blades 
(A) to the rate of pumping (Q) from shallow wells or 
water tank and the relationship of wind speed (v) to 
the rate of pumping (Q) from shallow wells or water 
tank. In addition, the study also suggested the 
relationship of suction head of the piston (h) and the 
rate of pumping (Q) that  the range of piston pumps 
decreasing were h4 = 0.85 m., h3 = 0.60 m., h2 = 
0.45 m., h1 = 0.20 m., respectively. The results 
showed the relationship of A (m2) and Q (m3/s) that 
the size of the wind turbine blades increasing were 
A1 = 0.895 m2, A2 = 1.790 m2, A3 = 2.685 m2, and 
A4 = 3.580 m2, respectively, vertical wind turbine 
could more pumping as shown in Figures 7-9. The 
rate of pumping of vertical axis wind turbine was 
proportional to the size of the wind turbine blades as 
the equation were Q = 0.1458 (A) + 0.073 with R2 = 
0.9312, Q = 0.1228 (A) - 0.0795 with R2 = 0.9636, 
Q = 0.1505 (A) - 0.193 with R2 = 0.8889, and Q = 
0.0768 (A) - 0.1 with R2 = 0.8748 at the average 
wind speed was 2.893 m/s and suction head were 
0.20 m, 0.45 m, 0.60 m, and 0.85 m, respectively as 
shown in Figure 7. The rate of pumping of a vertical 
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axis wind turbine was inversely proportional to 
suction head. 

Q = 0.1458(A) + 0.073
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Q = 0.1228(A) - 0.0795
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Figure 7. The relationship of the size of the wind turbine blades 
(A) to the rate of pumping (Q) from shallow wells or water 
tank in various suction head at the wind speed was 2.893 m/s. 

 
The rate of pumping of vertical axis wind turbine 

is proportional to the size of the wind turbine blades 
as the equation were Q = 0.1625 (A) - 0.045 with R2 
= 0.9843, Q = 0.1021 (A) - 0.1015 with R2 = 0.9604, 
Q = 0.1219 (A) - 0.157 with R2 = 0.8856, and Q = 
0.0482 (A) - 0.0645 with R2 = 0.8372 at the average 
wind speed was 2.573 m/s and suction head were 
0.20 m, 0.45 m, 0.60 m, and 0.85 m, respectively as 
shown in Figure 8. The rate of pumping of a vertical 
axis wind turbine was inversely proportional to 
suction head. 
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Figure 8. The relationship of the size of the wind turbine blades 
(A) to the rate of pumping (Q) from shallow wells or water 
tank in various suction head at the wind speed was 2.573 m/s. 

 
The rate of pumping of vertical axis wind turbine 

is proportional to the size of the wind turbine blades 
as the equation were Q = 0.1152 (A) - 0.0555 with 
R2 = 0.7983, Q = 0.0621 (A) - 0.06 with R2 = 
0.9957, Q = 0.0878 (A) - 0.114 with R2 = 0.8785, 
and Q = 0.0306 (A) - 0.0395 with R2 = 0.8841 at the 
average wind speed was 2.170 m/s and suction head 
were 0.20 m, 0.45 m, 0.60 m, and 0.85 m, 
respectively as shown in Figure 9. The rate of 
pumping of a vertical axis wind turbine was 
inversely proportional to suction head. 
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Figure 9. The relationship of the size of the wind turbine blades 
(A) to the rate of pumping (Q) from shallow wells or water 
tank in various suction head at the wind speed was 2.170 m/s. 

 
The result also showed the relationship of v (m/s) 

and Q (m3/s) that the increasing of wind speed was 
proportional to the increasing of the rate of pumping 
as the equation were Q = 0.337 (v) – 0.3865 with R2 
= 0.89, Q = 0.2028 (v) – 0.1025 with R2 = 0.99, Q = 
0.3095 (v) – 0.5867 with R2 = 0.998, and Q = 0.1851 
(v) – 0.3451 with R2 = 0.94 at the size of wind 
turbine blades were 3.58 m2, 2.685 m2, 1.79 m2, and 
0.895 m2, respectively at minimum of suction head 
was 0.20 m as shown in Figure 10. 
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Figure 10. The relationship of wind speed (v) to the rate of 
pumping (Q) from shallow wells or water tank in various size 
of the wind turbine blades at the minimum of suction head was 
0.20 m. 
 

The study were the relationship of the rate of 
pumping (Q), wind speed (v), the size of the wind 
turbine blades (A), and suction head of the piston 
(h). The results showed the rate of pumping of 
vertical axis wind turbine was proportional to the 
size of the wind turbine blades, and wind speed. The 
result also showed the rate of pumping of a vertical 
axis wind turbine was inversely proportional to 
suction head as shown in Figures 10 and 11. The 
result showed the relationship of v (m/s) and Q 
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(m3/s) that the increasing of wind speed is 
proportional to the increasing of the rate of pumping 
as the equation were Q = 0.337 (v) – 0.3865 with R2 
= 0.8905, Q = 0.304 (v) – 0.4945 with R2 = 0.9998, 
Q = 0.2183 (v) – 0.2464 with R2 = 0.9998, and Q = 
0.1655 (v) – 0.2853 with R2 = 0.9727 with suction 
head were 0.20 m, 0.45 m, 0.60 m, and 0.85 m, 
respectively at the maximum size of wind turbine 
blades was 3.58 m2 as shown in Figure 11. 
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Figure 11. The relationship of wind speed (v) to the rate of 
pumping (Q) from shallow wells or water tank in various 
suction head at the maximum size of the wind turbine blades 
was 3.58 m2.  
 

The relationship of h (m) and Q (m3/s) that the 
size of the wind turbine blades increasing were A1 = 
0.895 m2, A2 = 1.790 m2, A3 = 2.685 m2, and A4 = 
3.580 m2, respectively. The rate of pumping of 
vertical axis wind turbine was inversely proportional 
to the suction head but was proportional to the 
increasing of the size of the wind turbine blades as 
the equation were Q = -0.5273 (h) + 0.6601 with R2 
= 0.949, Q = -0.6552 (h) + 0.5987 with R2 = 0.8685, 
Q = -0.4917 (h) + 0.3686 with R2 = 0.8545, and Q = 
-0.3088 (h) + 0.2236 with R2 = 0.7771 at the average 
wind speed was 2.893 m/s and suction head were 
0.20 m, 0.45 m, 0.60 m, and 0.85 m, respectively as 
shown in Figure 12. 
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Figure 12. The relationship of suction head (h) to the rate of 
pumping (Q) in various sizes of the wind turbine blades at the 
wind speed was 2.893 m/s. 

This model of development was application 
engineering system that applied to crops and 
livestock in vertical integration. Compared with 
traditional horizontal monoculture farming, this 
program could horizontal land saving, the water pipe 
saving, electricity saving, water saving, animal feed 
saving, fertilizer saving, and saving to the expenses 
of the family were 160, 700.00 baht/year. The results 
of this study showed the economic indicators that 
show the success of this project were profit as 69, 
439.00 Baht/year, IRR as 50.64%, B/C ratio as 1.51, 
and payback period as 0.66 year from the crop and 
livestock farming vertically. 

This research also studied the wastewater 
treatment process with hydroponic reactor. The fish 
pond wastewater was treated using the aerobic 
hydroponic technology on hydraulic retention times 
(HRTs) 1, 3, 5, and 7 days to provide an overview of 
this study. The main components of the fish pond 
wastewater are proteins and fats, substances of 
nutritious value, and the load of these pollutants may 
be extremely high depending on the production type. 
Characteristics of wastewater from fish pond 
included temperature, pH, TKN, TP, TS, SS, VSS, 
TDS, COD, DO of wastewater inputs to the 
hydroponic system and wastewater out of the 
hydroponic system. They were analyzed with 
standard methods. There was a significant total 
dissolved solid removal efficiency of TS on HRTs (p 
< 0.05) as shown in Figure 13. Suspended solids 
could cause turbidity in water, affect the growth and 
propagation of aquatic species. 
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Figure 13. The total dissolved solid removal efficiency on 
HRTs of hydroponic reactor. 

 
The pH values of effluent were in the ranges of 

7.33-8.0 with the temperature of 27ºC-29ºC. These 
ranges of pH and temperature value have litter 
effects or did not have effect to the performance of 
hydroponic. Although the range of pH 5.5-6.5 useful 
plants that absorb all the nutrients. On the other 
hand, they provided the optimum condition for 
hydroponic was used to treat wastewater from fish 
pond. 

The total COD removals of 1, 3, 5, and 7 days of 
hydraulics retention times were in the ranges of 52% 
to 79% as shown in Figure 14. In this study, it could 
be observed that total COD removal was clearly 
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dropped at 1.0 day HRT due to the increase of up-
flow velocity and organic loading rates. The up-flow 
velocity was the main limiting factor for design of 
hydroponic reactor for treated fish pond wastewater. 
Gloger et al. (1995) compared the COD removal rate 
of hydroponic tanks that had lettuce plants with 
aerated tanks that had no plants in treating fish 
wastewater. They reported 54% higher COD 
removal rate for lettuce tanks compared with tanks 
with no plants. The COD removal rate of hydroponic 
reactor depended on the type and quantity of plants 
used. 
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Figure 14. The total COD removal efficiency on HRTs of 
hydroponic reactor. 

 
The major contents of nitrogen constituents in 

fish pond wastewater were organic-nitrogen with 
80.5±3.2% and the remaining was nitrate-nitrogen. 
The ammonia-nitrogen in the influent was found for 
all HRTs; and it could be monitored at the effluent 
with the percentage was 36±6.1%. The results 
showed that plants could absorb ammonia from the 
fish pond wastewater to some degree. Almost of 
organic-nitrogen in fish pond wastewater were 
converted to ammonia-nitrogen due to bacterial 
composition and hydrolysis. The TKN removals on 
1, 3, 5, and 7 days of hydraulics retention times were 
in the ranges of 12.23% to 50.56% as shown in 
Figure 15. The TKN removal efficiency of 7 day of 
HRT was highest and decreased at 5 day, 3 day and 
1 day of hydraulics retention times, respectively. 
Gloger et al. (1995) attributed the reduction in 
ammonium ions (NH+4) to both direct plant uptake 
and nitrification. 

 
 
 
 
 
 
 
 
 
 
 
Figure 15. The TKN removal efficiency on HRTs of 
hydroponic reactor. 

 
 

 
 

 
 
 
 
 
 
 

 
 
 
Figure 16. The total phosphorus removal efficiency on HRTs 
of hydroponic reactor. 

 
The total phosphorus removals of 1, 3, 5, and 7 

days of hydraulics retention times were in the ranges 
of 8.33% to 33.33% as shown in Figure 16. 

The potassium concentration in each 
compartment decreased with time during the growth 
period and was dependent on the quantity and type 
of plants. About 0- 44.44% of the potassium in the 
fish pond wastewater was removed from the system 
as showed in Figure 17. Mant et al. (2003) achieved 
24.9% potassium removal using S. viminalis grown 
in gravel hydroponic system to treat primary settled 
sewage wastewater. The removal efficiency of 
potassium observed in this study could be attributed 
to plant uptake, as well as to the precipitation of 
potassium in the form of K2S. The wastewater was 
rich in potassium and the application rate was based 
on phosphorous requirement by plant, which 
resulted in potassium over fertilization for all plants. 
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Figure 17. The total potassium removal efficiency on HRTs of 
hydroponic reactor. 
 

Cropping need fertilizer to grow crops more 
efficiently and completely. This study did not used 
chemical fertilizers, in order to reduce the costs of 
cultivation and the good health of farmers and 
consumers. This study used fertilizer from 
wastewater of fish pond that fishes were fed with 
manure's chicken. Wastewater from fish farming 
with chicken manure were important variables 
related to the fertilizer application of plants, 
including N, P, and K as showed in Figures 15-17. 
The results of this study showed that plants in the 
hydroponic reactor could extract the nutrients in the 
wastewater to take advantage. They were shown 
with the percentage of TKN, TP, and TK removal. 
The results of this study also showed that the 
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potassium was most eliminated, more than nitrogen 
and phosphorus, respectively. The removal of 
nutrients could be observed from the slope of the 
graph. 

The result of this study also showed that plants in 
the hydroponic reactor could treat wastewater of fish 
pond. The dissolved oxygen (DO) in wastewater 
increased with the increasing of HRTs as showed in 
Figure 18. 
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Figure 18. The percentage of dissolved oxygen increasing on 
HRTs of hydroponic reactor. 
 

The results of this study showed that hydroponic 
could treat wastewater from fish pond. Hydroponic 
production systems have potential for the treatment 
and reuse of wastewater in intensive aquaculture 
systems. Combining aquaculture with the 
hydroculture technique may serve the double 
purpose of reducing the pollution caused by fish 
farming and the demand for commercial fertilizers, 
thereby helping to preserve surface and ground 
water quality (Pettersen, 1987). 

The planting in vertically could save space in the 
horizontal crop. Drip and sprinkler irrigation system 
were not significantly different to the growth of all 
plants studied both the size and height of the stem of 
the plant. Comparison of yields of planting per unit 
of area with the amount of water used watering that 
was main factor. The productivity of normal 
irrigation was analyzed from agriculture of Nakhon 
Ratchasima province, Thailand. The results of study 
showed the relation of planting in productivity per 
area per water using unit as shown in Figure 19. 
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Figure 19. Yields (kg) of planting per unit of area (m2) and 
water using (liter) in the vertical space. 
 

The result also showed yields and the water using 
for planting in the vertical space with sprinkler and 
drip irrigation were in Table 1 and Table 2. 
Productivity of planting both sprinkler and drip 
irrigation were less than planting normal irrigation. 
Because of the planting with normal irrigation used 
of chemical fertilizers and was usually planted in the 
plains. But this cropping was planted in the condo 
where the plants receive sunlight was not perfect. 
The condo received the sunlight in just a short time 
during the morning and afternoon when the sun 
shines diagonally into condos only. While vertical 
cropping of this study did not use chemical 
fertilizers, but used wastewater of fish pond instead 
fertilizers that fish was fed with chicken manure. It 
made plants were not completely received nutrients 
equivalent the cropping used fertilizer directly. The 
advantage was that it had not chemical residues in 
crops and vegetables were grown. This study could 
be used as an alternative cropping for urban 
communities and it also reduces the cost of 
cropping. Table 2 showed the water using for 
planting per unit of area per productivity. Which it 
can utilized in the preparation of water or water 
management to meet the desired yield of planting. 
 
Table 1. Yields (kg) of planting per unit of area (m2) in the 
vertical space. 

Vegetables 
Productivity per area 







2m
kg  

Sprinkler irrigation Drip irrigation 
Green beans 0.10 0.11 

Soybean 0.12 0.13 
Peanut 0.17 0.20 
Kale 0.60 0.70 

Chinese 
Cabbage 

0.65 0.70 

Lettuce 0.45 0.65 
 
Comparison of the advantages and disadvantages 

between the drip irrigation system and the sprinkler 
irrigation system found that the drip irrigation 
system has major advantages that were watering 
high efficiency, use less water pressure, high yield, 
saving water, labor and time in the watering. It 
provides higher crop yields when compared to the 
sprinkler irrigation system to the same of planting 
areas and quantity of water. Plants received 
regularly water on specific at roots. By the drops of 
water related of crop root radius. Applications need 
to be maintained as a matter of clogging. The drip 
irrigation system is available with a variety of plants 
and soil to all areas in Thailand. The result showed 
the water using in drip irrigation system has the 
highest yield per volume as equal water. So the drip 
irrigation was analyzed of economic value.  
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Table 2. The water using for planting in the vertical space with 
sprinkler and drip irrigation. 

Vegetables 

The water using per productivity per area 









⋅ 2. mkg
liter  

Sprinkler 
irrigation 

Drip irrigation 
Standard 

irrigation* 
Green 
beans 

2360.00 1075.91 1786.41 

Soybean 3611.67 1669.23 2667.07 
Peanut 3264.68 1387.24 2336.40 
Kale 255.00 137.14 204.80 

Chinese 
Cabbage 

235.38 137.14 204.80 

Lettuce 341.33 160.00 245.76 
Note: * The productivity of normal irrigation was analyzed 
from agriculture of Nakhon Ratchasima province, Thailand. 
 
The data collection relating to revenues and 
expenses in order to calculated the payback period, 
B/C ratio, and IRR as shown in Table 3. The results 
of this study showed B/C ratio values has greater 
than 1.0 and less than 1 year of payback period on 
the assessment of risk and depreciation for one year. 
The results also showed the analysis of IRR was 
23.28% in the first year. If interest rate on bank 
loans was 18.00%, the margins between the IRR on 
first year with the interest rates on bank loan was 
5.28%. Therefore, this project was a worthwhile 
investment. 
 
Table 3. Analysis of Payback Period and profitability index. 
Fixed 
costs 
(Baht) 

Variable 
costs 

(Baht/kg) 

Total 
costs 
(Baht) 

Revenue 
(Baht/year) 

B/C 
ratio 

Payback 
Period 
(year) 

1,000 1,500 2,500 7,710 3.08 0.32 
Note: Depreciated in one year 

4  CONCLUSIONS 

This research studied to evaluation of the 
performance of the vertical axis wind turbine that 
made with waste or plastic bins. The study were the 
relationship of the rate of pumping (Q), wind speed 
(v), the size of the wind turbine blades (A), and 
suction head (h). This research also studied to 
evaluation of the performance of the water 
management by the vertical axis wind turbine. The 
results showed the relationship of A (m2) and Q 
(m3/s) that the size of the wind turbine blades 
increasing were A1 = 0.895 m2, A2 = 1.790 m2, A3 
= 2.685 m2, and A4 = 3.580 m2, vertical wind 
turbine could more pumping were 0.201 m³/s, 0.305 
m³/s, 0.486 m³/s, 0.530 m³/s, and 0.561 m³/s, 
respectively. That was, the rate of pumping of 
vertical axis wind turbine was proportional to the 
size of the wind turbine blades as the equation was 
Q = 0.1152 (A) – 0.0555 with R2 = 0.798 at the 
lowest average wind speed was 2.17 m/s and suction 

lift was 0.20 m. The result also showed the 
relationship of v were 2.170 m/s, 2.573 m/, 2.893 
m/s and Q were 0.323 m³/s, 0.530 m³/s, 0.561 m3/s, 
respectively that the increasing of wind speed was 
proportional to the increasing of the rate of pumping 
as the equation was Q = 0.337 (v) – 0.3865 with R2 
= 0.89 at the wind turbine blades was 3.58 m2 and 
suction head was 0.20 m. In addition, the study also 
suggested the relationship of suction head of the 
piston (h) and the rate of pumping (Q) that  the range 
of piston pumps decreasing were h4 = 0.85 m., h3 = 
0.60 m., h2 = 0.45 m., h1 = 0.20 m., respectively, 
the vertical wind turbine could more pumping. That 
was, the rate of pumping of a vertical axis wind 
turbine was inversely proportional to suction head. 
Wind energy can be used to pump water for 
agriculture by using the vertical axis wind turbine. 
However, when the demand for water in large 
quantities. Wind turbine pump is not enough to meet 
the demand because it depends on the wind speed. 
This problem could solve by increasing the number 
of wind turbines to meet the demand for water. 
Compared with traditional horizontal monoculture 
farming, this program could save horizontal land, the 
water pipe, electricity, water, animals feed, fertilizer, 
and the expenses of the family was 160,700.00 
baht/year. Also results obtained from this model 
were 50.64% of IRR, 1.51 of B/C ratio, 0.66 year of 
payback period. The model could reduce water 
pollution by the water treatment plant and soil 
pollution by fish farming with chicken manure. The 
model also could reduced air pollution, global 
warming and garbage as plastic bin and fagot by 
took it to do the vertical wind turbine and machinery 
for pumping water and took the biogas from the 
wastewater treatment system was exploited. 

The total reductions on 1, 3, 5, and 7 days of 
hydraulics retention times of TDS, COD, TKN, TP 
and TK ranged from 20.4% to 70.0%, 52.0% to 
79.0%, 12.23% to 50.56%, 8.33% to 33.33%, and 
0% to 44.44%, respectively. The result of this study 
showed that hydroponic could treat wastewater from 
fish pond. The results also showed the increasing of 
dissolved oxygen in wastewater on 1, 3, 5, and 7 
days of hydraulics retention times of DO ranged 
from 33.33% to 66.67%. Hydroponic production 
systems have potential for the treatment and reuse of 
wastewater in intensive aquaculture systems.  

The drip irrigation system has major advantages 
that were watering high efficiency, use less water 
pressure, high yield, saving water. It provides higher 
crop yields when compared to the sprinkler 
irrigation system to the same of planting areas and 
quantity of water. The drip irrigation system could 
provide better performance than the sprinkler 
irrigation system. The drip irrigation was analyzed 
of economic value showed that B/C ratio has greater 
than 1.0 and less than 1 year of payback period on 
the assessment of risk and depreciation for one year. 
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The results also showed the analysis of IRR was 
23.28% in the first year. This project was a 
worthwhile investment. 
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Geosynthetics for Water and Wastewater  

M. Sadlier 
Geosynthetic Consultants Australia, Melbourne 
 
 
ABSTRACT: We live in a developing world that is thirsty for water but is lacking resources for infrastructure 
development in general, and especially for water treatment and re-use.  The world is also concerned about 
greenhouse gas emissions and the potential impact on our future.  The use of geosynthetics, especially 
geomembrane liners, provides a capacity for rapid development of water and wastewater treatment and 
storage facilities.  They also provide an excellent opportunity to capture greenhouse gasses and make use of 
them for their energy content.  This paper provides an overview of how these materials can be utilised for 
these purposes. 
 
 
 
 
1 INTRODUCTION. 

Geosynthetics, especially geomembrane liners and 
geosynthetic clay (GCL) liners, provide a capacity 
for rapid and cost effective development of water 
and wastewater treatment and storage facilities.   

This paper will discuss geosynthetic systems for 
water supply storages for treated drinking water. It 
will also discuss wastewater treatment facilities 
and process systems using these geosynthetic 
materials including the capacity to harvest 
greenhouse gasses and take advantage of their 
energy content. 

2 WASTEWATER STORAGE AND 
TREATMENT 

Geosynthetics are used in various applications for 
waste water facilities.  The most common use is in 
lagoons operating with anaerobic and aerobic 
lagoon processes. Other applications include 
enhanced evaporation of wastewater and sludge 
dewatering by permeable geotextile geotubes. 
 

2.1  Anaerobic lagoons with covers 

When wastewater with a reasonably high organic 
load is kept in a lagoon for several days an active 
anaerobic sludge accumulates at the bottom of the 
lagoon.  In an uncovered lagoon the anaerobic 
digestion activity takes place at the base of the 
lagoon and the activity near the surface tends to be 
more aerobic.  Lagoons left uncovered in this way 
are said to be facultative. 

 
We can cover these lagoons with a geomem-

brane floating cover to: 
(a) enhance the anaerobic digestion activity by 

the exclusion of air (oxygen) 
(b) enable the harvesting of gas (especially 

methane) which can be used as a fuel  
(c) reduce the effect of odour from the 

anaerobic activity 
This anaerobic process is a very effective way 

of treating wastewater, especially wastewater with 
a strong organic content such as animal waste from 
piggeries or abattoirs or mixed municipal wastes. 

 

Figure 1  Anaerobic lagoon with floating cover. 
 
Generally these lagoons will take wastewater 

with BOD of 400 to 5000 g/cum and the output 
effluent will have the BOD reduced by 90 to 95%.  
Detention time is normally 4 –7 days.   

The progress also produces significant 
quantities of methane and other gasses which 
require careful and safe handling but can be very 
successfully harvested for fuel. 

The anaerobic process is largely self propelled 
and the only mechanical input is that required to 
feed wastewater to the lagoon and force its ultimate 
exit by gravity flow at an overflow outlet.

 

International Conference on Advances in Suranaree University of Technology 
Civil Engineering for Sustainable Development 27-29 August 2014 
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Figure 2. An Anaerobic wastewater processing facility in 
Vietnam with floating cover and gas collection.  

 
There may be a need for systems to deal with 

excessive accumulations of sludge at the base of 
the lagoon and scum at the surface under the cover 
but this will depend on the nature of the 
wastewater and the dynamics of the system.   

The sludge is essential for the anaerobic process 
and in some situations the volumes of sludge have 
limited the effective operational life of the facility 
to less than 10 years.  In order to overcome the 
sludge accumulations we have seen covers 
configured with various openings in order to 
provide access for sludge management equipment.  
However we prefer the concept of an array of pipes 
in the floor of the lagoon that can be used to agitate 
the sludge or suck some of it out as required. 

 

Figure 3. An Anaerobic lagoon with an array of sludge 
handling pipes being installed. 

   

2.2  Aerobic (Aerated) lagoons  

Aerated systems use either surface aerators or 
diffuser systems to introduce air into the 
wastewater and this results in consumption of the 
organic content of the wastewater which is mostly 
released as carbon dioxide. 

 

Figure 4. Aerobic lagoon. 
 

Typically these systems take wastewater with 
BOD in the order of 500 to 1500 g/cum and the 
output effluent will have the BOD reduced by 
around 90%.  Detention time is normally 4 –7 
days. 

These aerobic systems require considerable 
mechanical input and energy to operate the 
aeration system and further work may be need to 
remove excess sludge from the base from time to 
time. 

 

Figure 5. HDPE lined lagoon with floating surface aerators. 
 

2.3  Combined anaerobic and aerobic lagoons 

Many wastewater plants make use of anaerobic and 
aerobic systems as a combined or two part process.  
This can be readily achieved in one lagoon using a 
specially designed geomembrane floating cover. 

 

Figure 6. Combined anaerobic and aerobic system. 

 

Figure 7. A combined anaerobic and aerobic system as part of 
a much larger lagoon system. 
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These combined systems have a capacity to take 
wastewater with BOD of 5000 g/cum and to 
achieve an output effluent less than 100 g/cum.  
Total detention times would be in the order of 5-10 
days although some systems use final ‘polishing’ 
lagoons or grass filtration and irrigation. 

The combined systems also have the capability 
for the gas to be used on-site to provide power 
which can be used for the aeration energy input. 

2.4  Greenhouse Gas 

Under the umbrella of the Kyoto Protocol and the 
United Nations UNFCC a number of frameworks 
have developed that allow funding of greenhouse 
friendly projects under what are known as Clean 
Development Mechanisms (CDM). These arrange-
ments allow small scale projects for harvesting and 
use of greenhouse gasses to be implemented in 
developing Asia with funding being provided as 
carbon credits under the CDM protocols.   

Candidates for these opportunities include high 
organic waste water producing enterprises such as 
piggeries and abattoirs, breweries, palm oil, starch 
and other foodstuff producers. 

A typical small pig farm with 900 breeding pigs 
will produce about 0.5 megalitres of high organic 
content wastewater per day.  In a covered 
anaerobic lagoon this will produce gas at a rate of 
about 1000 cum per day with a carbon dioxide 
equivalent in excess of 3000 tonnes per annum. 

The typical capital cost of a suitable covered 
anaerobic facility would be around $500,000 using 
existing lagoons and pipelines.  The typical return 
period on investment based on power generation 
from the gas would be 7-10 years.  With carbon 
credits from the gas emissions and the replaced 
power generation this return period can be reduced 
to 3-5 years. 

3 WATER SUPPLY AND STORAGE 

The world today has very few sources of water that 
do not require some form of treatment.  Usually 
this treatment will take the form of filtration and 
settling processes and more and more frequently 
this treatment may take the form of microfiltration 
which is an expensive and energy intensive 
process. 

Whatever the form of treatment we will find a 
need for secure storage of clean water and 

geosynthetic systems can help provide this because 
they have the following attributes. 

(a) They can be placed in simple temporary 
storages with minimal preparation with water 
extraction by simple pumping using flexible pipes 
over the embankment. 

(b) They are robust and cost effective for both 
short and long term term unprotected use.  
Expected service life of exposed HDPE exceeds 20 
years.  

(c) They can also be engineered to provide 
secure long term service in more permanent 
facilities with inlet and outlet arrangements that are 
hydraulically more efficient. 

(d) Unlike bituminous materials the polyolefin 
based geomembranes are accepted as biologically 
inert and suitable for potable water use in 
reservoirs.  

 

Figure 8. A water storage facility based on a GCL liner with 
concrete covering. 

 
For more permanent facilities there is a need to 

address several concerns: 
• potential contamination of the stored water 

by wind blown contaminants or by animals 
• degradation of chlorine disinfectant in the 

water when it is exposed to sunlight.   
• need to control loss by evaporation of 

valuable treated water 
For this reason covers are often placed over 

water storage basins.  These covers may be fixed 
structural roofs or they may be floating membrane 
cover systems.  Fixed roofs present concerns over 
the integrity of liner systems at supports whilst 
floating membrane covers do not need support and 
are significantly more cost effective.
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Figure 9. A large water storage basin with a fixed roof 
structure with hundreds of columns. 

 

Figure 10. A floating membrane cover to a treated water 
storage facility. 
 

A further possibility is the use of geomembrane 
materials to fabricate water storages that might be 
described as bladders which provide full enclosure 
of the stored water.  These can be prefabricated and 
packaged for transportation to the intended location 
where it is merely a matter of limited site 
preparation and connection of inlet and outlet 
pipes. 

 

Figure. 11. Geomembrane bladder for water and gas storage. 
 

In summary geosynthetic liner systems are a 
valuable aid in temporary and permanent 
establishment of water storage facilities because 
they are readily available, cost effective and 
durable. 

4 APPLICATIONS FOR GEOSYNTHETICS 

The applications for geosynthetics in these lagoon 
systems are essentially associated with the liner 
system and with the floating cover system but there 
are many variations that may be chosen according 
to circumstances. 

4.1  Liner systems 

The liner systems may be a Geosynthetic Clay 
Liner (GCL) with soil or concrete cover.  However 
the soil or concrete surface is rather rough and in 
some cases it will be desirable to use a very smooth 
low friction High Density Polyethylene (HDPE) 
upper liner as this can help to move the sludge to 
locations from which the excess can be removed. 

Apart from HDPE there are a variety of other 
more flexible geomembrane liner materials 
including LLDPE and various blends of 
polyethylene as well as modified polyethylenes 
such as Chlorosulfonated Polyethylene (CSPE).  
Rubber like materials include Ethylene Propylene 
Diene Monomer (EPDM) and there are also 
polypropylene based TPO materials which may 
include EPDM in the blend.   

Liner systems can also be configured as 
multilayer liner systems which often comprise two 
liners separated by a free draining layer which is 
often a PE based geonet.  The principle here is that 
the drainage layer removes any leakage from the 
top liner such that the effective head on the lower 
liner is minimal and the potential for any leakage 
from the system is minimised. 
 

4.2  Floating cover systems 

Floating cover systems make use of various 
polymeric materials and use combinations of floats 
and ballast to tension the cover.  Materials with a 
density higher than water need more 
supplementary floatation and the lower density 
materials such as the polyolefines float naturally 
and the float systems are used mainly for 
tensioning. 

The more durable and stable cover systems are 
based on polyethylene materials (PE) but most 
cover applications and designs will not allow the 
use of HDPE for the whole cover because it is too 
stiff.   

One option is to construct the whole cover in a 
flexible reinforced geomembrane such as 
polypropylene or CSPE.  Another option is to use a 
hybrid of more flexible PE materials such as a 
reinforced LLDPE which is placed in the flex 
zones of the cover with HDPE being used for the 
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main panels.  This hybrid cover gives the stiffness 
and security of the HDPE cover with the flexible 
zones where they are required. 

Cover designs may also vary with factors such 
as the intended operation of the cover with respect 
to effluent levels, gas collection and associated 
factors, as well as the construction and launching 
restrictions which may limit the cover design 
options. 

Frobel and Sadlier (2014) discuss the various 
options for liner and cover materials in some detail. 

Many floating covers are built in the floor of the 
empty lagoon and floated into place.  Others are 
built by ‘launching’ – pulling of the cover from 
one side of the lagoon and others are built over 
movable pontoon platforms.  Each cover must be 
designed for the intended method of construction. 

 

Figure 12. A cover in China built over a temporary pontoon 
platform. 

5 CONTROL OF EVAPORATION 

In arid areas effective evaporation rates can be 
many times the rainfall rates and a floating cover 
will effectively control the evaporative loss of 
valuable water.  This is often a concern for mining 
operations and Sadlier (2009) discusses the 
implications of this including typical costings for 
operations with and without covers. 

A typical black geomembrane with shallow 
wastewater over it will see the wastewater 
temperature rise with solar radiation creating an 
enhanced capacity for evaporation.  This is used in 
wastewater disposal and for salt and mineral 
extraction processes. 

A variation of this process can be used in 
regions with seasonal rainfall and a pronounced 
dry season.  A floating cover over the wastewater 
will prevent growth of waste volume in the wet 
season as well as enabling fresh water to be 

gathered from the cover.  In the dry season 
wastewater can be pumped onto the cover for 
enhanced evaporation.  This will require some 
management of cover residues at change of 
seasonal operations. 

6 CONTROL OF RAINFALL ENTERING 
WASTE LAGOONS 

Many waste storage facilities such as tailings dams 
for mining operations or leachate lagoons for 
landfills have a finite storage volume such that it is 
advantageous to limit the entry of rainfall and 
storm water runoff.  Floating geomembrane covers 
can be configured to cover or partially cover such 
facilities and on occasions this may be a better 
option than providing more storage capacity. 

 

Figure 13. A large tailings storage affected by rainfall runoff 
from the surroundings. 

7 SLUDGE DEWATERING 

Geotubes were initially developed as a construction 
tool enabling the used of dredged sands to build 
groynes and other erosion protection features.  
These filtration properties can also be used to take 
wastewater sludges with high water content and 
rapidly dry them to a sufficiently solid state which 
allows truck transport without dripping. 

 

Figure 14. Dried sludge from a geotextile sludge dewatering 
bag. 
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8 CONCLUSIONS 

This paper provides an outline of the capabilities 
and issues associated with the use of geosynthetic 
materials in water storages and wastewater 
treatment using lagoons, reservoirs and other 
facilities.    
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1 INTRODUCTION 

Unsaturated soils are widely found in nature and are 
the basis for several geotechnical aspects in current 
engineering practices. A mathematical model that 
can describe the load-deformation behavior of un-
saturated granular soil has become essential to the 
field. Proper stress variable is one important factor 
to characterize the mechanical behavior of a soil. 
Terzaghi (1936) introduced the effective stress to 
explain mechanical behavior of a saturated soil. In 
unsaturated soil, the effective stress was proposed to 
explain the mechanical behaviors of an unsaturated 
soil (Bishop, 1965). The expression is a function of 
the externally applied stresses and the internal fluid 
pressures and it can be expressed as 

netp p sχ′ = + where netp  is net mean stress which is 
the difference between the applied stress and the 
pore-air, s is the matric suction, and χ is the effective 
stress parameter attaining a value of unity for a satu-
rated soils and zero for a dry soils. The effective 
stress converts a multi–phase, multi porous media to 
a mechanically equivalent, single-phase and single-
stress state continuum (Uchaipichat, 2005).  

One limitation of the effective stress concept, 
which is often cited in the literature, is that there are 
no unique relationships between χ and some basic 
soil properties such as the degree of saturation, Sl. 
However, as commented by Coleman (1962), χ is a 
parameter strongly related to the soil structure, and 
therefore one should not be surprised if a correlation 
is found between χ and a volumetric parameter such 
as the degree of saturation, Sl. This paper derives an 
expression for χ for cohesionless soil. The derivation 

concept can be further used to determine maximum 
pass pressure for the unsaturated soil subjected to 
suction increment.  

2 EFFECTIVE STRESS 

Previous studies, such as those by Tarantino & 
Tombolato (2005), Tarantino (2006) and Alonso et 
al. (2010), have suggested that the effective stress in 
an unsaturated soil should be related to its pore 
structure. Additionally, pores can be grouped into 
two categories: large open pores and extremely 
small pores (micro-pores), and only water from the 
large open pores is primarily linked to capillary ef-
fects. Figure 1 presents a variation of pore water at 
various magnitudes of applied suction. A soil con-
sists of several pores of various sizes, of which the 
pores labelled p1 are the largest pores. 1p

aes  is the 
highest suction at which the pores p1 remain filled 
with water. Hence, 1p

aes  is also the soil air entry suc-
tion ( aes ). Pores p2 and p3 are the second and third 
largest pores in the soil, respectively, and pore pi is 
the ith largest pore. pi

aes  is the air entry suction of 
pore pi. When the magnitude of the applied suction 
is less than pi

aes , all pores that are smaller than pore 
pi are filled with water. Once the magnitude of the 
applied suction exceeds pi

aes , water is expelled from 
pore pi. The retained water is in the form of pore wa-
ter and inter-particle water bridges. The pore water 
is water retained in pores that are categorized as (1) 
large open pores with sizes smaller than that of pore 
pi and (2) small pores (pm), which are always filled 
with water for any magnitude of applied suction. 

Determination of Effective Stress in Unsaturated Soil using Pore 
Structure 

A. Chinkulkijniwat, S. Yubolchit & T. Rakkop 
Suranaree University of Technology, Nakhon Ratchasima, Thailand 

ABSTRACT: This paper presents a rational method to derive an expression for effective stress of an unsatu-
rated cohesionless soil. The derivation of an expression for the effective mean stress of an unsaturated soil is 
achieved by considering its pore volumes and the corresponding air entry suctions. The effective stress pa-
rameter χ, which is strongly related to the soil structure, is derived and compared with the widely accepted 
expression. The comparison confirms that the consideration of pore volume and the corresponding air entry 
suction can be further utilized for approximation of the maximum pass pressure in the unsaturated cohesion-
less soil. 
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This retained water is further referred to as the wet 
portion, and suction affects the effective stresses of a 
soil through only the wet portion. 

An initially saturated soil subjected to a suction 
increase under zero mean stress (i.e., no external 
force) is considered. When the magnitude of applied 
suction (s ) is less than 1p

aes  ( 1p
aess < ), all pores re-

main filled with water. The effective mean stress 
( p′ ) at this suction value is equal to the magnitude 
of the applied suction. When 21 p

ae
p
ae sss <≤ , water is 

expelled from pore p1. By considering that only large 
open pores play a role in the capillary effect and as-
suming that due to suction, p′  is calculated by 
weighting the magnitude of the suction occurring in 
the large open wet pores with their volume fraction, 
p′  at 21 p

ae
p
ae sss <≤  can be obtained as follows:  

 

 
 
Figure 1. Development of pore water in soil at various magni-
tudes of suction. 

 

1 1( ) ( )pt pm p pt p pm

pt pm pt pm

v v v v v v
p s s

v v v v

   − − − −
′ = × = ×   

− −      
    (1) 

Accordingly, when )1( +<≤ ip
ae

pi
ae sss , water is ex-

pelled from pores larger than pores pi. At this suc-
tion value, p′  can be expressed as follows: 

1 1

( ) ( )
i i

pt p pm pt pm p

pt pm pt pm

v v v v v v
p s s

v v v v

α α
α α= =

   
− − − −   

′    = × = ×
− −   

      

∑ ∑  (2) 

where vpt is the total soil pore volume; vpm is the 
total volume of the small pores;

 

pt pmv v−  is the vol-
ume of the large open pores; and vpα is the volume 
of the αth pores, in which the water is expelled from 
the pores due to applied suction. Eq. 2 can be rear-

ranged by multiplying both the numerator and the 
dominator in its right side by the term 1 ptv , which 
gives 

1

1

i

pt pj
j pm pt pm l lr

e
pt pt pt pt lr

v v
v v v S S

p s s S s
v v v v S

=

  
−     −  ′ = − − × = × =    −     

  

∑  (3) 

where lS  is the degree of liquid saturation; lrS  is 
the residual liquid saturation; and eS  is the effective 
liquid saturation.  

Now, let us consider a saturated soil subjected to a 
net mean stress of netp  kPa and subsequently 
brought to a suction of s  under this constant net 
mean stress. Consider that the magnitude of the ef-
fective mean stress occurring at a certain wet pore is 
equal to the summation of the magnitude of applied 
suction and the magnitude of the net mean stress oc-
curring at the pore, i.e., ,p net p pp p s′ = + , where pp′ , 

,net pp , and ps  are the effective mean stress, net mean 
stress, and suction occurring at a certain wet pore, 
respectively. Furthermore, it is assumed that netp  af-
fects every pore regardless of its state (dry or wet). 
Consequently, p′  of a saturated granular soil 
brought to a suction of s  under a constant net mean 
stress of netp  kPa can be obtained as follows: 

net ep p S s′ = +                                (4) 

An expression of p′  in Eq. 4 is Bishop’s [2] ef-
fective stress ( netp p sχ′ = + ) with χ = eS . The pa-
rameter χ  is strongly related to the soil structure 
[4]. To cope with the complexity of the soil struc-
ture, a factor ω  is introduced into the pore volume-
related terms in Eqs. 1, 2, and 3, i.e. Eq. 1 is written 
as { }1( ) ) ( )pt p pm pt pmp v v v v v s

ω
′ = − − − × . Hence, an 

expression for the effective stress in unsaturated soil 
can be rewritten as follows:  

net
ep p S sω′ = +                               (5) 

where ω  is a correction factor linked to the pore 
structure of the soil. Moreover, because the contribu-
tion of inter-particle water bridges is not included in 
the calculation for effective stress in Eqs. 3 and 4, 
the parameter ω  also corresponds to the influence of 
inter-particle water bridges.  

Khalili et al. (2004) suggested that χ  can be ex-
pressed as a function of suction ratio, which is de-
fined as the ratio of matric suction over air entry 
suction, as follows:  

( )0.55

1                     

      

ae

ae ae

s s

s s s s
χ

<
= 

≥
                           (6) 

The effective saturation ( eS ) can be related to 
the suction using the relationship proposed by Brook 
and Corey (Brook and Corey, 1964) as follows: 
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1       for  
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e n
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s sS S
S

S s s s s

≤− 
= = 

− >
      (7) 

where n is the model parameter relating to the 
pore size distribution and lrS  is the residual degree 
of saturation. Accordingly, the correction factor ω  
in Eq. 5 is equal to a ratio of 0.55 over n, which is 
the same value proposed by Masin (2010).   

3 CONCLUSION 

The expression of the effective stress in an unsatu-
rated cohesionless soil was derived and discussed. 
The derivation is based on a consideration of the 
pore’s volumes in the soil. The expression is in ac-
cordance with the widely accepted expression [2,8]. 
This consideration of pore volume can be further 
used to estimate the maximum pass pressure for un-
saturated soil subjected to certain magnitude of suc-
tion. 
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1 INTRODUCTION 

Water production requires the extraction of water 
from natural sources. The water treatment process 
results in a muddy sludge by-product. The clarifier 
system employed in water treatment plants results in 
the sludge flocculating and falling in the bottom of 
the treatment tank. The liquid sludge is subsequently 
drained to sludge lagoons for disposal. The increas-
ing demand of treated water produced by the Metro-
politan Waterworks Authority of Thailand (MWA) 
and in similar water treatment plants worldwide, has 
resulted in increasing quantities of sludge by-
products generated annually. For MWA, the water 
treatment sludge is generated with the maximum ca-
pacity of 300×103 m3 per day in the dry season and 
about 700×103 m3 per day in the wet season. With 
the continuous increase in water demand due to 
growing population in many developed and develop-
ing countries including Thailand, the quantity of wa-
ter treatment sludge is subsequently increasing at 
ever increasing rate and hence the urgent need to 
find a sustainable reuse option for the growing 
stockpiles of sludge, which in the past have been 
disposed to landfills. 

Alkali-activated alumino-silicate cement, known as 
‘geopolymers’ has become increasingly popular in 
recent years as an environmental friendly alternative 
to ordinary Portland cement (Davidovits et al. 1991). 
Geopolymers are furthermore touted for their high 
performance (high strength and durability), low CO2 

emission and low energy consumption. Silica rich 
materials such as clay or kaolin (Buchwald and 
Kaps, 2001), fly ash, and bottom ash (Davidovits et 
al. 1999) can be used as a precursor to react with the 
liquid alkaline activator. 

Sukmak et al. (2013a and b) previously investi-
gated the possibility of using FA as a precursor and 
silty clay as aggregates to develop the clay-FA geo-
polymer brick. The 7-day strength of the clay-FA 
geopolymer is greater than 10 MPa, suitable as bear-
ing masonry unit according to the Thailand Industri-
al Standard. The strength requirement is 2.5 MPa for 
non-bearing and 7.0 MPa bearing masonry units. It 
has been illustrated that the durability against sulfate 
attack of clay-FA geoplymer is better than that of 
clay-cement; i.e., there is no major change in the mi-
crostructure and pH of clay-FA geopolymer when 
exposed to sulfate solutions (Sukmak et al. 2014). 

This research investigates strength characteristics 
of sludge-FA geopolymer to ascertain its perfor-

Strength and Microstructure of Water Treatment Sludge-Fly Ash 
Geopolymer

P. Chanprasert, S. Horpibulsuk & C. Suksiripattapong 
Suranaree University of Technology, Nakhon Ratchasima, Thailand 

P. Sukmak 
Walailak University, Nakhon Si Thammarat, Thailand 

A. Arulrajah 
Swinburne University of Technology, Melbourne, Australia 

ABSTRACT: A novel water treatment sludge-fly ash geopolymer is investigated in this research with the in-
tention to develop an alternative green construction and building material, without the usage of Portland ce-
ment as a cementing agent. Two waste by-products namely water treatment sludge from the Bang Khen water 
treatment plant of the Metropolitan Water Work Authority of Thailand (MWA) and fly ash (FA) from the 
Mae Moh power plant of the Electricity Generating Authority of Thailand (EGAT) were used in this research. 
The liquid alkaline activator, L used was a mixture of sodium silicate solution (Na2SiO3) and sodium hydrox-
ide solution (NaOH). This article investigates strength microstructure of sludge-fly ash geopolymer. The vari-
ous influential factors studied are; mixing ingredient (L content and Na2SiO3/NaOH) and heat condition (tem-
perature and duration). The scanning electron microscopy (SEM) and X-ray Diffraction (XRD) analysis are 
undertaken to understand the role of influential factors on strength development. Test results show that the 
optimum heat temperature and duration for the optimum ingredient are 75oC and 72 hours, respectively. The 
higher heat temperature of 85oC causes the loss of moisture, which results in micro-cracks and strength reduc-
tion. The water sludge traditionally destined for landfill can be used in a sustainable manner as alternative ag-
gregate to develop geopolymer masonry unit with compressive strengths met the specification of the Thailand 
Industrial Standards. 
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mance as a masonry unit. The sludge is used as ag-
gregates without any additional sand, FA is used as a 
precursor and a mixture of NaOH and Na2SiO3 is 
used as a liquid alkaline activation. The influential 
factors include mixing ingredient (L content, 
Na2SiO3/NaOH ratio) and heat condition (tempera-
ture and duration). The microstructural observation 
of sludge-FA geopolymer is undertaken using scan-
ning electron microscopy (SEM) and X-ray Diffrac-
tion (XRD) techniques to understand the role of in-
fluential factors controlling the strength 
development. This research will enable sludge tradi-
tionally destined for landfill to be used in a sustaina-
ble manner as an aggregate in geopolymer masonry 
units, which is significant in term of engineering, 
economic and environmental perspectives. 

2 MATERIALS AND METHODS 

2.1 Materials 

The sludge was collected from the Bang Khen water 
treatment plant of the Metropolitan Waterworks Au-
thority of Thailand. The sludge consists of 0.15, 
99.65 and 0.2 percent of sand, silt and clay, respec-
tively. The grain size distribution, mineral and 
chemical compositions of the sludge were obtained 
by X-ray Diffraction (XRD) and X-ray Fluorescence 
(XRF) analysis as shown in Table 1 and Figures 1 
and 2, respectively. The main mineral components in 
the sludge are quartz, illite, hematite, calcite, calci-
um sulfate and mullite. The sludge is composed 
mainly of SiO2 and Al2O3 in crystal form. The spe-
cific gravity is 2.61. The liquid and plastic limits are 
64 and 0 percent, respectively and the sludge is thus 
classified as a non-plastic material. The compaction 
characteristics under modified Proctor energy 
(ASTM D 1557) are optimum moisture content 
(OMC) of 31.6%, and maximum dry unit weight 
(γdmax) of 12.5 kN/m3. 

FA was obtained from the Mae Moh power plant 
of the Electricity Generating Authority of Thailand 
(EGAT) in the northern region of Thailand. Table 1 
summarizes the chemical composition of FA using 
X-ray fluorescence (XRF). Total amount of the ma-
jor components (SiO2, Al2O3 and Fe2O3) are 67.31% 
and while the CaO content is 30.24% and 7.29%; 
therefore, it is classified as Class C fly ash. FA con-
sists of mainly amorphous humps between 9.5 and 
30.5o2θ with some crystalline inclusions of mullite, 
hematite, calcite, calcium sulfate and quartz in re-
gion of 17-35o 2θ (Figure 2). The peaks of calcite 
and calcium sulfate are determined, which are con-
sistent with XRF results. Figure 1 shows the grain 
size distribution curve of FA, which was tested by 
laser particle size analysis. It is shown that the 
sludge particles are smaller than the FA ones. The 
average grain size of FA is 15.17 micron. The spe-
cific gravity of FA is 2.53. The morphology of the 

sludge and the FA is shown in Figure 3. The FA par-
ticles are fine and spherical whereas the sludge par-
ticles are irregular in shape. The liquid alkaline acti-
vator (L) is a mixture of Na2SiO3, which consists of 
9% Na2O and 30% SiO2 by weight, and NaOH with 
a concentration of 10 molars. 
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Figure 1. Grain size distribution of FA and sludge. 

Table 1. Chemical composition of sludge and FA. 
Chemical Composition Sludge FA 

SiO2 61.84 47.51 
Al 2O3 24.8 13.14 
Fe2O3 9.52 6.66 
CaO 0.6 30.24 
MgO N.D. N.D. 
SO3 0.59 N.D. 

Na2O N.D. 0.41 
K2O 1.9 1.63 
LOI 0.55 0.42 

Figure 2. X-ray diffraction (XRD) pattern of sludge and FA. 
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(a) Sludge 

(b) Fly ash (FA) 

Figure 3. Scanning electron microscopy (SEM) images of 
sludge and FA. 

2.2 Sample preparation 

The sludge-FA geopolymer sample is a combination 
of sludge, FA and liquid alkaline activator (Na2SiO3 
and NaOH). The sludge/FA ratio was fixed at 70:30. 
The Na2SiO3/NaOH ratios were 100:0, 90:10, 80:20, 
70:30 and 50:50. The air-dried sludge and FA were 
mixed for 5 minutes in a mixer to ensure homoge-
neity of the mixture. The mixer was stopped and the 
mixture was activated by the liquid alkaline activator 
and mixed for additional 5 minutes. The mixture was 
then compacted under the modified Proctor energy. 
Once the compaction curves were obtained, the 
sludge-FA-L mixture at the various L/FA contents 
was statically compressed in a cylindrical mold with 
50 mm in diameter and 100 mm in height. The com-
pression was performed by a manual hydraulic jack. 
The samples were dismantled, wrapped within vinyl 
sheet and then heated at 65, 75 and 85οC respective-
ly for durations of 24, 48, 72, 96 and 120 hours. Af-
ter heating, the samples were subsequently cured at 
room temperature (27-30οC) until lapse of different 
curing times as planned. Compressive strengths of 
sludge-FA geopolymer samples were measured after 
7 days of curing in accordance with ASTM D 1633. 

The growth of the geopolymerization structures 
on the samples was illustrated using X-ray diffrac-

tion (XRD) and scanning electron microscope 
(SEM). The XRD traces were used to provide fun-
damental information on geopolymerization struc-
tures. The sludge-FA geopolymer samples were 
carefully broken and small fragments were taken 
from the center for microstructure test. The scanning 
electron microscope (SEM) samples were frozen at -
195°C by immersion in liquid nitrogen for 5 minutes 
and evacuated at a pressure of 0.5 Pa at -40°C for 5 
days (Sukmak et al. 2013a and 2013b and 
Horpibulsuk et al. 2010). All specimens were coated 
with gold before SEM (JOEL JSM-6400) analysis. 
The XRD analysis using Cu X-ray tube was done on 
powdered samples and patterns were obtained by 
scanning at 0.1o(2θ) per min and at steps of 0.05o 
(2θ). 

3 STRENGTH AND MICROSTRUCTURE 

Figure 4 shows the relationships between unit 
weight and L/FA with different Na2SiO3/NaOH rati-
os. For a particular Na2SiO3/NaOH ratio, the com-
paction curve of sludge-FA-L mixture is typical of 
compacted soil. The unit weight of sludge-FA-L 
mixture increases with increasing L/FA until the 
maximum unit weight is attained at an optimum 
L/FA value. Beyond this optimum value, the unit 
weight decreases as L/FA increases. The optimum 
L/FA providing the maximum unit weight is found 
to be the same for all Na2SiO3/NaOH ratios tested 
and is approximately equal to 1.3. For a particular 
L/FA, the maximum unit weight increases with in-
creasing Na2SiO3/NaOH and then decreases after a 
certain Na2SiO3/NaOH. The Na2SiO3/NaOH of 
80:20 exhibits the highest maximum unit weight. 
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Figure 4. Compaction curves of the sludge–FA–L mixture. 

Figure 5 shows the relationship between 7-day 
compressive strength and heat duration of sludge-FA 
geopolymer samples for different heat temperatures 
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and Na2SiO3/NaOH ratios at L/FA of 1.3. The com-
pressive strength of sludge-FA geopolymer samples 
increases as heat duration increases until a threshold 
heat duration of 72 hours, after which the compres-
sive strength remains almost constant for all L/FA 
ratios. This strength development is noted to be dif-
ferent from the study of Sukmak et al. (2013a and 
2013b) clay-FA geopolymer, whereby the compres-
sive strength increases to a peak value and subse-
quently decreases as the heat duration increases. The 
7-day strengths of control sludge-FA geopolymer 
samples cured at room temperature are shown in 
figure as dash lines for comparison purpose. The 7-
day strengths of samples cured at higher temperature 
are significantly higher than those cured at room 
temperature, which indicates that heating of sludge-
FA geopolymer samples stimulates the geopolymer-
ization reaction.  
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Figure 5. Effect of heat condition on 7-day strength of the 
sludge-FA geopolymer samples 
at L/FA ratio of 1.3. 

The strength development in the sludge-FA geo-
polymer cured at different temperatures and curing 
times is significantly governed by the 

Na2SiO3/NaOH ratio. The sodium hydroxide solu-
tion (NaOH) dissolves silica and alumina oxide from 
FA and enhances the geopolymerization reaction 
with sodium silicate solution (Na2SiO3). The low 
amount of NaOH was not enough to dissolve silica 
and alumina oxide but the high amount of NaOH 
causes the micro-cracks on the FA particles due to 
strong base concentration (Sukmak et al. 2013a and 
2013b). The test result shows that the highest com-
pressive strength is found at the Na2SiO3/NaOH ra-
tio of 80:20. For Na2SiO3/NaOH greater than 80:20, 
the optimum heat temperature for sample prepara-
tion is 75oC. The lower temperature (65oC) is insuf-
ficient to stimulate the geopolymerization reaction 
whereas the higher temperature (85oC) may cause 
the immediate decrease of liquid in the sample and 
induce structural creaks on the sample (Sukmak et 
al. 2013a and 2013b). For Na2SiO3/NaOH lower 
than 80:20, the optimum temperature for sample 
preparation is 85oC. This is implied that more heat 
energy is required for accelerating the geopolymeri-
zation reaction when lower alkaline activator is 
used. 

Figure 6. SEM images of the sludge-FA geopolymer samples at 
Na2SiO3/NaOH ratio of 80:20 and L/FA ratio of 1.3, cured for 
7 days, and heated for 72 hours at different heat temperatures 
(room temperature, 65, 75 and 85 oC). 

The effect of heat temperature on strength devel-
opment in sludge-FA geopolymer is illustrated by 
SEM images and XRD pattern in Figures 6 and 7, 
respectively for 7-day cured geopolymer samples. 
The samples prepared at the optimum ingredient 
(Na2SiO3/NaOH ratio = 80:20 and L/FA ratio = 1.3) 
and heated for 72 hours are compared at different 
heat temperatures (at room temperature, 65oC, 75oC 
and 85oC) in Figure 6. The chemical attack on the 
FA surface for room temperature is insignificant 
(Figure 6a) while the etching on FA surface due to 
alkaline dissolution with some geopolymerization 
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products is clearly seen for higher temperature of 
65oC (Figure 6b). The significant geopolymerization 
products are clearly shown for 75oC, connecting 
sludge and FA particles and filling the pore spaces, 
resulting in a dense matrix (Figure 6c). Similarly, 
the broad and amorphous humps between 9.5 and 
30.5o2θ, which indicate the alumino-silicate gel (ge-
opolymerization products) including chabazite mus-
covite and gismondine (zeolites), are clearly ob-
served for 75oC and 85oC while only chabazite and 
muscovite are detected for 65oC (Figure 7). Even 
though the geopolymerization products are signifi-
cantly detected by XRD analysis, the overheating 
causes the micro-cracks due to the loss of the pore 
fluid (Zekkos et al. 2006 and Arulrajah et al. 2011) 
(Figure 6d). As such, the lowest and highest 7-day 
strengths of the sludge-FA geopolymer are found at 
room temperature and 75oC, respectively. 

Figure 7. XRD peak intensities of sludge-FA geopolymer sam-
ples at Na2SiO3/NaOH ratio of 80:20 and L/FA ratio of 1.3, 
cured for 7 days, and heated for 72 hours at a) 65oC, b) 75oC 
and c) 85oC 

4 CONCLUSIONS 

The strength and microstructure of sludge-FA geo-
polymer is researched in this study. The influences 
of mixing ingredient (L/FA ratio and 
Na2SiO3/NaOH ratio) and heat condition (heat tem-
perature and duration) on strength development are 
described by scanning electron microscopy (SEM) 
and X-ray Diffraction (XRD) analysis. The key find-
ings of the research are summarized as follows:  

1. For a particular Na2SiO3/NaOH ratio, the
compaction behavior of sludge-FA mixture is typical 
of compacted soil. The unit weight of sludge-FA ge-
opolymer increases with increasing L/FA until the 
maximum unit weight is attained at an optimum 
L/FA. Beyond this optimum value, the unit weight 
decrease as L/FA increases. The maximum unit 
weight is attained at L/FA ratio of approximately 1.3 
for all Na2SiO3/NaOH ratios.  

2. At the optimum ingredient, the geopolymeri-
zation products increase with increasing heat tem-
perature. The SEM image and XRD analysis show 
that the amount of geopolymerization products is 
more or less the same for heat temperatures of 75 oC 
and 85oC. However, the loss of moisture in the sam-
ple heated at 85oC results in micro-cracks and hence 
strength reduction. 

3. The geopolymerization process is primarily
dependent upon the heat duration. Only the etching 
on the FA surface is found due to alkaline dissolu-
tion at early heat duration. The geopolymerization 
products increase with heat duration and subsequent-
ly weld clay and FA particles and fill up the pore 
space. The optimum heat temperature and duration 
for the optimum ingredient are 75oC and 72 hours.  
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1 INTRODUCTION 

The increasing demand of treated water produced by 
the Metropolitan Waterworks Authority of Thailand 
(MWA) and in similar water treatment plants 
worldwide, has resulted in increasing quantities of 
sludge by-products generated annually. For MWA, 
the water treatment sludge is generated with the 
maximum capacity of 300×103 m3 per day in the dry 
season and about 700×103 m3 per day in the wet sea-
son. With the continuous increase in water demand 
due to growing population, the quantity of water 
treatment sludge is subsequently increasing at ever 
increasing rate and hence the urgent need to find a 
sustainable reuse option for the growing stockpiles 
of sludge, which in the past have been disposed to 
landfills.  

Alkali-activated alumino-silicate cement, known 
as ‘geopolymers’ has become increasingly popular 
in recent years as an environmental friendly alterna-
tive to ordinary Portland cement (Davidovits et al. 
1991). Geopolymers are furthermore touted for their 
high performance (high strength and durability), low 
CO2 emission and low energy consumption. Silica 
rich materials such as clay or kaolin (Buchwald and 
Kaps, 2002), fly ash, and bottom ash (Davidovits et 
al, 1999) can be used as a precursor to react with the 
liquid alkaline activator. 

Sukmak et al. (2013a and b) previously investi-
gated the possibility of using FA as a precursor and 

silty clay as aggregates to develop the clay-FA geo-
polymer brick. The 7-day strength of the clay-FA 
geopolymer is greater than 10 MPa, suitable as bear-
ing masonry unit according to the Thailand Industri-
al Standard. The strength requirement is 2.5 MPa for 
non-bearing and 7.0 MPa bearing masonry units. It 
has been illustrated that the durability against sulfate 
attack of clay-FA geoplymer is better than that of 
clay-cement; i.e., there is no major change in the mi-
crostructure and pH of clay-FA geopolymer when 
exposed to sulfate solutions (Sukmak et al. 2014). 

This research investigates durability against wet-
ting and drying of sludge-FA geopolymer to ascer-
tain its performance as a masonry unit. FA is used as 
a precursor and a mixture of NaOH and Na2SiO3 is 
used as a liquid alkaline activation. The geopolymer-
ization reaction is accelerated by appropriate heat 
temperature and duration. This research will enable 
sludge traditionally destined for landfill to be used in 
a sustainable manner as an aggregate in geopolymer 
masonry units, which is significant in term of engi-
neering, economical and environmental perspec-
tives.  

2 MATERIALS AND METHODS 

2.1 Materials 

The sludge was collected from the Bang Khen water 
treatment plant of the Metropolitan Waterworks Au-
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equation facilitates mix design to attain the required strength at a target service life, which is very useful for 
civil engineering practitioners. 
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thority of Thailand. The sludge consists of 0.12, 
99.72 and 0.16 percent of sand, silt and clay, respec-
tively. The grain size distribution, chemical compo-
sitions of the sludge were obtained from laser parti-
cle size and X-ray Fluorescence (XRF) analysis as 
shown in Table 1 and Figures 1, respectively. The 
main mineral components in the sludge are quartz, 
illite, hematite, calcite, calcium sulfate and mullite. 
The sludge is composed mainly of SiO2 and Al2O3 in 
crystal form. The specific gravity is 2.61. The liquid 
and plastic limits are 69 and 0 percent, respectively 
and the sludge is thus classified as a non-plastic ma-
terial.  

10 100 1000
0

20

40

60

80

100

P
e

rc
e

n
t 

fin
e

r 
(%

)

Particle size (µm)

Slit

FA

Figure 1. Grain size distribution of FA and sludge. 

Table 1. Chemical composition of sludge and FA. 
Chemical Composition Sludge FA 

SiO2 67.33 47.51 
Al 2O3 22.47 13.14 
Fe2O3 6.15 6.66 
CaO 0.68 30.24 
MgO N.D. N.D. 
SO3 1.04 N.D. 

Na2O N.D. 0.41 
K2O 1.26 1.63 
LOI 0.78 0.42 

FA was obtained from the Mae Moh power plant 
of the Electricity Generating Authority of Thailand 
(EGAT) in the northern region of Thailand. Total 
amount of the major components (SiO2, Al2O3 and 
Fe2O3) are 67.58% while the CaO content is 30.24% 
(Table 1); therefore, it is classified as Class C fly 
ash. 

2.2 Sample preparation 

The sludge-FA geopolymer sample is a combination 
of sludge, FA and liquid alkaline activator (Na2SiO3 
and NaOH). The sludge/FA ratio was fixed at 70:30. 
The Na2SiO3/NaOH ratio was 90:10 and L/FA was 
1.6. The air-dried sludge and FA were mixed for 5 
minutes in a mixer to ensure homogeneity of the 
mixture. The mixer was stopped and the mixture was 
activated by the liquid alkaline activator and mixed 

for additional 5 minutes. The mixture was then com-
pacted under the modified Proctor energy. Once the 
compaction curves were obtained, the sludge-FA-L 
mixture at the various L/FA contents was statically 
compressed in a cylindrical mold with 50 mm in di-
ameter and 100 mm in height. The compression was 
performed by a manual hydraulic jack. The samples 
were dismantled, wrapped within vinyl sheet and 
then heated at 65, 75, 85 and 95οC for durations of 
24, 48, 72, 96 and 120 hours. After heating, the 
samples were subsequently cured at room tempera-
ture (27-30οC) until 7 days of curing. 

0

5

10

S
tr

e
ng

th
 (

M
P

a
)

95 oC

24 hours            48 hours            72 hours           96 hours      120 hours

Number of cycles, c

75 oC

2.5 MPa (non-bearing) 

7 MPa (bearing)

7 MPa (bearing)

0

5

10

15

Na2SiO3 / NaOH = 90 : 10, L/FA = 1.6, 28 days of curing 

85 oC

2.5 MPa (non-bearing) 

2.5 MPa (non-bearing) 

7 MPa (bearing)

0

5

10
7 MPa (bearing)

2.5 MPa (non-bearing) 

0

5

10 65 oC

2.5 MPa (non-bearing) 

0 2 4 6 8 10 12 14
0

5

10 Room temperature

7 MPa (bearing)

Figure 2. qu(w-d) versus c relationship for different heating con-
ditions. 

The method of cyclic wetting and drying test as 
per ASTM D 559 was adopted for sample prepara-
tions. The samples were submerged in deionized wa-
ter at room temperature for 5 hours. They were then 
dried in the oven at a temperature of 70oC for 48 
hours and air-dried at room temperature for at least 3 
hours. This process is referred to as 1 w-d cycle. Af-
ter attaining the target w-d cycles, the samples were 
immersed in deionized water for 2 hours at the con-
stant temperature of 25±2°C. Unconfined Compres-
sion (UC) tests were then undertaken with a rate of 
vertical displacement of 1 mm/min. The 1, 3, 6, 9 
and 12 w-d cycles were considered in this study. 
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3 TEST RESULTS 

Figure 2 shows the relationship between wetting-
drying (w-d) cycle strength, qu(w-d) and number of w-
d cycles, c of sludge-FA geopolymer at temperatures 
of 65, 75, 85 and 95oC for 24, 48, 72 and 120 hours. 
For all temperatures and curing times, the qu(w-d) val-
ue decreases as c increases until c = 6. Beyond this 
c, the strength reduction is insignificant. The sample 
cured at 85oC with longer than 72 hours provides the 
highest strength for all c and regarding as the best 
heating condition.  
 The qu(w-d) values at 12 number of w-d cycles of 
all the samples are greater than 2.5 MPa, which is 
superior than the TIS standard for non-bearing unit. 
As such, this material can be considered as sustaina-
ble non-bearing masonry units, which high durabil-
ity against wetting-drying up to 12 number of w-d 
cycles. It is noted that the sludge-FA geopolymer 
under the optimum heating condition (cured at 85oC 
for longer than 72 hours) can be considered as bear-
ing monsorny units (qu(w-d) at 12 number of w-d cy-
cles) > 7 MPa).  
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Figure 3. Normalized qu(w-d) versus c for sludge-FA geopoly-
mer.  

 It is evident from the test results (Figure 2) that 
the qu(w-d) values at different c is dependent upon ini-
tial soaked (without w-d cycle) strength (qu0) value. 
As such, qu0 is used as a variable in analyzing the re-
lationships between qu(w-d) versus c. The normalized 
strength qu(w-d)/qu0 is plotted versus c as shown in 
Figure 3 as previously undertaken by Kampala et al. 
(2014) for Calcium Carbide Residue (CCR) stabi-
lized clay. The qu(w-d)/qu0 for CCR stabilized clay at a 
particular c is essentially the same for different CCR 
contents and FA contents. The same is also found 
for this study. The relationship between qu(w-d)/qu0 

versus c is unique for different heating conditions 
and is represented by logarithm function in the form: 

28

0.834 0.072ln= +Dq
c

q
(1) 

with a coefficient of correlation is 090. Using Eq. 
(1), the w-d cycle strengths of samples with various 
heating conditions at a target number of w-d cycle 
can be approximated once the corresponding qu0 is 
known. The qu0 is simply determined directly from 
laboratory UC test. Eq. (1) is thus useful for civil 
engineering practitioners since the durability test is a 
time-consuming.  

4 CONCLUSIONS 

This research investigates the viability of using 
waste materials (sludge and FA) for developing sus-
tainable masonry units. Results of this study suggest 
that the initial soaked strength is critical for analysis 
of wet-dry cycle strength of sludge-FA geopolymer. 
The following conclusions can be drawn from this 
research study. 

1. For all heating conditions, strength at 12
number of w-d cycles of sludge-FA geopolymer is 
higher than 25 MPa, which is acceptable as non-
bearing construction units. The optimum heat condi-
tion (85oC for 72 hours) provides the highest 
strength at 12 number of w-d cycles of greater than 
70 MPa, which is acceptable for bearing construc-
tion units. 

2. The w-d cycle strength and number of w-d
cycle relationship is represented by logarithm func-
tion for 1-12 cycles. The proposed predictive w-d 
strength equation facilitates mix design to attain the 
required strength at a target service life, which is 
very useful for civil engineering practitioners since 
the durability test is time-consuming.  
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1 INTRODUCTION 

Thailand northeast, there are bricks made from a lo-
cal mixture soil and Portland cement, it generally 
exhibit low ability to resist changes environment es-
pecially moisture/water content (destroy and welt 
with the water change) and the attack of salts 
(Rajasekaran 2005). There is covers more than one-
third of the country; 16.9 million ha with 2.8 million 
ha of clay salt (Yavaniyama et al. 2005). The clay 
salt consist with sodium, calcium sulfate 
(Horpibulsuk et al. 2012; Rajasekaran 2005), the 
main deteriorations of concrete structure (Rajasekar-
an 2005) including sulfate attack in hardened ce-
ment. Tricalcium aluminium (C3A) reacts with sul-
fate ions in the presence of calcium hydroxide, 
forms ettringite and gypsum leading to degradation 
of concrete into a non-cohesive granular mass and 
disruptive expansion (Al-Amoudi 1995; Rasheeduz-
zafar et al. 1994). The production of Portland ce-
ment adds to greenhouse effects, global warming as 
the process releases a consideration of carbon diox-
ide and dust  (Davidovits 1991; Davidovits and Da-
vidovics 2008). To develop alternative cementitious 
binders, geopolymer binders are ways of reducing 

the impact Portland cement environment. There have 
emerged as one of the possible alternative for con-
crete industry (Chindaprasirt et al. 2011; Palomo et 
al. 1999). Geopolymer is a material prepared by al-
kaline activation of alumina-silica materials. Ac-
cording to Davidovits 1991, geopolymer possess 
high early strength and low creep, low shrinkage and 
good resistance against acid and sulfate attack in ad-
dition to its environment friendliness. The studies of 
the sulfate attack geopolymer, when exposed to var-
ious sulphates with different exposure durations, fly 
ash-based geopolymers have indicated excellent per-
formance. According to Wallah and Rangan (Wallah 
and Rangan 2006), after one year of exposure in sul-
fate solution, the geopolymer concrete specimens 
showed an extremely small expansion and a very lit-
tle increase in mass. It has been shown that the inter-
actions between sulfate solutions and geopolymer 
systems are significantly different from those of sul-
fate solutions and Portland cement systems (Bakha-
rev 2005). Fly ash has been successfully used as a 
starting material to produce geopolymer with rea-
sonably high strength (Chindaprasirt et al. 2007a). In 
the system leads to the formation of CSH which co-
existed with the NASH gel and contributed to the 
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ABSTRACT: This paper presents an investigation into the durability of two different cementitious systems 
prepared using silty clay as a major component against 5% sodium sulfate solution. The two cementitious sys-
tems are clay-cement and clay-fly ash geopolymer. The clay-cement, a cement (Type I)/clay ratio of 0.3 by 
dry soil mass and the molding moisture content providing the highest strength at 1.2OMC are used. The clay–
fly ash geopolymer is a mixture of silty clay and fly ash (FA) at optimum moisture content (OMC) and 
FA/clay ratio of 0.3 by dry soil mass. A liquid alkaline activator (L) providing the highest strength is a mix-
ture of sodium silicate solution (Na2SiO3) and sodium hydroxide solution (NaOH) at Na2SiO3/NaOH of 0.7 
and L/FA ratio of 0.6. The tests involved immersions for a period of 4 months into 5% solutions of sodium 
sulfate. The evolution of compressive strength, products of degradation and microstructural changes were 
studied. The results show that before the samples were immersed in sulphate, the 28-day strength of the clay-
FA geopolymer is up to 1.2 times higher than that of clay-cement. The clay-FA geopolymer when exposed to 
sulfate solution has more durability than that of clay-cement. While gypsum and ettringite phases are present 
in both systems especially in the clay-cement system, the geopolymer phase is prominent in the clay-FA geo-
polymer system. Overall, the performance of clay-FA geopolymer is better resistance to sulfate attack than 
clay-cement. 
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strength development (Somna et al. 2011) with high 
calcium content. 

Lately, strength improvement of clay with the in-
corporation of fly ash geopolymer has been studied 
by Sukmak et al 2013a, 2013b. Additional, the dura-
bility properties of the clay–fly ash geopolymers 
have not been investigated and required to be ex-
plored. The present work investigates the durability 
of clay-fly ash geopolymer manufactured using fly 
ash, silty clay (low swelling) and alkaline activators 
when exposed to high sulfate environments. It is an-
ticipated that the outcome of this work would pro-
vide choices and be beneficial for the production of 
building materials in the saline soil areas or near the 
coast and thus leads to the reductions in Portland 
cement consumption and environmental problems. 

2 MATERIALS AND METHODS 

2.1 Materials 

Suranaree University of Technology campus in 
Nakhon Ratchasima, Thailand was used the silty 
clay (specific gravity of 2.70) at a depth of 3-4 me-
ters from the The natural water content, liquid limit 
and plastic limit are 5.3%, 54% and 28%, respective-
ly. The clay consists of 2% sand, 45% silt and 53%. 
This clay is classified as high plasticity clay (CH) 
according to the Unified Soil Classification System 
(USCS). The free swell test result revealed that this 
clay can be classified as low swelling with a free 
swell ratio (FSR) of 1.0 (Prakash and Sridharan 
2004). The compaction characteristics under modi-
fied Proctor energy (ASTM D 1557) are optimum 
moisture content (OMC) of 16% and maximum dry 
unit weight, γdmax of 17.3 kN/m3. The chemical and 
mineralogical compositions of silty clay are shown 
in Table 1 and Figure 1. The main mineral consist of 
the silty clay are quartz, hematite, calcite, calcium 
sulfate and illite. 

Mae Moh power plant in the north of Thailand 
given Fly ash (FA) in this study. The chemical and 
mineralogical compositions of FA and Type I Port-
land cement (PC) are shown in Table 1 and Figure 1. 
FA consists of mainly glassy phase materials with 
some crystalline inclusions of mullite, hematite, cal-
cite, calcium sulfate and quartz. The main mineral 
consist of PC are quartz, illite, hematite, calcite, 
tricalcium silicate, dicalcium silicate, gypsum and 
tricalcium alumiate. The particle size distribution of 
PC, FA and silty clay were obtained from laser par-
ticle size analyses. The median particles of silty 
clay, FA and PC are 4.3, 3.4 and 14.8µm, respec-
tively (Figure 2). The specific gravity values are 
2.31 and 3.17 for FA and PC, respectively. 

Table 1. The chemical composition of fly ash, Portland cement 
and silty clay using X-ray fluorescence (XRF). 

Chemical 
composition 

(%) 
Clay OFA 

Portland 
cement 

SiO2 20.10 39.18 21.89 
Al 2O3 7.55 22.64 4.83 
Fe2O3 32.89 15.45 3.41 
CaO 26.15 11.3 65.44 
MgO 0.47 1.69 NA 
SO3 4.92 4.29 2.7 

Na2O NA 1.81 0.1 
K2O 3.17 2.03 0.69 
LOI 3.44 1.61 0.94 

Figure 1. X-ray diffraction (XRD) of a) the FA and b) silty clay 
c) Portland cement .
Q = Quartz; I = Illite; M = Mullite; H = Hematite; C = Calcite; 
A = Calcium Sulfate; C3S = Tricalcium Silicate; C2S = Dical-
cium Silicate; G = Gypsum and C3A = Tricalcium Alumiate 

Table 2. Mix proportions and basic properties of the clay-FA 
geopolymer and clay-cement samples. 

Sample 
ID 

Liquid 
limit 
(%) 

Plastic 
limit 
(%) 

moisture 
content 

(%) 

γd 
(kN/m3) 

0.7-0.6 
CLAY 

FA 
46 28 

14.5 
(1.0OMC) 

17.3 

Clay-
cement 

53.8 35.3 
19.4 

(1.2OMC) 
18.7 
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2.2 Clay-FA Geopolymer preparation sample 

This ingredient was proved as optimal, providing the 
highest strength. The moisture content for the high-
est strength is Optimum Moisture Content (OMC). 
Clay-FA geopolymer at FA/clay ratio of 0.3 by dry 
soil mass, Na2SiO3/NaOH ratio of 0.7 and L/FA ra-
tio of 0.6 have been selected for this study based on 
the work of Sukmak et al. 2013a, 2013b. The clay, 
FA, liquid alkaline activator and water were thor-
oughly mixed to obtain a uniform mixture. The mix-
ture was then statically compressed in a rectangular 
mold with 230 mm in length, 90 mm in width and 75 
mm in height. The compression was performed by a 
manual hydraulic jack to attain the optimum point 
(OMC, γdmax) based on the compaction curve of 
clay-FA geopolymer as shown in Figure 3. Practical-
ly, the OMC at any compaction energy can be easily 
and rapidly approximated from the Modified Ohio’s 
compaction curves (Blotz et al. 1998; Horpibulsuk et 
al. 2008; Horpibulsuk et al. 2009). The specimens 
were dismantled, wrapped in vinyl bags and stored 
in ambient temperature (27-30 oC) for 24 hours and 
then cured at 130oC for 120 hours as suggested by 
Sukmak et al. (Sukmak et al. 2013a; Sukmak et al. 
2013b). Basic properties of the clay-FA geopolymer 
samples are shown in Table 2. 

2.3 Clay-Cement preparation sample 

The combination of clay-cement sample is silty clay, 
PC and tap water with cement/clay ratio of 0.3 by 
dry soil mass. The silty clay and PC were thoroughly 
mixed with water to obtain a uniform mixture with 
moisture contents between 0.8 and 1.4OMC. The 
silty clay-cement samples were prepared using the 
same compaction procedure of Clay-FA geopolymer 
but based on the compaction curve of clay-cement as 
shown in Figure 3. Mix proportions and basic prop-
erties of the clay-cement samples are shown in Table 
2. 

2.4 Testing 

2.4.1 Compressive strength test 
The exam of compression strength was performed at 
the age of 28 days in accordance with ASTM 
D1633. The results were the average of at least five 
specimens in order to obtain reliable test results. In 
all cases, the results under the same testing condition 
were reproducible with low standard deviations, SD 
( /SD x <10%, where x  is the mean strength value).  

2.4.2 Durability test 
Durability test after 28 days of curing, the samples 
were immersed in 5% sodium sulfate solutions. The 
samples were tested for compressive strengths after 
30, 60, 90, 120, 150, 180, 210 and 240 days of im-
mersion. The sulfate solution was replaced with 

fresh sulfate solution after immersion of 30, 60, 90, 
120,150, 180, and 210 days.  

2.4.1 Microstructural test 
The XRD analysis were done on powdered sam-

ples and patterns were obtained by scanning at 0.1o 
(2θ) per min and steps of 0.05o (2θ). The microstruc-
tures of sulfate exposed samples were analyzed us-
ing X-ray diffraction (XRD). 

Figure 2. The grain size distribution of the Portland cement, FA 
and silty clay. 

Figure 3. Plots of dry unit weight versus molding moisture con-
tent of the clay-FA geopolymer with those of the clay and the 
clay-cement under modified Proctor energy. 

Figure 4. Effect of moisture content on strength development 
of clay-cement at 28 days. 
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Figure 5. Compressive strength evolution of clay-FA geopoly-
mer and clay-cement specimens exposed to a solution of 5% 
sodium sulfate. 
 

 

Figure 6. XRD peak intensities of clay-cement exposed to a so-
lution of 5% sodium sulfate at 0, 60, 180, and 240 days . 

3 RESULTS 

3.1 Compaction and optimum moisture content  

The dry unit weight versus molding moisture content 
plots under modified Proctor energy for both clay-
FA geopolymer and clay-cement samples compared 
with those of compacted silty clay present in Figure 
3. The compaction curves of both clay-FA geopoly-
mer and silty clay are approximately the same 
whereas the maximum dry unit weight for compact-
ed clay-cement is higher than that of both clay-FA 
geopolymer and silty clay. The OMCs of the silty 
clay and the clay-cement samples are almost the 
same. 

Figure 7. XRD peak intensities of clay-FA geopolymer ex-
posed to a solution of 5 % sodium sulfate at 0, 60, 180, and 240 
days.  

The result shows that the strengths of compacted 
clay-cement samples are controlled by the moisture 
content. Its increases with moisture content up to 
19.4% (1.2OMC) and decreases when the moisture 
content is on the wet side of 1.2OMC. The function 
of moisture content in the strength development of 
clay-cement samples at a cement/clay ratio of 0.3 is 
examined and presented in Figure 4. The figure 
shows the strength development with moisture con-
tent of the clay-cement samples compressed under 
the modified Proctor energy after 28 days curing.  

3.2 External appearance and compressive strength 

Previous to exposure to sulfate solutions both clay-
fly ash geopolymer and clay-cement samples ap-
peared to have smooth surfaces with no visible 
cracks. However, the continuous exposure to sulfate 
has caused deterioration of the clay-cement samples 
with visible cracks and white deposits on the sur-
face. This was not observed with clay-fly ash geo-
polymer samples exposed to sulfate solutions.  
Figure 5 shows the compressive strength evolution 
of clay-FA geopolymer and clay-cement specimens 
unexposed and exposed to 5% sodium sulfate solu-
tions. The initial strength of clay-FA geopolymer 
and clay-cement were 12.0 and 9.5 MPa, respective-
ly. The strength of both samples gradually decreases 
with time when exposed to sulfate solutions. How-
ever, the rate of decrease seems to be higher in clay-
cement mixtures than in clay-FA geopolymer mix-
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tures. In 5% sodium sulfate solutions, the clay-FA 
geopolymer sample performed better than the clay-
cement, with only 19% decrease in strength at 240 
days of exposure compared to 82% decrease in the 
clay-cement.  

3.3 Microstructural Analysis 

Figures 6 shows the XRD patterns of clay-cement 
exposed to 5% sodium sulfate solutions. Before the 
exposure, (Figures 6a), the clay-cement sample at 28 
days of curing contains the phases of quartz, illite, 
hematite, calcite, calcium silicate hydrate, portland-
ite, calcium aluminate hydrate, gypsum and ettring-
ite. When these samples were exposed to 5% sodium 
sulfate solution for 60, 180, and 240 days (Figures 
6b - d), the peaks corresponded to calcium aluminate 
hydrate, calcium silicate hydrate and portlandite de-
crease with the exposure times increase. In contrast, 
peaks corresponded to gypsum and ettringite be-
come more prominent with increasing exposure 
times. The disappearance of calcium aluminate hy-
drate, calcium silicate hydrate and portlandite phases 
are associated with the formation of ettringite and 
gypsum phases. Furthermore, peaks corresponded to 
sodium sulfate also appears in these samples with 
continuous exposure to sodium sulfate solutions 
with time and becomes a dominant phase.  

The result of Figures 7 shows that the XRD peak 
intensities of clay-FA geopolymer unexposed and 
exposed to a sulfate solution. Before exposure to sul-
fate solutions, (Figures 7a), the clay-FA geopolymer 
at 28 days contained phases of geopolymer (as 
shown by the characteristic broad band around 300 
2θ), quartz (Q), illite (I), hematite, mullite, calcite, 
chabazite, gismondine and muscovite. When the 
specimen was exposed of 5% sodium sulfate solu-
tions at 60, 180, and 240 days (Figures 7b - d), the 
calcite phase decreases significantly with the ap-
pearance of gypsum and ettringite phases. Addition-
al, the presences of these phases are not as dominant 
as those of the clay-cement samples. When consider-
ing the specimen exposed to a solution of 5% sodi-
um sulfate (Figures 7b - d), it noticed that peaks cor-
responded to sodium sulfate also occurs but it is 
relatively stable and does not fluctuate with expo-
sure time. That is important, irrespective of the type 
of sulfate solution, the broad band at 30o 2θ corre-
sponded to geopolymers do not change as shown in 
the XRD patterns. 

4 DISCUSSIONS 

4.1 Compaction and Optimum Moisture Content 

The shape of compaction curve to gradation and 
specific gravity control, the grain size distribution 
(Figure 2) and specific gravity of the silty clay and 
FA are similar; therefore, the compaction curve of 

the clay-FA geopolymer and the silty clay is essen-
tially the same (Figure 3).The maximum dry unit 
weight of the compacted clay-cement samples is 
higher than that of both clay-FA geopolymer and 
silty clay because of higher specific gravity of PC. 
Generally, the increase in maximum dry unit weight 
is associated with the decrease in the OMC and liq-
uid limit, which is different from this case. The 
OMC clay-cement higher than that of clay-FA geo-
polymer but is close to that of silty clay. 
Horpibulsuk et al. 2006 also reported this character-
istic of cement stabilized coarse- and fine-grained 
soils. The decrease in the repulsion between diffused 
double layers and the increase in the edge-to-face 
contacts between clay sheets are from the adsorption 
of Ca2+ ions onto the clay particle surface (Chew et 
al. 2004; Locat et al. 1990). The clay particles there-
fore flocculate, which increase in the plastic limit 
with an insignificant change in the liquid limit (Ta-
ble 2). Since the OMC of low swelling clays is 
mainly controlled by the liquid limit (Horpibulsuk et 
al. 2008; Horpibulsuk et al. 2007; Nagaraj et al. 
2006) the OMCs of the silty clay and the clay-
cement samples are almost the same. 
The influence of state of moisture content on the 
compressive strength of clay-cement is shown by 
Figure 4 that the moisture content at 1.2OMC pro-
vides the highest 28-day strength which complies 
with the finding of Horpibulsuk et al. 2010. Beyond 
this state of content, the strength decreases due to 
the decrease in water/content ratio (Lauer 1990; 
Lippiatt 2000; Yang et al. 1996). While the lower 
water content is not sufficient for hydration (Locat et 
al. 1990).  
Usually, when the soil is compressed to a higher dry 
unit weight, a higher strength is attained. The same 
is not always true for chemical stabilized soil. The 
28-day strength of clay-FA geopolymer is up to 1.2 
times higher than that of clay-cement (Figure 5) 
even though the weight of clay-FA geopolymer is 
lower because of lower specific gravity of FA. 
Pacheco-Torgal et al. 2012 also showed that for the 
same water/binder ratio, geopolymers attain a higher 
mechanical strength than Portland cement. The high 
strength with low unit weight is an advantage of us-
ing the geopolymer as a cementitious material over 
the cement. 

4.2 Durability Against Sulphate 

Ettringite is a component of the hydration products 
of ordinary Portland cement. In the normal setting 
reactions of cement, ettringite develops in the course 
of early hydration (“primary” or early ettringite for-
mation, EEF). This process occurs homogeneously 
and immediately. The volume changes arising due to 
the formation of this low-density phase 
(d=1.77g/cm3) are readily accommodated while the 
cement is still plastic. Therefore, it does not cause 
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any significant localized disruptive action. When 
ettringite is formed later, after several months or 
years, (delayed ettringite formation, DEF) in the ce-
ment paste, this cause a disruptive effect if it occurs 
heterogeneously in the very rigid paste (Lippiatt 
2000; Venkatarama Reddy and Jagadish 2003)  

A way that DEF related damage occur in cement 
pastes is from the externally available sulphates such 
as the sulphates present in water or soil environ-
ments. In addition to the permeability of the cement 
paste, the conditions such as the high sulfate envi-
ronment and the presence of water collectively favor 
the DEF formation resulting in the disruptive effect 
(Venkatarama Reddy and Jagadish 2003). The dam-
age is known to cause by several chemical processes 
in which sulfate reacts with P, CS and CA phases in 
cement, causing decalcification and expansion in the 
paste (Chindaprasirt et al. 2007b). 

After exposed to sulfate solutions, both clay-
cement and clay-FA geopolymer systems show the 
formation of new sulphate-containing phases prov-
ing that some sort of sulfate attack has taken place in 
both systems. It is clear from XRD results that, the 
formation of gypsum and ettringite in the clay-
cement system is associated with the disappearance 
of CA, P and CS phases. Sulphates react with calci-
um and aluminate ions as follows: 

6Ca+2 + 3SO4
-2 + 2H2O ----> Ca(SO4)2.2H2O 

6Ca+2+2Al(OH)4
-1+4OH-1 + 3SO4

-2 + 26H2O ----> 
Ca6[Al( OH)6]2.(SO4)2.26H2O 

The expansion caused by the formation of ettring-
ite, crystallization of gypsum and decalcification of 
CSH phases are the reasons for the observed damage 
in the clay-cement samples (Lauer 1990; Sata et al. 
2012; Yang et al. 1996).  

The physical damage extent caused by sulfate at-
tack is shown by the compressive strength results, 
the damage caused by clay-cement exposed to sodi-
um sulfate in is greater than that of clay-FA geopol-
ymer. The difference in the two systems is the 
source of calcium. In the clay-FA geopolymer sys-
tem, the only source of calcium is from fly ash 
which is limited in quantity and therefore the ettring-
ite formation is not sustainable. Unlike cement hy-
dration products, the Na-Al-Si network structure of 
geopolymer is less susceptible to sulfate attack. 
Thus, this study shows that silty clay can be success-
fully used as a composite material in the production 
of clay-FA geopolymer bricks with strong resistance 
to sulfate attack. 

5 CONCLUSIONS 

The conclusion of this study as following: 

(1) To susceptible to sulfate attack than the clay-
cement system as the clay-fly ash geopolymer in 
the less. In the clay-FA geopolymer system, 
calcium from fly ash is limited in quantity and 
therefore the ettringite formation doesn’t 
sustainable. In addition, the Na-Al-Si network 
structure of geopolymer is less susceptible to 
sulfate attack. 

(2) To considered as a good composite material to 
be used as building products in Northeast 
Thailand be able silty clay-high calcium fly ash 
geopolymers. 
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1 INTRODUCTION 

Presently quality materials used for pavement struc-
ture were greatly reduced due to being used continu-
ously. When no suitable materials are available and 
it is expensive to bring the materials from distant 
sources, an alternative way, which is commonly 
used in practice, is to replace the locally available 
soil by quality materials. For economical and envi-
ronmental impacts, the replacement by waste mate-
rials has been recently performed (Arulrajah et al. 
2014a and b).  
    Melamine debris (MD) is a waste material from 
plate and cup manufacturing. It was obtained from 
Srithai Superware Public Co., Ltd, Nakorn Rachasi-
ma, Thailand. In the manufacturing process, the 
waste melamine cannot be reformed or reused (Si-
wadamrongpong, et al. 2012). It can be disposed by 
burning at high temperatures, which causes the 
greenhouse effect and bring about increased costs. 

This paper aims to investigate physical and ge-
otechnical properties of marginal lateritic soil blend-
ed with MD to ascertain it as an alternative unbound 
subbase/base material. This research will enable MD 
traditionally destined for landfill to be used in a sus-
tainable manner as a non-plastic replacement mate-
rial for high-plastic soil improvement, which is sig-
nificant in term of engineering, economical and 
environmental perspectives. 

2 MATERIAL AND METHOD 

2.1 Soil Sample 

Soil sample is a marginal lateritic soil, which was 
taken from a borrow pit in the Maung district, Sa-
konnakhon, Thailand (Figure 1) at a 1-2 meter 
depth. The lateritic soil is composed of 21.7% fine-
grained particles and 78.3% coarse-grained particles 
in which 25.6% is gravel and 52.7% is sand. The 
bulk specific gravity of coarse-grained particles is 
2.67 and liquid and plastic limits 40.7% and 20.9%, 
respectively. According to the Unified Soil Classifi-
cation System (USCS), the lateritic soil is classified 
as clayey sand (SC). The grain size distribution 
curve is shown in Figure 2 and basic properties are 
summarized in Table1. Compared with the basic 
properties requirement for base and subbase materi-
als of the Department of Highways, this lateritic soil 
is not suitable and needed improvement.  

2.2 Melamine Debris 

Melamine Debris (MD) was obtained from Srithai 
Superware Public Co., Ltd, Nakhon Rachasima, 
Thailand. MD particles are also shown in Figure 1. 
The grain size distribution of MD (Figure 2) shows 
that MD is composed of 0.9% fine-grained particles 
and 99.1% coarse-grained particles. It is a non-
plastic material. The bulk specific gravity of fine-
grained particles is 1.45. MD is classified as well 
grade gravel (GW) based on USCS. 
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(a) (b) 
 
 
 
 
 
 

(c) 
Figure 1. (a) Melamine debris (MD) (b) lateritic soil and 
(c)50%lateritic soil/50%MD blends. 
 
Table 1. Physical and Geotechnical properties of samples. ___________________________________________________ 
Test             Lateritic soil        MD    Lateritic soil : MD 
                                                                                      (50 : 50) ___________________________________________________ 
Bulk  specific gravity 
    Coarse-grained          2.67         -            2.22 
     fine-grained                3.03      1.45         1.69           
Apparent  specific gravity 
     Coarse-grained          3.18        -              2.45 
      fine-grained               3.47      1.69         1.92 
Water absorption      
    Coarse- grained (%)    5.95        -               4.35 
     Fine- grained (%)       4.19      9.72          7.01     
LA abrasion value (%)    58.1      11.3          55.3     
LL (%)           40.7        -           38.9 
PL (%)                     20.9        -          27.3 
PI  (%)                  19.8        -            11.6  
D10 (mm)                           -           0.9            - 
D30 (mm)                           1.8       2.0          1.2 
D50 (mm)                           4.5       3.0          3.0 
D60 (mm)                           5.5       3.8          3.5 
Cu               -        4.22            - 
CC           -        1.17            - 
Classification-USCS      SC       GW             SM    ___________________________________________________ 
 

 
 
Figure 2. Grain size distribution of lateritic soil and MD. 

2.3    Methodology 

The laboratory evaluation program included specific 
gravity, water absorption, Atterberg limits, particle-
size distribution, modified Proctor compaction, Los 

Angeles (LA) abrasion, and California Bearing Ra-
tio(CBR) tests. All tests were undertaken following 
relevant American Association of State Highway 
and Transportation Officials (AASHTO) and Ameri-
can Society for Testing and Materials (ASTM), as 
appropriate. The test materials included lateritic soil, 
MD and lateritic soil and MD at 50:50 ratio. 

   Coarse-grained (retained on 4.75-mm sieve) spe-
cific gravity and water absorption and fine-grained 
(passing 4.75-mm sieve) specific gravity and water 
absorption tests were performed in accordance with 
AASHTO T 85-70 and AASHTO T 84, respectively. 
Atterberg limits tests were performed in accordance 
with AASHTO T 90. 
   Particle size distribution analysis tests were per-
formed in accordance with AASHTO T 27-70. The-
se tests were conducted both before and after modi-
fied compaction tests. 
   Modified compaction effort was used to determine 
the maximum dry density (MDD) and optimum 
moisture content (OMC) of the test materials. Com-
paction has been appreciated as a practical means of 
improving the mechanical properties of soils since it 
is the cheapest and the simplest method. It is the 
process of increasing the soil unit weight by forcing 
the soil particles into the tighter state and reducing 
air void by the addition of either static or dynamic 
force (Horpibulsuk et al. 2009). The modified com-
paction tests were conducted by following the 
AASHTO T 180.  
   LA abrasion test was performed in accordance 
with ASTM C131-69 and C535-69. LA abrasion test 
is the most widely specified test for evaluating the 
resistance of aggregates to abrasion and impact forc-
es (Papagiannakis and Masad 2007).  
   California Bearing Ratio (CBR) test method fol-
lowed the AASHTO T 193. The CBR tests were car-
ried out on the three materials subjected to modified 
Proctor compaction effort at the optimum water con-
tent and soaked for 4 days to simulate the worst-case 
scenario (Arulrajah et al. 2014b).  

3 RESULTS AND DISCUSSION 

Tables 1 and 2 present the physical and geotechnical 
properties before and after modified compaction 
tests of the lateritic soil, MD and blend specimens, 
respectively. The grain size distribution parameters 
including D10, D30, D50, D60, Cu, Cc, gravel, sands, 
and fine contents are also summarized. Figures 3-5 
show the particle size distribution curves for the lat-
eritic soil, MD and blend specimens before and after 
modified compaction tests. 

The test results of physical properties show that the 
lateritic soil, MD and the blend specimens are classi-
fied as SC, GW and SM, respectively for both before 
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and after compaction. Grain size distribution curves 
of the three materials show that the compaction 
breaks down the material particles; i.e., the material 
particles becomes smaller after compaction. The ef-
fect of compaction effort on the break-up of the ma-
terial particles on the MD is insignificant while the 
significant effect is found for lateritic soil. The parti-
cles smaller than 10 mm reduce significantly after 
compaction. This increase in smaller particles causes 
the increase in LL and PI (compare Tables 1 and 2) 
and the deterioration of engineering properties of the 
compacted lateritic soil. 

 

 
Figure 3. Grain size distribution of the lateritic soil before and 
after compaction test. 

 

 
Figure 4. Grain size distribution of the MD before and after 
compaction test. 
 
 The role of MD replacement in the lateritic soils is 
to minimize the degree of break-up of the material 
particles due to compaction. The smaller change in 
gradation curve of blended material after compac-
tion is clearly observed in Figure 5.   

Results of modified compaction tests on the later-
itic soil, MD and blends are shown in Figure 6. The 
three materials exhibit the bell-shaped compaction 
pattern. The compacted lateritic soil has the highest 
maximum dry density (MDD) of 2.16 ton/m3 while the 
compacted MD has the lowest MDD of 0.82 ton/m3. 
The MDD value of the blend is between that of the 
lateritic soil and MD and being 1.60 ton/m3. Higher 

specific gravity of lateritic soil causes higher MDD 
compared to the other materials.   
 
Table 2. Particle size distribution and Atterberg limits after 
compaction. ___________________________________________________ 
List             Lateritic soil        MD    Lateritic soil : MD 
                                                                                      (50 : 50) ___________________________________________________ 
LL (%)           45.6        -              39.6 
PL (%)                     24.6        -             28.3 
PI  (%)                  21.0        -               11.3 
D10 (mm)                           -           0.8             - 
D30 (mm)                           -        1.75           0.5 
D50 (mm)                           2.5       2.6           2.5 
D60 (mm)                           4.0       3.2           4.0 
Cu               -        4.0             -  
CC           -        1.2           - 
Classification-USCS      SC       GW                 SM    
__________________________________________ 

 
 

 
 

 
 
 
 
 
 
 
 
 
 

Figure 5. Grain size distribution of the lateritic soil/MD blend 
before and after compaction test. 
 
   The highest OMC value is found for the blend and 
equal to 14% while the lowest value is for lateritic soil 
and equal to 7.6%. The lower dry density of the blend 
can reduce the weight of the pavement structure on 
subgrade. 
   

 
Figure 6. Compaction curve of lateritic soil, MD and blend. 

 
   A maximum LA abrasion value of 60% is typically 
adopted by Department of Highways, Thailand for 
sub-base materials (DH-S 1996).  The LA abrasion 
values of the lateritic soil, MD and blend meet this 
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requirement. The LA abrasion of MD is the lowest, 
indicating the most durable. The MD replacement in 
lateritic can thus improve the abrasion characteristic 
(reduce the LA abrasion) as shown in Table 3. 

The water absorption of the three materials is 
shown in Table 1. The water absorption of the coarse 
aggregates for the blend is lower than that of the later-
itic soil. However, the water absorption of fine particle 
of the blend is higher than that of the lateritic soil. This 
is because the fine particles of MD absorb more water 
than those of the lateritic soil. However, the water ab-
sorption of the blend is much lower than the lateritic 
soil since the fine-grains contained in the MD are only 
0.9% 

Table 3 summarizes the physical and geotech-
nical properties of the lateritic soil and the blend to 
illustrate the advantage of MD replacement in later-
itic soil. The values of the properties are compared 
with the requirement specified by the Department of 
Highways. The MD replacement improve the swell-
ing significantly. Liquid limit (LL) and plasticity in-
dex (PI) decrease and the CBR increases with MD 
replacement. Even though the LL, PI and CBR val-
ues of the stabilized lateritic soil do not meet the 
specific requirement, they are very close to the re-
quirement. The further study on this improvement 
will be undertaken to determine the suitable MD re-
placement. 

Table 3. Compared between typical specification for sub-base 
application from Department of Highways, Thailand and test 
result. ___________________________________________________
Test      Requirement      Lateritic       Lateritic soil : MD 
                     (DH-S205/2532)      soil                           (50 : 50) ___________________________________________________
LA abrasion (%)  < 60  58.1  55.3 
LL (%)  < 35  40.7  38.9 
PI (%)  < 11  19.8  11.6 
CBR 95%MDD (%)  > 25  9.3  21 
Swell (%)           < 4           6.4                    0.31 __________________________________________________

4 CONCLUSIONS 

The soil improvement by Melamine Debris (MD) 
replacement is illustrated in this paper. The laborato-
ry evaluation includes particle size distribution, At-
terberg limits, compaction, LA abrasion, CBR and 
swelling. The conclusion can be drawn as follows: 

1. MD is a non-plastic and durable material (LA =
11.3%). The MD replacement in lateritic soil can thus 
improve the soil plasticity, the abrasion characteristic 

and the break-up of material particles due to com-
paction. 

2. Due to the low dry density of MD, the MD stabi-
lized lateritic soil reduces the weight of the pavement 
structure on subgrade. 

3. The swelling potential is generally higher for
higher water absorption. The swelling potential of 
the lateritic soil is thus improved significantly by 
MD replacement since the water absorption of MD 
is minimal.  

4. The results of this study show that MD tradi-
tionally destined for landfill can be used as a re-
placement material to stabilize lateritic soil for de-
veloping the sustainable unbound pavement. The 
further study will be undertaken to determine the 
suitable MD replacement. 
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1 INTRODUCTION 

Due to the environmental problems, the recycled 
materials have been recently used in civil engineer-
ing applications (Aatheesan et al. 2010; Hoyos et al. 
2011; Arulrajah et al. 2012a). Recycled Concrete 
Aggregate (RCA) from construction and demolition 
sectors is commonly used in civil engineering appli-
cations such as retaining wall, embankment, pave-
ment and etc. (Azam and Cameron 2012; Gabr and 
Cameron, 2012; Poon and Chan 2006a, 2006b). 

However, the application of the RCA as a backfill of 
mechanically stabilized earth (MSE) wall is limited. 
Geosynthetics such as geotextiles and geogrids are 
commonly used as an earth reinforcement. The inter-
face strength between soil and geogrid is higher than 
that between soil and geotextile due to the interlock-
ing effect (Lui et al. 2009). The sliding of soil mass 
on the reinforcement is one of classical modes of 
failure in reinforced soil wall as showing in Figure 1 
(Palmeira and Miligan, 1987a; Mendes et al. 2007; 
Palmeira, 2009).  

The interface strength between soil and geosyn-
thetics is regularly investigated via a direct shear test 
(Jarret and Bathurst, 1985; Cancelli et al. 1992; 
Bauer and Zhao, 1993; Cazzuffi et al. 1993; Bakeer 

et al. 1998; Abu- Farsakh and Coronel, 2006 and Liu 
et al. 2009).  
 

 
 
Figure 1 Interaction mechanism in a geosynthetic reinforced 
soil wall (modified from Palmeira, 2009). 

 
The investigation of interface strength between 

RCA as a backfill and geogrid is important if RCA 
is used as a sustainable backfill material in practice. 
Therefore, this study aims to study factors influencing 
interface strength between RCA and geogrids. The in-
fluential factors include opening size and tensile 
strength of geogrids and shear strength of backfill. The 
interface strength is obtained using a large scale direct 
shear test. The outcome of this research would divert 
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ABSTRACT: The interface shear strength properties between geogrid and Recycled Concrete Aggregate 
(RCA) were investigated in this research. The interface shear strength tests were undertaken using a large di-
rect shear test (DST) apparatus. The results on interface shear strength properties between geogrids and RCA 
are compared with those between geogrids and Crushed Rock (CR) to understand the effect of shear strength 
of backfill, as well as opening size and tensile strength of geogrid. Three types of geogrid are used in this 
study: GX80/80, GX60/60 and MG60/60. The geogrid opening sizes are 42 mm for GX80/80 and DX60/60 
and 20 mm for MG60/60 while the average grain size of the RCA and CR is the same and equal to 10 mm. 
The results show that the shear strength of backfill mainly controls the interface strength while the opening 
size and the tensile strength of geogrids slightly control the interface strength. Thus, the interface strengths 
between RCA and geogrids are lower than those between CR and geogrids. The interface shear strength coef-
ficient (ratio of interface strength to shear strength of backfill) is dependent upon normal stress and geogrid 
type, irrespective of backfill material. The practical equations to approximate the interface strength are pro-
posed for the three geogrid types. 
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significant quantity of RCA from landfills to be used 
in a sustainable manner as a backfill material in me-
chanically stabilized earth walls, which is significant 
in term of engineering, economical and environmen-
tal perspectives. 

2 MATERIALS AND METHODS 

2.1 Test device 

The direct shear test with a shear box, as recom-
mended by the ASTM D5321, with dimensions of 
300 mm by 300 mm, is used for this investigation of 
the geogrid/soil interface. The movement of the 
lower shear box in the horizontal direction is con-
trolled by a set of gears, which are mobilized by a 
hydraulic jacking. The vertical loading applied by a 
hydraulic jack is transferred through the rigid reac-
tion frame and adds on a rigid load plate which is 
placed on top of the soils in the upper shear box. The 
variation of a normal load during the test is less than 
2%, satisfying the requirement defined by ASTM 
D5321. A rigid plate is conventionally used as the 
loading plate in direct shear tests (Bakeer et al. 
1998; Lee and Manjunath, 2000). Hsieh and Hsieh 
(2003) found that in order to prevent a concave pres-
sure distribution at the shearing plane, a minimum of 
50 mm thickness of soil in the upper shear box is 
recommended so as to ensure the reproduction of 
normal pressures at the shearing plane when a rigid 
load plate is used for applying the normal load. The 
system is capable of applying a vertical force and 
shear force of up to 100 kN. Figure 2 shows a side 
view of a large scale direct shear apparatus used in 
this study. The vertical force applied on the rigid 
plate and its vertical displacement were measured 
during the tests. The horizontal movement of the 
lower shear box and the shear force put during 
shearing testing were also recorded. These data were 
collected by using two load cells and two linear var-
iable displacement transformers (LVDT). The ca-
pacity for both load cells is 100 kN. The capacities 
for vertical and horizontal LVDT are 50 mm and 
100 mm, respectively. 

 
Figure 2 Large direct shear apparatus. 

2.2 Materials 

RCA was collected from Bureau of Rural Roads 5, 
Department of Rural Roads, Nakhon Ratchasima, 
Thailand. The mean 28 day cube strength of the 
original concrete was 28.5 MPa with standard devia-
tion of 11.9 MPa. RCA was passed through various 
sieves and particles with different sizes after sieving 
were stockpiled. Crushed Rock (CR) was collected 
from a quarry from Chok-chai District, Nakhon 
Ratchasima, Thailand. It was sourced from a basalt 
rock with a maximum particle size of 19 mm. Both 
CR and RCA samples were oven dried for 24 hr at 
60°C. The grain size distribution curve of CR is con-
sistent with the requirement of Department of High-
ways and Department of Rural Roads. The gradation 
of RCA was adjusted to be the same as that of CR. 
Table 1 shows the physical and geotechnical proper-
ties of RCA and CR. RCA and CR have coefficient 
of uniformity (Cu) and coefficient of curvature (Cc) 
of 18.1 and 1.7 respectively. The median diameter 
(d50) of both materials is 10 mm. RCA and CR are 
classified as well graded gravel (GW) according to 
Unified Soil Classification System (USCS).  

Three types of geogrids are used in this study, and 
they are denoted as GX-80/80, GX60/60, MG-60/60, 
respectively. The geogrids are woven polyester 
yarns and coated with PVC. Table 2 lists the physi-
cal characteristics of the three geogrids. Figure 3 
presents an illustration of these geogrids. 

2.3 Methods 

RCA and CR were used for the large scale direct 
shear testing. The sample was compacted by an elec-
tric compactor in four layers to attain the maximum 
dry unit weight. The geogrid was positioned on top 
of the lower shear box and was clamped on the front 
edge of the lower shear box by a c - clamp of two 
aligned bolts and a steel clamping block. The normal 
stresses were 10, 20, and 40 kPa. Shear loading was 
applied when the vertical deformation reaches its 
equilibrium. According to ASTM D5321, a shear 
rate of 1 mm/min is used in this test program. The 
test stops when the shear displacement reaches about 
65 mm, i.e., about 15% shear strain. The maximum 
shear strength during the shear process was recorded 
as the peak shear strength. The direct shear tests for 
soil–soil interfaces and soil/PET-yarn geotextile 
were conducted under the same normal loading and 
same testing procedures for the sake of comparison. 
A comparison of the interface shear strength of soil 
against geogrid is quantitatively represented by an 
interface shear strength coefficient (α), which is the 
ratio of interface shear strength (

soil/geogrid
τ ) to shear 

strength (
soil
τ ) of soil under the same normal stress:  
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soil/geogrid

soil

=
τ

α
τ

 (1)  

3 RESULTS 

Table 1 shows the geotechnical properties of RCA 
and CR compared to the specification of pavement 
base material. It is found that the geotechnical prop-
erties of RCA meet the requirement, except the LA 
abrasion. Figures 4a to 4f show the interface re-
sponses for the three geogrids and two backfill mate-
rials (RCA and CR). The shear responses are in sim-
ilar pattern for both RCA and CR that the samples 
exhibit the dilatant behavior in vertical displacement 
and horizontal displacement relationship without any 
stain softening in shear stress and horizontal dis-
placement relationship. In other words, the shear 
stress increases up to a peak strength (τp) after that 

the shear stress is essentially constant even with a 
large shear displacement. 

Even with the dilatant behavior in vertical dis-
placement and horizontal displacement relationship, 
the magnitude is very small of less than 0.8 mm. The 
shear interface increases with normal stress, which is 
associated with a reduction in dilatancy. The small 
compression is noticed for both RCA and CR and all 
geogrids and normal stresses tested before the dila-
tants behavior commences. 

For the geogrids with the same opening size of 4.0 
mm but with different tensile strength (GX80/80 and 
GX60/60), the slightly higher interface strength is 
found for higher tensile strength geogrid (GX80/80) 
for both CR and RCA. For the same opening size 
and tensile strength, RCA exhibits lower interface 
strength than CR due to the particle breakage after 
compaction, hence lower shear strength of CR.  

 
Table 1 Soil properties.  

Engineering Properties 

RCA Content Requirement for 
Pavement Base Ma-

terials 0% 100% 

Gravel Content Before Compaction (%)                      64.6 64.6 40-75 

Sand Content Before Compaction (%)                      35.4 35.4 23-40 

Fine Content Before Compaction (%)                      0 0 <15 

d50 Before Compaction (mm) 10 10 2.8-17 

d50 After Compaction (mm) 9.7 5.9 2.8-17 

Cu Before Compaction 18.1 18.1 - 

Cc Before Compaction 1.7 1.7 - 

USCS Classification Before Compaction GW GW - 

Specific gravity of coarse fraction 2.81 2.75 - 

Water absorption coarse fraction (%) 2.44 4.22 - 

Los Angeles (LA) Abrasion (max) 17.02 39.24 < 40 

Modified Compaction: Max dry density (kN/m3) 20.9 17.6 >17.5 

Modified Compaction: Optimum moisture content (%) 8.6 14.1 8-14 

CBR (%) 128 36 >80 

Cohesion 0 0 - 

Peak internal friction angle 44.9 27.6 >35 

Critical internal friction angle 34.7 25.8 - 

 
 
Table 2 Geogrid properties. 
Material Tensile strength (kN/m) Elongation (%) Geogrid opening size Lip thickness 

(mm) 
Perimeter 

(mm) MD CD MD CD Length (mm) Width (mm) 
GX80/80 96 97 10.2 10.3 42 42 1.0 16.8 
GX60/60 72 71 11.3 11.5 42 42 1.0 16.8 
MG60/60 70 72 11.2 11.0 20 20 0.6 8.0 
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Figure 3a and 3b Illustration of a) Miragrid (GX80/80 and GX60/60) and b) Microgrid (MG60/60). 
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Figure 4 Interface shear response of the soil-geogrid materials. 
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 The small increase in interface strength with 
higher tensile strength (GX80/80) is because no 
failure occurs on both geogrids during shear (Fig-
ure 5). Due to higher stiffness of GX80/80, the re-
sistance to the movement of CR and RCA particles 
during shearing is higher, resulting in higher inter-
locking and higher interface strength. The higher 
interface strength is associated with the higher di-
latancy for the same normal stress (refer to Figures 
4a and 4b and Figures 4d and 4e). 

The effect of opening size of geogrids for the 
same tensile strength on the interface strength is il-
lustrated by comparing Figures 4b and 4c for CR 
and Figures 4e and 4f for RCA. The smaller open-
ing size gives lower interface strength, which is as-
sociated with lower dilatancy.  

 

 
 
Figure 5 Deformation of geogrid after shearing.  
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Figure 6 Mohr-Coulomb failure envelopes of soil-geogrid 
materials. 

 
Figure 6 shows Mohr-Coulomb interface failure 

envelopes at peak state for RCA and CR. The ef-
fect of opening size and tensile strength of geogrid 
on the interface strength is clearly illustrated by 
adhesion (Ca) and gradient of failure envelope (in-
terface friction angle, δ). The adhesion and inter-
face friction angle are larger for CR. The interface 
friction angles are almost the same for the same 
backfill, irrespective of opening size and tensile 
strength of geogrid. In other words, δ is mainly 

controlled by the friction angle (φ) of backfill ma-
terial. The higher φ results in higher δ. The δ/φ is 
approximately 0.74 for CR and 0.65 for RCA for 
different opening sizes and tensile strength. The 
adhesion (Ca) is strongly controlled by the opening 
size and tensile strength.  

Figure 7 shows the influence of normal stress on 
the interface strength coefficients (α). The α value 
decreases with increasing normal stress level. The 
highest α value is found for GX80/80. The α value 
is greater than 1.0 for low normal stress of 10 kPa. 
This implies that the geogrid increases the inter-
particle force and hence the interface strength is 
greater than the shear strength of backfill as illus-
trated by Figure 8. The relationship between α and 
normal stress (σn) is dependent upon the geogrid 
type, irrespective of backfill. In other words, the 
relationship between α and σn for RCA and CR is 
essentially the same for the same geogrid. The α 
approaches the same value when the normal stress 
is close to 40 kPa.  
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Figure 7 Interface shear strength coefficients (α) versus nor-
mal stress relationship for different geogrids and backfills. 
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Figure 8 Schematic diagram showing interaction between 
soil particle and geogrid. 
 

The relationship between α and σn can be ex-
pressed as follows: 

nσα ln42.032.2 −=   for GX80/80 (2) 

Shearing direction 
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nσα ln16.029.1 −=    for GX60/60 (3) 

nσα ln26.071.1 −=    for MG60/60 (4) 

4 CONCLUSIONS 

The paper presents a study on the interface 
strength between geogrids and backfill materials 
(RCA and CR). The interface strength is controlled 
by strength of backfill as well as opening size and 
tensile strength of geogrid. The interface friction 
angle (δ) is almost the same for the same backfill 
material, irrespective of opening size and tensile 
strength. The δ values are 0.74 and 0.65 for CR 
and RCA, respectively. The relationship between α 
and normal stress is proposed to take the strength 
of backfill into account. α decreases with increas-
ing normal stress and tends to be constant when 
normal stress is greater than 40 kPa. The relation-
ships between α and normal stress for GX80/80, 
GX60/60 and MG60/60 are proposed to determine 
the interface strength in terms of the strength pa-
rameters of the backfill material. 
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1 INTRODUCTION 

Calcium Carbide Residue (CCR) is a by-product of 
acetylene (C2H2) production process through the 
hydrolysis of calcium carbide (CaC2). The CCR is 
generated as an aqueous slurry and is composed 
essentially of calcium hydroxide (Ca(OH)2) with 
minorparts of calcium carbonate (CaCO3), 
unreacted carbon and silicates (Hologado et al. 
1992; Ramasamy and Periathamby, 2002). 
Presently, the demand of CaC2 for producing 
acetylene gas in Thailand is 18,500 tons/year. This 
provides 21,500 tons/year of CCR and the demand 
is continuously increasing each year 
(Jaturapitakkul and Roongreung, 2003). 

For clayey soils, which contain high natural 
pozzolanic materials, the Ca(OH)2 rich materials 
can be used as alternative cementing agent to 
produce moderatelyhigh strength geomaterials. The 
cementing property is identified as a pozzolanic 
reaction. The engineering characteristics of 
Ca(OH)2 rich materials stabilized clay are 
attributed to three basic reactions (Herrin and 
Mitchell, 1961),which are cation exchange, 
flocculation and aggregation, and pozzolanic 
reaction. 

CCR, which consistsmainly of Ca(OH)2 was 
proved as a waste cementing agent for soil 
stabilization (Horpibulsuk et al. 2012; Horpibulsuk 
et al. 2013; Kampala and Horpibulsuk, 2013). 

Horpibulsuk et al. (2012 and 2013) and Kampala 
and Horpibulsuk (2013) investigated the 
engineering properties of the CCR stabilized clay 
to ascertain the performance in the fill and 
pavement applications. They proved that the CCR 
stabilization is more effective than the lime 
stabilization in terms of engineering, economic and 
environmental viewpoints. The strength 
improvement for a particular curing time is 
classified into three zones: active, inert and 
deterioration. In the active zone, the strength 
increases remarkably with increasing the CCR 
content. All the input Ca(OH)2 

is consumed by the 
natural pozzolanic material in the soil for 
pozzolanic reaction. This active zone can be 
determined from the CCR fixation point, which is 
simply obtained from the index test. The CCR 
fixation is defined as the CCR content that the 
plasticity index of the CCR-clay mixture 
insignificantly changes with the input of CCR. The 
strength development in the inert zone slows down; 
the incremental gradient becomes nearly zero and 
does not make any further significant 
improvement. This is because the natural 
pozzoalnic materials in the clay are not sufficient 
to react with excess Ca(OH)2 

from the CCR. The 
strength decrease appears when the CCR content is 
in the deterioration zone. The free lime causes the 
unsoundness and hence the strength reduction. 
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Even though there is available research on the 
soil stabilized with the CCR, the investigation on 
relationship between the strength development and 
curing time is very limits. This study assesses the 
unsoaked and soaked strengths of CCR stabilized 
lateritic soil at any water content, CCR content and 
curing time. 

2 LABORATORY INVESTIGATION 

2.1 Soil Sample 

The soil sample is lateritic soil, which was 
collected from the Nakhon Ratchasima province of 
Thailand at a depth of approximately 3 meters. 
Figure 1 shows the grain size distribution of the 
lateritic soil, composed of 40% sand, 30% silt and 
30% clay. The specific gravity of the lateritic soil 
is 2.75. The liquid and plastic limits of lateritic soil 
are approximately 27% and 7%, respectively. 
Based on the Unified Soil Classification System 
(USCS), the lateritic soil is slight plasticity (ML). 

The morphology using scanning electron 
microscope (SEM) of the lateritic soil (fine 
aggregate) is shown in Figure 2a. The lateritic soil 
(fine aggregate) particles are irregular in shape. 
The chemical composition using X-ray 
fluorescence (XRF) of the (fine aggregate) is 
shown in Table 1. The sum of SiO2, Al2O3 and 
Fe2O3 is 95.35%, which is considered as high for 
pozzolanic reaction. 

2.2 Calcium Carbide Residue  

CCR was obtained from Sai 5 Gas Product Co., 
Ltd.  The CCR was oven-dried at 100oC for 24 
hours and ground in a Los Angeles abrasion 
machine. The CCR was passed through a sieve No. 
40 (425 µm). The specific gravity is 2.25. Table 1 
shows the chemical composition of the CCR. The 
CaO contents of CCR are 70.78% and sum of SiO2, 
Al 2O3 and Fe2O3 (pozzolanic materials) is about 
12.3%. The high CaO contents of the CCR indicate 
that it can react with pozzolanic materials and 
behave likely a cementitious binder. The grain size 
distribution of the CCR compared with that of the 
lateritic soil is shown in Figure 1. The curves were 
obtained from the laser particle size analysis. The 
average grain size, D50 of the CCR, lateritic soil 
and lateritic soil (fine aggregate) is 0.01, 0.1 and 
0.05 mm, respectively. The SEM image of the 
CCR is also shown in Figure 2. It is found that the 
CCR particles are smaller than the lateritic soil 
particles. 

Figure 1. Grain size distribution of lateritic soil and  CCR. 

 

(a) Lateritic soil (fine aggregate)  (b) CCR 

Figure 2. SEM images of lateritic soil (fine aggregate) and 
CCR. 
 

Table 1.Chemical properties of lateritic soil, CCR. 
Chemical 

composition 
CCR (%) Lateritic soil (%) 

CaO 70.78 0.26 
SiO2 6.49 49.93 
Al 2O3 2.55 42.90 
Fe2O3 3.25 2.52 
MgO 0.69 0.10 
SO3 0.66 0.47 
Na2O ND ND 
K2O 7.93 0.42 
LOI 1.35 3.40  

2.3 Methodology 

The soil samples were passed through a 4.75 mm 
sieve to remove coarser particles. It was oven dried 
at 60oC and then the water content was adjusted for 
compaction tests. The index properties and 
compaction testson the CCR stabilized samples 
were carried out immediately after thorough 
mixing. The compaction of the soil samples was 
carried out using a 100 mm standard mold under 
modified proctor energy (ASTM D 689 and D 
1557). To evaluate the strength of the CCR 
stabilized clay, a series of unsoaked and soaked 
unconfined compressive strength tests under 
unsoaked and soaked condition were undertaken. 
All the index and strength tests were carried out 
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according to the American Standard for Testing 
and Materials (ASTM).  

3 TEST RESULTS  

Figure 3 shows the effect of CCR content on the 
index properties of the CCR stabilized lateritic soil. 
The plastic limit, PL values of stabilized sample 
increase significantly while the liquid limit, LL 
values change insignificantly, resulting in a 
decrease in the plasticity index, PI. However, when 
the CCR content is greater than 10%, the change in 
PI is slightly constant. The CCR content of 10% is 
thus as “CCR fixation point” (Horpibulsuk et al. 
2012 and Kampala and Horpibulsuk, 2013) 

Figure 3. Index properties of the CCR stabilizedlateritic soil. 

Figure 4 shows the compaction curves of CCR 
stabilized lateritic soil at different CCR contents. 
The maximum dry unit weight decreases with the 
increase  in  CCR content.  It is because the specific

Figure 4. Compaction curves of CCR stabilized lateritic soil. 

gravity of CCR is lower than that of lateritic soil. 
The compaction characteristics (OWC, γd,max) are 
essential constant when the CCR content is higher 
than the CCR fixation point (Kampala and 
Horpibulsuk, 2013). 

Figure 5 shows the strength development in the 
stabilized lateritic soil at the OWC (maximum dry 
unit weight). It is found that the strength 
improvement of lateritic soil is classified into three 
zones: active, inert and deterioration. In the active 
zone, the strength increases significantly with 
increasing CCR content. Beyond this zone, the 
strength development slows down. The incremental 
gradient becomes nearly zero and does not make 
any further significant improvement. This zone is 
referred to as the inert zone (CCR content = 8- 
12%). The strength decline appears when the CCR 
content is higher than 12%. This zone is identified 
as the deterioration zone. 

Figure 5. Improvement zones of CCR stabilized lateritic soil. 

Figure 6 shows the relationship between 
compressive strength and water content of the 
lateritic soil stabilized with 8% CCR under 
unsoaked and soaked conditions for different 
curing times. Under both conditions, the maximum 
strength values of the CCR stabilized lateritic soil 
are at about OWC, which is similar to the strength 
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characteristic of CCR stabilized silty clay 
(Kampala and Horpibulsuk, 2013). The unsoaked 
strength values of the samples compacted on the 
dry and the wet sides of optimum are almost the 
same, but the soaked strength values of the samples 
compacted on the dry side are lower than those of 
the samples compacted on the wet side. 

Figure 6. Relationship between strength and water content of 
CCR stabilized lateritic soil under unsaoked and soaked 
conditions. 

Figure 7 shows the volume change of the 8% 
CCR stabilized lateritic soil under CBR test. The 
mixing water content at OWC shows the highest 
shrinkage percentage while the mixing water 
content at 0.8OWC shows the lowest shrinkage 
percentage. Over the time of the immersion, the 
samples expand due to the increase in the water 
absorption. The optimum water content exhibits 
the lowest volume change while the 0.8OWC (dry 
side) exhibits the highest volume change. 
Consequently, the samples compacted on the dry 
side of optimum yield the lowest soaked strength 
(vide Figures 7). The immersion for 2 hours is 
considered as appropriate (insignificant change in 
the water absorption after 2 hours). This is in 
agreement with the specification by the American 
Association of State Highway and Transportation 
Officials (AASHTO). 

The unsoaked and soaked strength development 
in the active and inert zone of the CCR stabilized 
lateritic soil with different CCR contents and water 
contents are shown in Figure 8. For both 
conditions, the strength of all samples increases as 
logarithm of curing time increases. It is note that 
unsoaked and soaked strengths have the same 
normalized characteristic using 28-day strength as 
reference even though the strengths for both 
conditions are different and soaked strengths are 

significantly lower than unsoaked strengths at the 
same CCR contents.  

Figure 7. Volume change of the CCR stabilized lateritic soil 
under soaked condition. 

Figure 8. Relationship between compressive strength and 
curing time of CCR stabilized lateritic soil for different the 
CCR content and water content and the normalization. 

Figure 9 shows the relationship between 
strength and logarithm of curing time of the of 
CCR stabilized silty clay for different the CCR 
content and water content (test results from 
Kampala and Horpibulsuk, 2013). The strengths of 
the samples prepared on both dry and wet sides of 
optimum linearly increase with increasing 
logarithm of curing time. Taking 28-day strength 
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as reference, the normalized behavior exists. 
Considering Figures 8 and 9, the normalized 
function for both silty clay and lateritic soils is the 
same. This implies the normalized behavior is valid 
for both unsaoked and soaked conditions and for 
different state of water content. 

 

Figure 9. Relationship between compressive strength and 
curing time of CCR stabilized silty clay for different the CCR 
content and water content and the normalization. 

The generalized strength development for the 
CCR stabilized silty clay and lateritic soil is 
presented in the form: 

28

0.45 0.168ln( )Dq
D

q
= +    (1) 

where Dq is the strength after D  days of curing, 

28q is the 28 day-strength, D is the curing time 

(days) 
 

To extend the applicability of the proposed 
function to other stabilized soil, the test data by 
Consoli et al. (2001), Horpibulsuk et al. (2012) and 
Horpibulsuk et al. (2013) were taken and analyzed. 
Figure 10 presents the comparison between the 
predicted and measured 7, 60 and 90 day 
strengthsusing 28 day strength as reference.  The 
predicted 7, 60 and 90 day strengths of both data 
are acceptable ranging between 80 and 120%. The 
error from the prediction is because some samples 
were compacted under energy higher than the 
modified Proctor energy. 

 

 

Figure 10. Comparison between measured and predicted the 
strength development in the calcium carbide and hydrated 
lime stabilized clay. 

4 ANALYSIS AND DISCUSSION 

The engineering properties of the CCR stabilized 
soils depend on the physical properties, which are 
controlled by the input of CCR. The CCR fixation 
point indicates the capacity of the clay to absorb 
Ca2+ ions and react with Ca(OH)2 (Horpibulsuk et 
al. 2012). The Ca2+ ions from the CCR are 
absorbed by clay particles (negative charge) during 
the cation exchange process. This absorption 
causes the reduction in plasticity (Holtz, 1969). 
The decrease in PI indicates the flocculation and 
the coagulate aggregation of the clay particles, 
(Diamond and Kinter, 1965; Terrel et al. 1979) 
which are caused by the absorption of Ca2+ ions. 
As such, the constant PI with the increase in CCR 
content is an indicator that the Ca(OH)2 obtained 
from the input CCR is far in excess of the 
absorption capacity. Only the absorbed Ca(OH)2 
can react with the natural pozzolanic material in 
the soil while the excess Ca(OH)2 (free lime) is just 
remained in the soil and insignificantly improves 
the strength. When the CCR contentmore than 12% 
(deterioration zone), the unsoundness due to free 
lime causes the strength reduction (Horpibulsuk et 
al. 2012).  

The compactioncurves and the compaction 
characteristics (OWC and γd,max) of the stabilized 
lateritic soil change with the input of CCR when 
the CCR content is lower than the CCR fixation 
point. This is because the compaction curves and 
the compaction characteristics of thelateritic soilare 
essentially dependent upon the plasticity index 
(Gurtug and Sridharan, 2002; Horpibulsuk et al. 
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2008; Nagaraj et al. 2006) which decrease with 
increasing the CCR content.  

The engineering property of the CCR stabilized 
lateritic soilis governed by the attractive and 
repulsive forces among the fine particles. The 
chemical bond enhances the attractive forces while 
the water absorption induces the repulsive forces. 
As the water absorption increases, the swell strain 
and swell pressure (repulsive forces) increase. Both 
the attractive and the repulsive forces of the 
stabilized silty clay for the same CCR content are 
dependent upon the state of water content.  The 
water content at OWC provides the highest 
attractive forces as indicated by the same unsoaked 
strength. The lower water content is not enough for 
pozzolanic reaction while the higher water content 
causes the high water/stabilizer ratio, W/S.The 
higher the W/S, the lower the strength. The 
increase in the repulsive forces (the expansion of 
the diffusion double layer) is indicated by the water 
absorption and the volume change (Kampala and 
Horpibulsuk, 2013).  

5 CONCLUSIONS 

This research reports on the engineering properties 
of the marginallateritic soil stabilized with CCR. 
CCR can be regarded as an alternative waste 
cementing agent. The following conclusions are 
drawn as follows: 

(1) The CCR can react with natural pozzolanic 
materials, resulting in the improvement of the 
engineering properties of the CCR stabilized 
clayey soils. This stabilized lateritic soilcan be 
considered as a subase and base materials. The 
excessive CCR or the free lime has unsoundness 
properties, therefore, the high free lime (CCR 
content > CCR fixation point) causes the swelling 
in the CCR stabilized lateritic soil. 

(2) The CCR enhances the chemical bond 
(attractive forces) among the clay particles. The 
OWC is the suitable mixing state, providing the 
best engineering properties (highest strength and 
lowest water absorption). The lower water content 
is not enough for pozzolanic reaction while the 
higher water content causes the high 
water/stabilizer ratio, W/S.  

(3) It is evident that the normalized behavior of 
CCR stabilized clayey soils exists for different 
state of water content (OWC, dry and wet sides of 
optimum) and for unsoaked and soaked conditions. 
The normalized function proposed is validated by 
the available test data.  
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1 INTRODUCTION 

Concrete waste is one of the construction and demo-
lition wastes (C and DW) generated many million 
tons a year. Recently, the properties of this waste 
were  studied in order to recover as coarse aggregate 
for concrete production. Many researchs reported 
that the coarse aggregate obtained from the recovery 
or recycle had the higher porosity, higher water ab-
sorption, and weaker than those of natural aggregate 
(Katz 2004, Poon et al. 2004a, Levy and Helene 
2004). When recycled coarse aggregate was used as 
coarse aggregate in concrete, the compressive 
strength and durability of concrete decreased (Olo-
runsogo and Padayachee 2002, Kou et al. 2007).  

Thailand is the country producing large amount 
of sugarcane which is ranked No. 4 of the world 
(Corp production 2011). In the sugar production, 
bagasse was obtained and then brunt as a fuel for 
producing the electricity in the sugar industry.  The 
by-product of this process is a waste called bagasse 
ash. 

Many tons of fluidized bed fly ash, a by-product 
from thermal power plants, has been produced each 
year in Thailand. Most sources of fluidized bed fly 
ash are located closer to Bangkok, the capital of 
Thailand. Thus, it is a better choice for the construc-
tion industry in Bangkok area if the fluidized bed fly 
ash is improved and used as pozzolanic material. 

Recently, little amount of bagasse ash and fluid-
ized bed fly ash have been used, thus the large 
amount of these ashes have been disposed to landfill 
as waste similar to the recycled aggregate. If the 
benefit of these ashes are studied and promoted for 
concrete production, the amount of required landfill 
for disposal sites will be reduced and can conserve 
natural resources. Therefore, this research aimed to 
use recycled coarse aggregate to fully replace natural 
coarse aggregate to produce recycled aggregate con-
crete. In addition, ground fly ash and ground bagasse 
ash were used separately to partially replace cement 
to improve both compressive strength and durability 
of recycled aggregate concrete. The novelty of this 
research is the utilization of the waste ashes from 
power plants and waste concrete. The results of this 
research are useful for concrete technologists to se-
lect a suitable replacement rate of ground fly ash, 
ground bagasse ash as well as recycled coarse ag-
gregate to produce recycled aggregate concrete 
which has the suitable strength and good durability. 
The optimum amounts of fly ash and bagasse ash for 
making the preferable recycled aggregate concrete 
are indicated. The outcomes of this study would 
benefit to the reduction of cement usage, landfill, 
and natural coarse aggregate which are good for the 
environment and also reduces the cost of concrete.

Improvement of Chloride Resistance of Recycled Aggregate Concrete by 
Using Ground Fluidized Bed Fly Ash and Ground Bagasse Ash  

R. Somna 
Rajamangala University of Technology Isan, Nakhon Ratchasima, Thailand 

C. Jaturapitakkul & W. Tangchirapat 
King Mongkut’s University of Technology Thonburi, Bangkok, Thailand 

S. Horpibulsuk 
Suranaree University of Technology, Nakhon Ratchasima, Thailand 

ABSTRACT: This research aimed to use ground fluidized bed fly ash (GFA) and ground bagasse ash (GBA) 
to improve chloride resistance of recycled aggregate concretes. Recycled coarse aggregate was used to re-
place crushed limestone while GFA and GBA were used separately to replace Portland cement Type I at 20, 
35, and 50% by weight of binder to cast recycled aggregate concrete. Compressive strength and chloride con-
tents of recycled aggregate concrete after being immersed in 3% NaCl solution were investigated. The results 
showed that the suitable replacement of Portland cement by GFA or GBA to improve the compressive 
strength and chloride resistance of recycled aggregate concrete was suggested to be 20% by weight of binder. 
The highest chloride penetration resistance of recycled aggregate concrete was achieved when the replace-
ment of GFA or GBA was 50% by weight of binder.  
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2 MATERIALS AND EXPERIMENTAL 
PROGRAM 

2.1 Materials 

2.1.1 Portland cement type I 
Portland cement type I (OPC) was used in this study. 
Its specific gravity and median particle size (d50) 
were 3.14 and 14.7 micron, respectively as shown in 
Table 1. Chemical compositions of OPC are pre-
sented in Table 2. 

2.1.2 Ground fly ash 
Fluidized bed fly ash was collected from a power 
plant in Prachinburi province, Thailand. Fly ash 
from the fluidized bed combustion is different from 
that obtained from pulverized coal combustion due 
to the different combustion processes involved. 
Ground fluidized bed fly ash (GFA) has specific 
gravity of 2.42, particles retained on a 45-µm sieve 
of 0.58% by weight, and median particle size (d50) is 
4.5 micron (as shown in Table 1). Moreover, GFA 
has strength activity index at 7 and 28 days of 101 
and 114%, respectively as shown in Table 2. With 
the above results, GFA is suitable to be used as a 
pozzolanic material. Moreover, the sum of SiO2, 
Al 2O3, and Fe2O3 of GFA is 68.3%. SO3 and LOI of 
GFA were 4.0 and 5.3%, respectively which were 
not higher than the limited specified by ASTM C 
618 (2001). 

2.1.3 Ground bagasse ash 
Original bagasse ash was collected from the sugar 
industry in Lopburi province in Thailand. Ground 
bagasse ash (GBA) had specific gravity of 2.27, par-
ticles retained on a 45-µm sieve of 0.42% by weight, 
median particle size (d50) of 5.6 micron, and the 
strength activity indices at 7 and 28 days of 87 and 
113%, respectively (see Tables 1 and 2). The par-
ticle size distributions of GFA and GBA are also 
shown in Figure 1. 

Figure 1. Particle size distributions of materials. 

For GBA, the sum of SiO2, Al2O3, and Fe2O3 is 
67.7% and other chemical compositions of GBA 

qualified to the requirement of ASTM C 618 (2001) 
except for the loss on ignition (LOI), 19.6%, which 
was higher than the limitation of natural pozzolan 
(10%). Although, use of ground bagasse ash with 
high LOI (20.36%) to partially replace cement re-
sulted in increasing of setting time of paste (Mon-
takarntiwong et al. 2005), the high LOI content in 
bagasse ash (up to 20%) slightly affected the com-
pressive strength of mortar when the age of mortar 
was more than 28 days (Chusilp et al. 2009). 
Moreover, the results of strength activity indices of 
GBA mentioned in the previous section also con-
firmed that GBA could be used as a pozzolanic ma-
terial. 

Table 1.  Physical properties of cementitious materials. 
Cementitious 
Materials 

Specific 
Gravity 

Retained 
on a 45-µm 
Sieve (%) 

Median 
Particle Size, d50 

(micron) 
OPC 3.14 - 14.7 
OFA 2.34 48.6 28.6 
GFA 2.42 0.58 4.5 
OBA 1.89 66.85 - 
GBA 2.27 0.42 5.6 

2.2 Chemical compositions of cementitious 
materials 

Table 2 shows the chemical compositions of Port-
land cement type I, ground fluidized bed fly ash, and 
ground bagasse ash. Portland cement type I had CaO 
of 65.4%. Moreover, it had MgO, SO3, and LOI of 
1.3, 2.7, and 1%, respectively, which were not high-
er than those specified by ASTM C 150 (2001) of 6, 
3.5, and 3%, respectively. 

Table 2. Chemical composition and strength activity index of 
cementitious materials. 

Chemical Composition (%) 
Type I 
Cement 

GFA GBA 

Silicon Dioxide (SiO2) 20.9 45.5 59.9 
Aluminium Oxide (Al2O3) 4.8 16.8 4.7 
Ferric Oxide (Fe2O3) 3.4 6.0 3.1 
Calcium Oxide (CaO) 65.4 20.9 10.5 
Magnesium Oxide (MgO) 1.3 1.2 1.3 
Phosphorous Oxide (P2O5) - 0.3 0.91 
Sulfur Trioxide (SO3) 2.7 4.0 0.04 
Loss On Ignition (LOI) 1 5.3 19.6 
SAI at 7 days (%) - 101 87 
SAI at 28 days (%) - 114 113 

2.3 Aggregates 

Coarse aggregates (crushed limestone and recycled 
aggregate) used in this study are shown in Figure 2. 
The properties of the aggregates are shown in Table 
3 and the particle size distributions of the aggregates 
are compared with the size required by ASTM C 33 
(2001), as shown in Figure 3. Local river sand was 
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used as a natural fine aggregate. It had fineness 
modulus of 3.07, specific gravity in saturated surface 
dry state (SSD) of 2.62, water absorption of 0.91%, 
moisture content of 0.27%, and dry-rodded weight 
of 1,725 kg/m3. 

Figure 2. Coarse aggregates. 

Natural coarse aggregate (crushed limestone, 
NCA) had specific gravity, water absorption, and 
moisture of 2.73, 0.45%, and 0.20%, respectively, 
while those of the recycled coarse aggregate (RCA) 
were 2.49, 4.81%, and 0.85%, respectively. Low 
specific gravity of the RCA compared to the crushed 
limestone is due to the high porosity and low density 
of attached cement paste or mortar on the surface of 
the old aggregates (Shayan and Xu 2003). The wa-
ter absorption of RCA was much higher than that of 
crushed limestone by about a factor of 10 while 
many investigations reported the water absorption of 
recycled coarse aggregate of about 6-10 times higher 
than natural coarse aggregate (Otsuki et al. 2003, 
Poon et al. 2004b, Levy and Helene, 2004, 
Tangchirapat et al. 2008). This is due to the fact that 
the old attached mortar in RCA had a higher water 
absorption capacity than that of crushed lime-stone 
(Salem et al. 2003). Additionally, the Los Angeles 
abrasion loss of RCA was found to be 37%, which 
was marginally higher than that of crushed limestone 
(23%). This was also attributable to ce-ment paste or 
mortar over RCA which was weaker than that of 
crushed limestone. 

Figure 3. Particle size distributions of aggregates. 

Table 3. Properties of Aggregates. 

Properties 
River 
Sand 

NCA RCA 

Fineness Modulus 3.07 6.89 6.47 
Specific Gravity (SSD) 2.62 2.73 2.49 
Absorption (%) 0.91 0.45 4.81 
Moisture (%) 0.27 0.20 0.85 
Dry-Rodded Weight (kg/m3) 1725 1650 1480 
Void (%) 33.9 39.3 40.4 
Los Angeles Abrasion Loss (%) - 23 37 
Material Finer than 75 µm (%) N/A N/A 0.42 

2.4 Experimental program 

The mix proportions of concretes are shown in Table 
4. The conventional concrete is the concrete using
the natural aggregates, crushed limestone and river 
sand, in the mixture. Recycled aggregate concretes 
were made with the same mix proportion of conven-
tional concrete, except that the recycled coarse ag-
gregate (RCA) was fully used to replace crushed 
limestone. In addition, ground fly ash (GFA) and 
ground bagasse ash (GBA) were used separately to 
replace Portland cement Type I at 20, 35, and 50% 
by weight of binder in the recycled aggregate con-
crete. The slump of fresh concretes was controlled 
between 50 and 100 mm by varying the amount of 
superplasticizer. 

The two-stage mixing approach method was cho-
sen to mix concretes in this study because Tam et al. 
(2005) suggested that this method can improve the 
interfacial zone between old aggregate and at-tached 
mortar by forming a thin layer of cement slurry on 
the surface of recycled aggregate and the cement 
slurry will permeate into the porous old ce-ment 
mortar, filling up the old cracks and voids, re-sulting 
in denser recycled aggregate. Concretes were mixed 
and then cast in the molds. After casting for 24 
hours, the concrete specimens were removed from 
the molds. All concretes were cured in water until 
the testing date. 
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Table 4. Mix proportions of concrete. 

Mix 

Mix Proportion (kg/m3) 

S
lu

m
p

 (
m

m
) 

C
em

en
t 

G
F

A
 

G
B

A
 

N
C

A
 

R
C

A
 

S
an

d 

S
Pa  

W
/B

b  

CON 424 - - 979 - 767 - 0.45 70 
RC 424 - - - 936 733 - 0.45 65 
RCF20 340 84 - - 922 723 0.9 0.45 60 
RCF35 274 150 - - 913 716 1.1 0.45 75 
RCF50 212 212 - - 905 709 2.1 0.45 80 
RCB20 340 - 84 - 922 719 2.5 0.45 80 
RCB35 274 - 150 - 908 708 4.6 0.45 80 
RCB50 212 - 212 - 893 697 8.5 0.45 55 

a The water in the superplasticizer is assumed to be 50% and 
used this value for adjusting W/B ratio in the concrete mix-
ture. 

b Effective water to binder ratio of concrete with recycled 
coarse aggregate was in the saturated surface dry (SSD) state. 

After 28 days of water curing, the concrete sam-
ple with 100 mm in diameter and 200 mm in height 
was cut at the mid-height to obtain two pieces of 
concrete samples. Non-shrinkage epoxy resin was 
cast around the surface of the samples prepared for 
determination of chloride ions diffused into concrete 
along one dimension. Then, the concrete samples 
were immersed in 3% sodium chloride solution for 
investigating the chloride ingress contents as shown 
in Figure 4. 

 

Figure 4. Concrete samples immersed in 3% NaCl solution for 
investigation the chloride ingress content. 

After the concrete were immersed for 12 and 18 
months, the specimens were dried-cut from the sur-
face to obtain 10-mm thick slices (see Figure 5a) and 
then the resin epoxy around the concrete was re-
moved (see Figure 5b). The concrete specimens in 
Figure 5b were ground into powder (see Figure 5c), 
and then sieved the powder through the sieve No. 20 
to obtain the powder sample for preparing solution 
for titration. The solution for determining the acid-
soluble chloride content (or total chloride content) 
was prepared following by ASTM C 1152 (2001), 
while the solution preparation for investigating the 
water-soluble chloride content (or free chloride con-
tent) was followed by ASTM C 1218 (2001). Final-
ly, the total chloride content and free chloride con-
tent were determined by Mohr’s method which is 
one of titration methods. 

Figure 5. Sample preparation for investigating chloride content 

3 RESULTS AND DISCUSSION 

3.1 Compressive strength 

Table 5 shows the compressive strengths of con-
cretes at 28, 90, and 180 days. The results showed 
that at the same curing age, recycled aggregate con-
cretes without GFA and GBA (RC concrete) had 
compressive strength lower than that of conventional 
concrete (CON). It was similar to the study of many 
researchers (Katz 2003, Ann et al. 2008, 
Tangchirapat et al. 2008). For instance, the com-
pressive strengths at 28, 90, and 180 days of CON 
concrete were 44.4, 52.8, and 53.1 MPa, respectively 
while those of RC concrete were  41.0, 50.7, and 
51.3 MPa, respectively. 

Table 5. Compressive strength of concretes. 

Mix 
Compressive Strength (MPa / %) 

28 days 90 days 180 days 
CON 44.4 / 100 52.8 / 100 53.1 / 100 
RC 41.0 / 92 50.7 / 96 51.3 / 97 
RCF20 42.7 / 96 51.8 / 98 52.5 / 99 
RCF35 40.8 / 92 50.4 / 95 50.9 / 96 
RCF50 39.3 / 89 47.4 / 90 48.1 / 91 
RCB20 41.2 / 93 51.3 / 97 51.9 / 98 
RCB35 38.6 / 87 46.9 / 89 47.5 / 89 
RCB50 35.1 / 79 43.8 / 83 44.4 / 84 

(b) Concrete specimens 

(c) Concrete powder 

(a) Sliced concretes 

Epoxy Resin 

3% NaCl Solution 

Concrete 
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Since the recycled aggregate had attached old 
mortars, which had a higher porosity and was weak-
er than crushed limestone (Katz 2004, Poon et al. 
2004a), it resulted in decreasing of the compressive 
strength of recycled aggregate concrete. Additional-
ly, the bond between new cement paste and recycled 
coarse aggregate was also obstructed by the residual 
impurities on the surface of the recycled coarse ag-
gregate (Katz 2004). 

At the same curing ages, the recycled aggregate 
concrete containing GFA 20% by weight of binder 
had higher compressive strength than those RC con-
crete. This result indicated that the compressive 
strength of recycled aggregate concrete could be 
slightly improved by using 20% GFA to replace 
Portland cement type I. 

The result also showed that the compressive 
strength of recycled aggregate concrete decreased 
with increasing of GFA replacement. The lowest 
compressive strength was found in the recycled ag-
gregate concrete containing GFA of 50% by weight 
of binder. However, the recycled aggregate concrete 
with high volume of GFA (50% replacement) had a 
compressive strength about 90% as compared to 
CON concrete.  

GFA could slightly improve the compressive 
strength of recycled aggregate concrete because it 
could reduce the average pore diameter and pore 
size distribution in the concrete, resulting in the 
denser of recycled aggregate concrete (Chin-
daprasirt et al. 2005). Moreover, the pozzolanic re-
action between GFA and calcium hydroxide yielded 
extra calcium silicate hydrate, which produced the 
compressive strength filled in the voids of concrete. 

Use of GBA in recycled aggregate concrete had a 
similar result to the use of GFA in the recycled ag-
gregate concrete. For instance, RC, RCB20, RCB35, 
and RCB50 concretes had the compressive strengths 
at 28 days of 41.0, 41.2, 38.6, and 35.1 MPa, respec-
tively. At 180 days, the compressive strengths were 
increased to be 97, 98, 89, and 84% of the CON 
concretes, respectively. The increasing of GBA re-
placement resulted in decreasing of the compressive 
strength of recycled aggregate concrete.  

The use of high volume of GBA to replace ce-
ment in recycled aggregate concrete would decrease 
the cement content in the mixture thus, decreased the 
Ca(OH)2 from the hydration reaction of cement. 
This resulted in the quantity of Ca(OH)2 was not suf-
ficient for the pozzolanic reaction (Lam et al. 2000) 
and low compressive strengths of recycled aggregate 
concretes containing GBA 35 and 50% by weight of 
binder were obtained. 

However, the use of GBA to replace cement at 
the rate of 20% by weight of binder could improve 
the strength of recycled aggregate concrete to be as 
high as that of recycled aggregate concrete without 
GBA. Since at this replacement level of GBA (20% 
by weight of binder), the Ca(OH)2 for the hydration 

reaction may be enough for the pozzolanic reaction 
between GBA and calcium hydroxide to yield extra 
calcium silicate hydrate. Moreover, GBA particles 
could fill in the voids of concrete. Both reasons re-
sulted in increasing the compressive strength of con-
crete. 

3.2 Chloride content 

3.2.1 Total Chloride Content 
Total chloride content is the sum of fixed chloride 
(bound chloride) and free chloride contents. The 
fixed chloride is the chloride which is fixed in hy-
drated cement paste and changes the form to chloro-
aluminate hydrate or Friedel’s salt by chemical reac-
tion. Moreover, fixed chloride content cannot be 
dissolved by water. Therefore, the nitric acid as sug-
gested by ASTM C 1152 (2001) was used to extract 
chloride content in concrete powder for investigating 
the total chloride content in concrete. The results of 
total chloride content in concretes are discussed in 
this section. 

Figures 6 and 7 showed the total chloride con-
tents at each distance from the surface of concretes 
immersed in 3% NaCl solution for 12 and 18 
months, respectively. It was found that at a distance 
of 5 mm from the surface of concretes, the total 
chloride contents were difficult to determine because 
they somewhat varied, while the trends were found 
in the next distances of concretes.  

Figure 6. Total chloride contents at each distance from surface 
of concretes immersed in 3% NaCl solution for 12 months. 

The 12-month total chloride contents at a distance 
of 35 mm from the surface of CON concrete were 
approximately 0.17% by weight of binder. At the 
same distance and immersed time, the one of RC 
concrete was approximately 0.19% by weight of 
binder. The results indicated that use of recycled ag-
gregate in concrete resulted in increasing total chlo-
ride content since recycled aggregate had higher po-
rosity than that of crushed limestone resulting in 
serving chloride ions to easier penetrate into the 
concrete. 
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When GFA was used in recycled aggregate con-
crete, the 12-month total chloride contents at a dis-
tance of 25 mm of RC, RCF20, RCF35, and RCF50 
concretes were approximately 0.39, 0.21, 0.20, and 
0.16% by weight of binder, respectively. When the 
immersion time increased to 18 months, the total 
chloride contents of the concretes were 0.39, 0.25, 
0.25, and 0.18% by weight of binder, respectively. 
The results showed that use of GFA could reduce the 
total chloride content of recycled aggregate con-
cretes and the total chloride content of the concretes 
decreased with the increasing replacement of GFA. 

Figure 7. Total chloride contents at each distance from surface 
of concretes immersed in 3% NaCl solution for 18 months. 

At 12 months, the total chloride contents at a dis-
tance 15 mm of RC, RCB20, RCB35, and RCB50 
concretes were 0.42, 0.26, 0.22, and 0.20% by 
weight of binder, respectively. The 18-month total 
chloride contents at the same distance of RC, 
RCB20, RCB35, and RCB50 concretes were 0.41, 
0.28, 0.27, and 0.22% by weight of binder, respec-
tively. The results indicated that use of GBA could 
reduce the total chloride content of recycled aggre-
gate concrete. Moreover, the total chloride content 
decreased with the increasing replacement of GBA 
similar to the results obtained by using GFA to par-
tially replace cement.     

The above results showed that use of GFA and 
GBA in recycled aggregate concretes could greatly 
improve the chloride resistance of recycled aggre-
gate concrete to be lower than that of both CON and 
RC concretes. This is due to fine particles of GFA 
and GBA after reacted with Ca(OH)2 could refine 
the pore size of paste resulting in reducing the poros-
ity of the concretes which was the main factor of 
chloride detriment. Moreover, calcium silicate hy-
drate obtained from the hydration and pozzolanic re-
actions blocked the chloride ions to penetrate into 
the concretes (Leng et al. 2000). 

3.2.2 Free Chloride Content 
In general, the total chloride content is the sum of 
fixed and free chloride contents. Free chloride or 
water soluble chloride is chloride which can be dis-
solved by water, thus it can move to another place 
by humidity and water, and danger to the reinforced 
steel in concrete structures. However, it can be fixed 
by tricalcium aluminate (C3A) by mean of chemical 
reaction. The results of free chloride content are dis-
cussed in this section. 

The results of free chloride content at each dis-
tance from the surface of concretes are shown in 
Figures 8 and 9. It was also noted that free chloride 
contents at a distance of 5 mm from the surface of 
concrete were also difficult to determine, similar to 
that of total chloride content. 

The 12-month free chloride content at a distance 
of 15 mm from the surface of CON concrete was 
0.10% while that of RC concrete was 0.11%. The re-
sults are similar to the results of total chloride con-
tent. Moreover, the free chloride content tended to 
increase with the increasing immersed time. 

Figure 8. Free chloride contents at each distance from surface 
of concretes immersed in 3% NaCl solution for 12 months. 

When GFA or GBA was used to partially replace 
cement in recycled aggregate concrete, the free chlo-
ride contents tended to decrease greatly. The 18-
month free chloride contents at a distance of 15 mm 
from the surface of RCF20 and RCB20 concretes 
were 0.06 and 0.05%, respectively. The results also 
indicated that free chloride content decreased with 
increasing the replacement of GFA and GBA. For 
instance, the 18-month free chloride content at a dis-
tance of 15 mm from the surface of RCF50 and 
RCB50 concretes were 0.02 and 0.04%, respective-
ly. 
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Figure 9. Free chloride contents at each distance from surface 
of concretes immersed in 3% NaCl solution for 18 months. 

In conclusion, to improve the chloride resistance 
of recycled aggregate concrete, use of GFA and 
GBA to partially replace cement is very effective. 
Although the lowest chloride content was also found 
in recycled aggregate concrete containing 50% GFA 
or GBA, the lowest compressive strength was also 
found at this replacement rate. Therefore, the suita-
ble replacement of GFA or GBA to obtain recycled 
aggregate concrete having both good results of com-
pressive strength and chloride resistance is 20% by 
weight of binder. 

4 CONCLUSIONS 

The conclusions as well as the suggestions can be 
drawn as follows: 

4.1 Ground fluidized bed fly ash and ground ba-
gasse ash can slightly improve the compressive 
strength of recycled aggregate concrete. 

4.2 At the same distance, the chloride contents of 
recycled aggregate concrete decreased when ground  
fluidized bed fly ash or ground bagasse ash was used 
to partially replace Portland cement. In particu-lar, 
the chloride resistance of concrete was the high-est 
when the replacements of the ashes were in-creased 
up to 50% by weight of binder. 

4.3 To improve the compressive strength and 
chloride resistance of recycled aggregate concrete, 
the suitable replacement of Portland cement by 
ground fluidized bed fly ash or ground bagasse ash 
was recommended to be 20% by weight of binder. 
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1 INTRODUCTION 

In road construction, marginal materials are often 
stabilized with ordinary Portland cement (OPC) for 
pavement applications. The production of OPC is an 
energy-intensive process and emits a very large 
amount of greenhouse gas – CO2 into the atmosphere 
(Davidovits 1993). Civil engineers and researchers 
are thus continuously seeking for new sustainable 
alternative materials to replace OPC as soil stabilizers 
(Zang et al. 2013). Geopolymer is an inorganic 
aluminosilicate material synthesized by alkaline    
activation of materials rich in alumina (Al2O3) and   
silica (SiO2). It is believed that the mechanism of   
geopolymerization involves the dissolution of Al 
and Si in alkaline medium, transportation of         
dissolved species, followed by a polycondenzation 
forming a 3D network of aluminosilicate structure 
(Silva and Sagoe-crenstil 2008). Three typical   
structures of geopolymer are: poly (sialate) (-Si-O-
Al-O-), poly (sialate-siloxo) (Si-O-Al-O-Si-O) and 
poly (sialate-disiloxo) (Si-O-Al-O-Si-O-Si-O). The 
suitable synthesis temperature of geopolymer is in 
range of 25 – 80oC (Sindhunataet al. 2006). Moreover, 
Geopolymer, a green material with many advantage 
properties such as high strength, low cost, and 

friendly environment, offers a capable alternative 
(Zang et al. 2013).  

This research aims to investigate the possibility of 
using geopolymer to stabilize a marginal lateritic soil 
to be sustainable subbase/base materials. The effects of 
alkaline activator and curing time on the compres-
sive strength and the microstructure of the marginal 
lateritic soil stabilized with fly ash geopolymer are in-
vestigated and discussed. 

2 MATERAILS AND METHODS 

2.1 Soil sample 

The studied soil is a marginal lateritic soil collected 
from a pit in Rayong, Thailand. The specific gravity 
is 2.475. The liquid limit, plastic limit, and plastic 
index are 27.72, 21.65, and 6.07, respectively       
according to D4318 (ASTM 2000). The compaction 
characteristic under modified Procter compaction as 
described in D1557 (ASTM 2012) is the maximum 
dry density and optimum moisture content (OMC) 
are 20.85 kN/m3 and 8.0%, respectively. California 
Baring Ratio (CBR) value is 14.7% at 95% of   max-
imum dry density. Los Angles abrasion described by 
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ABSTRACT: Currently, marginal soils are often stabilized with ordinary Portland cement (OPC) in bound 
pavement applications. The production of OPC is an energy-intensive process and emits a very large amount 
of greenhouse gas – CO2 into the atmosphere. Geopolymer, a green material with many advantage properties 
such as high strength, low cost, and friendly environment, offers a capable alternative. This research aims to 
determine the effects of alkaline activator  and curing time on the compressive strength and to analyze the   
microstructure of stabilized soil. In this study, the marginal lateritic soil was stabilized with Fly Ash (FA) 
based goepolymer at FA replacement of 30% of unstabilized soil. A liquid alkaline activator is a mixture of 
sodium silicate solution (Na2SiO3) and low sodium hydroxide solution (NaOH 5 molar) at different propor-
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mens. The results showed that the maximum compressive strength development of lateritic soil – FA geopol-
ymer was found at of Na2SiO3:NaOH ratio of 90:10. The compressive strength increased dramatically during 
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formation of geo-polymerization gels in the stabilized soil. This study indicates that marginal lateritic soil can 
be stabilized by FA geopolymer and used as for sub base/base materials.. 
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D4060 (ASTM 2006) is 52.9%. According to the 
Unified Soil Classification System (USCS) the soil 
is classified as Silty clayey sand (SM-SC) according 
to D2487 (ASTM 2010). Based on the AASHTO 
system (D3282 (ASTM 2009)), the soil is classified 
as A-2-4(0). The particle size distribution was de-
termined by sieve analysis test and is shown in Fig-
ure 1. 

Figure 1. Particle size distribution of the lateritic soil. 

2.2 Fly ash 

Fly ash (FA) was obtained from Mae Moh power 
plant in Northern Thailand. The chemical composi-
tions of FA are shown in Table 1 by X – ray fluores-
cence (XRF). The major components of FA are 
36.00% SiO2, 26.73% CaO, 17.64% Fe2O3, and 
16.80% Al2O3. According to C618 (ASTM 2008), it 
is categorized as Class C, high-calcium FA (CaO > 
10%). The microstructure of lateritic soil and FA are 
shown in Figure 2. The FA particles are generally 
fine and spherical in shape. 

Table 1. The chemical composition of fly ash (FA) and mar-
ginal lateritic soil (LS). 

Chemical 
composition 

(%) 
Fly ash (FA) 

Marginal 
lateritic soil (LS) 

SiO2 36.00 77.81 
Al 2O3 16.80 4.42 
Fe2O3 17.64 10.93 
CaO 26.73 1.13 
MgO N/A N/A 
SO3 N/A 1.36 
Na2O N/A N/A 
K2O 1.83 2.33 
TiO2 0.48 1.33 
MnO2 0.15 0.55 
Br2o N/A 0.38 

(a) FA 

(b) Lateritic soil  

Figure 2. SEM image of: (a) FA and (b) lateritic soil. 

2.3 Liquid alkaline activator 

The liquid alkaline activator was a mixture of  sodium 
silicate solution (Na2SiO3), composed of 15.50% 
Na2O and 32.75% SiO2 by weight as well as sodium 
hydroxide (NaOH) solution with 5 Molar concentra-
tions. 

2.4 Lateritic soil – FA geopolymer 

The lateritic soil – FA geopolymer was a mixture of 
liquid alkaline activator (Na2SiO3 and NaOH), FA 
and soil. In this study, the proportion of soil to FA 
was fixed at 70:30. The Na2SiO3: NaOH ratios were 
100:0, 90:10, 80:20, and 50:50. The amount of     
liquid alkaline activator was determined under   
modified Proctor compaction at maximum dry    
density and optimum activator content for each   
proportion. The optimal amounts of the liquid       
alkaline activator were shown in Figure 3. The soil 
sample matrix and corresponding designations were 
shown in Table 2.
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Table 2.  The soil sample matrix and corresponding designations. 
Sample  Soil : 

FA 
Proportion  
of activator 

(Na2SiO3:NaOH) 

Optimum liquid           
alkaline activator 

(%) 
1 70:30 100:0 19.60 
2 70:30 90:10 19.13 
3 70:30 80:20 18.38 
4 70:30 50:50 15.68 

*Concentration of NaOH is 5 molar 
 

The lateritic soil, FA, and liquid alkaline activator 
were mixed for 5-10 min, and then the mixture was 
compressed in cylindrical molds according to the 
procedure of modified Proctor compression. The 
specimens were cured at ambient temperature (27 – 
30oC) and humidity conditions. After the curing period 
of 7, 28, and 60 days, the samples were tested for     
unconfined compressive strength (ASTM D1633). 
The SEM test was also performed on the specimens 
to characterize their microstructural properties. 

2.5 Methods 

Unconfined compressive strengths of lateritic soil – 
FA geopolymer samples were examined at four    
different ingredients and curing periods of 7, 28, and 
60 days. The results were reported using mean  
compressive strength values of at least three samples 
to check for consistency. 

Microstructural characterizations of the stabilized 
soil were measured using scanning electron mi-
croscope (SEM). The small fragments from the cen-
ter of specimens were frozen at -195 ℃ by immer-
sion in liquid nitrogen for 5 min and coated with 
gold before SEM (JEOL JSM-6400 device) analysis 
(Sukmak et al. 2013). The SEM images were select-
ed to analysis the growth of the geopolymerization 
structures 

3 RESULTS AND DISCUSSION 

The modified Proctor compaction curves of lateritic 
soil – FA geopolymer are shown in Figure 3, which 
demonstrated maximum dry density (γd,max) and    
optimum liquid alkaline activator content (%L). The 
maximum dry density (γd,max) of lateritic soil – FA   
geopolymer at different ingredients were compared. 
The compaction curves of lateritic soil – FA          
geopolymer are different and depend on the ratios of 
Na2SiO3: NaOH. The maximum dry density (γd,max) 
of specimens mixed with liquid alkaline activator 
(Na2SiO3: NaOH) of 100:0, 90:10, 80:20, and 50:50 
were 20.21, 20.56, 19.56, and 20.45% kN/m3, re-
spectively. 

The compressive strength of lateritic soil – FA 
geopolymer specimens for different ratios of 
Na2SiO3: NaOH are shown in Figure 4. The maxi-
mum 7-day compressive strength of lateritic soil – FA 

geopolymer cured at ambient temperature is found at 
Na2SiO3: NaOH of 90:10 ratio (about 7.14 MPa) for 
all proportions.  

Consequently, Na2SiO3: NaOH ratio of 90:10 was 
selected to study the compressive strength at differ-
ent curing times at ambient temperature. Figure 5 
shows the strength development with time of the 
samples at Na2SiO3: NaOH ratio. The result shows 
that the compressive strength of lateritic soil – FA ge-
opolymer increased dramatically during 7 to 28 days 
and then essentially constant even with the increase 
in curing time. 

 

 

Figure 3. Compaction curves of the marginal lateritic soil – FA 
geopolymer at different ingredients. 
 

The two factors controlling the strength develop-
ment in the lateritic soil – FA geopolymer are liquid 
alkaline activator content and curing time (Sukmak 
et al. 2013). In addition, the possible factors affecting 
the mechanical properties of geopolymer are types 
and particle size distributions and amorphous con-
tent of source material, curing condition, water con-
tent, and chemical composition of the precursor 
(Si/Al and Na/Al ratios) (Zang et al. 2013). Present-
ly, the most commonly used liquid alkaline activator 
is the mixture of sodium silicate solution (Na2SiO3) 
and sodium hydroxide solution (NaOH). The NaOH 
leaches the silicon and aluminum in amorphous 
phase of FA and the Na2SiO3 acts as a binder. The 
ingredients of Na2SiO3: NaOH ratios are 100:0, 
90:10, 80:20, and 50:50 for this study. The optimum 
liquid alkaline activators of each ingredient are dif-
ferent. The maximum compressive strengths of later-
itic soil – FA geopolymer at Na2SiO3: NaOH ratios 
of 100:0, 90:10, 80:20, and 50:50 at 7 days of curing 
are 59, 73, 65, and 52, respectively. 

The growth of the geopolymerization products 
controlling the strength development is explained 
via the scanning electron microscope (SEM) images 
(Figure 6). The morphology of the lateritic soil – FA 
geopolymer specimens at 7 days of curing time for 
all ingredient specimens were not enough to leach 
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the silicon and aluminum from the FA for producing 
aluminosilicate gel. However, more geopolymer gel 
is found at Na2SiO3:NaOH ratio of 90:10 (vide Fig-
ure 6b.). For this reason, the compressive strength of 
this specimen was the highest. Figure 7 shows the 
SEM images of lateritic soil – FA geopolymer at 
Na2SiO3:NaOH ratio of 90:10 at 7, 28, and 60 days 
curing time. Geopolymerization products are clearly 
observed around FA particles and in the pores and 
increase with curing time. 

Figure 4. Compressive strength of lateritic soil – FA geopolymer 
cured 7 days at ambient temperature for different ingredients of 
Na2SiO3: NaOH. 

Figure  5. Effects of curing time on the compressive strength of 
lateritic soil – FA geopolymer at ambient temperature for 
Na2SiO3: NaOH 90:10. 

(a) 

(b) 

(c) 

(d) 

Figure 6. SEM images of lateritic soil – FA geopolymer cured 
7 days at ambient temperature for different ingredients of 
Na2SiO3: NaOH (a) 100:0, (b) 90:10, (c) 80:20, and (d) 50:50 
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(a) 

(b) 

(c) 

Figure 7. SEM images of lateritic soil – FA geopolymer of 
Na2SiO3: NaOH 90:10 cured at ambient temperature for differ-
ent curing time (a) 7, (b) 28, (c) 60 days. 

4 CONCLUSSION 

In this study, the possibility of using FA based  
geopolymer as a soil stabilizer in marginal lateritic soil 
for subbase material in pavement construction is    
illustrated. The following conclusions are drawn. 

(1) The optimum liquid alkaline activators for 
each Na2SiO3: NaOH ratio are different and depend 
on amount of Na2SiO3 and NaOH solution. As the 
sodium hydroxide solution increases, the optimum 
liquid alkaline activator decreases. 

(2) The optimum liquid alkaline activators for 
lateritic soil – FA geopolymer specimens at 
Na2SiO3/NaOH ratios of 100:0, 90:10, 80:20, and 
50:50 are 19.6%, 19.13%, 18.38%, and 15.68%, re-
spectively.  

(3) The maximum compressive strength devel-
opment of lateritic soil – FA geopolymer specimenis 
found at Na2SiO3:NaOH ratio of 90:10. The com-
pressive strength increases dramatically during 7 to 
28 days (max 9.67 MPa) and then becomes almost 
constant after 28 days of curing. 

(4) With the microstructure of lateritic soil – FA 
geopolymer, the formation of geopolymer in the soil 
is qualitatively confirmed. The FA geopolymer can 
improve the mechanical properties of the marginal 
soil.  

(5) The study of marginal lateritic soil – FA geo-
polymer has significant impacts on pavement applica-
tions. Future work should be done to determine the 
appropriate proportion of ingredient for subbase and 
the effective cost for of soil stabilization.
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1 INTRODUCTION 

Highway pavement generally consists of base and 
sub-base, which are normally constructed from suit-
able materials such as natural stone and lateritic soil. 
When no suitable materials are available, it is expen-
sive to bring the suitable materials from distant 
sources. An alternative way, which is commonly 
used in practice, is to replace the locally available 
soil by suitable materials. The low cost or waste 
suitable material is generally considered for eco-
nomical and environmental persoectives. 

The waste material is considered any type of ma-
terial by-product of industrial and human activity 
that has no lasting value (Younus Aliet al., 2011). 
Escalating demand for virgin material and conse-
quent increase in waste material production around 
the world are major concerns in a sustainable devel-
opment. 
 Waste crushed slag (CS) is a by-product produced 
during the conversion of iron ore or scrap iron to 
steel. The mineralogical composition of steel slag 
changes with its chemical components. Olivine, 
merwinite, di-calcium silicate, tricalcium silicate, 
tetra-calcium aluminoferrite, di-calcium ferrite, solid 
compound of CaO–FeO–MnO–MgO, and free CaO 
are the common minerals in steel slag (Sentien et al., 
2009).  
 This paper aims to investigate physical and ge-
otechnical properties of marginal lateritic soil blend-

ed with CS to ascertain it as an alternative unbound 
subbase/base material. This research will enable CS 
traditionally destined for landfill and pavement to be 
used in a sustainable manner as a non-plastic re-
placement material for high-plastic soil improve-
ment, which is significant in term of engineering, 
economical and environmental perspectives. 

2 SAMPLING AND METHODOLOGY 

2.1 Lateritic soil 

The lateritic soil was sampled by an excavator from 
a borrow pit in Maung district, Sakonnakhon Prov-
ince, Thailand at a depth of about 1 to 2 meters. 
Figure 1a shows the feature of the lateritic soil. It 
has a bulk specific gravity of 2.67 and liquid limit 
(LL) and plastic limit (PL) of 40.7% and 20.9%, re-
spectively. Based on the Soil Classification System 
(USCS), the lateritic soil is classified as clayey sand 
(SC). The grain size distribution curve of lateritic 
soil is shown in Figure 2 and basic properties are 
summarized in Table1. 

2.2 Crushed slag 

There are approximately 786,000 tons of slag from 
total steel production in Thailand each year. The 
crushed slag (CS) used in this work was obtained 
from  Siam Steel Mill Services Co., Ltd. (Chonburi 
Plant), Hemaraj Industrial Estate (Chonburi), High-

Geotechnical Properties of Crushed Slag Improved Marginal Lateritic 
Soil for Pavement Applications 
P. Sudla 
Bureau of Highways 3 (Sakonnakhon), Department of Highways, Sakonnakhon, Thailand 

S. Horpibulsuk  
Suranaree University of Technology, Nakhon Ratchasima, Thailand 

ABSTRACT: A comprehensive suite of geotechnical laboratory tests was undertaken on samples of recycled 
crushed slag (CS) blended with marginal lateritic soil to ascertain it as an alternative unbound subbase/base 
material. CS is produced in Chonburi, Thailand. This paper presents the physical and geotechnical test results 
such as particle size distribution, specific gravity, water absorption, consistency, Los Angeles (LA) abrasion, 
modified Proctor compaction and California Bearing Ratio (CBR). The results indicate that CS exhibits ge-
otechnical properties similar to natural aggregates and can be used to replace the marginal lateritic soil, un-
suitable for sub-base applications based on specification by the Department of Highways, Thailand, for ge-
otechnical improvement. Since CS is a non-plastic and durable material, the CS replacement improves soil 
plasticity, abrasion, CBR and swelling of the marginal lateritic soil. 
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way 331 Road, Bowin, Sriracha District, Chonburi 
Province, Thailand.  Figure 1b shows the feature of 
the slag.  The specific gravity is 3.35. According to 
USCS, the slag is classified as non-plastic poorly 
graded gravel (GP). The grain size distribution curve 
of CS is shown in Figure 2 and the basic properties 
are present in Table1. 

 

2.3 Lateritic soil and crushed slag blend  

The lateritic soil and crushed slag blend is a mixture 
of lateritic soil and CS at 50:50 by weight. The fea-
ture of the blend is shown in Figure 1c. The specific 
gravity is 2.92 and liquid and plastic limits are 
30.3% and 18.4%, respectively. According to USCS, 
The blend is classified as clayey sand (SC). The 
grain size distribution curve of lateritic soil and CS 
blends is also shown in Figure 2 and basic properties 
are summarized in Table1. The particles of the CS 
are slightly larger than those of lateritic soil with 
similar D50. 

 

(a) (b) 
 
 
 
 
 
 

(c) 
Figure 1. (a) lateritic soil, (b) crushed slag (CS) and (c) 50% 
lateritic soil/50% CS blends. 
 
Table 1.  Geotechnical properties of samples. ___________________________________________________ 
Test             Lateritic soil        CS         Blend ___________________________________________________ 
Bulk  specific gravity 
    Coarse-grained   2.67      3.35   2.92 
     fine-grained    3.03      3.54   3.32             
Apparent  specific gravity 
     Coarse-grained   3.18      3.51   3.25 
      fine-grained    3.47      4.26   3.54 
Water absorption      
    Coarse- grained (%) 5.95       1.34   3.41 
     fine- grained (%)   4.19      4.79   2.77     
LA abrasion loss (%)       58.1      17.2   46.0     
LL (%)             40.7        -     30.3 
PL (%)                           20.9        -    18.4 
PI (%)                           19.8        -            11.9 
D10 (mm)                           -        0.46           - 
D30 (mm)                         1.80      1.70   0.76 
D50 (mm)                         4.50      5.80   3.75 
D60 (mm)                         5.50          9.50   5.50 
Cu         -          20.65            -  
CC         -           0.66            - 
Classification-USCS      SC        GP              SC    ___________________________________________________ 
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Figure 2. Grain size distribution of samples. 

2.4 Methodology 

This study firstly investigates the physical and ge-
otechnical characteristics of lateritic soil, CS and 
lateritic soil/CS blend in laboratory. Tests were un-
dertaken following relevant American Association 
of  State Highway and Transportation Officials 
(AASHTO) and American Society for Testing  and  
Materials (ASTM), as appropriate. 
   The laboratory evaluation program included spe-
cific gravity, water absorption, consistency limits, 
particle-size distribution, modified Proctor compac-
tion, particle density, Los Angeles (LA) abrasion, 
and California Bearing Ratio (CBR) tests.  
   Coarse-grained (retained on 4.75-mm sieve) spe-
cific gravity and water absorption and fine-grained 
(passing 4.75-mm sieve) specific gravity and water 
absorption tests were performed in accordance with 
AASHTO T 85-70 and AASHTO T 84 respectively. 
   Consistency limits tests were performed in accord-
ance with AASHTO T 90. Particle size distribution 
analysis tests were performed in accordance with 
AASHTO T 27-70. These mentioned tests were 
conducted both before and after modified compac-
tion tests. 
   In the construction of highway embankments, 
earth dams, and many other engineering structures, 
loose soils must be compacted to increase their unit 
weights. Compaction increases the strength charac-
teristics of soils, which increases the bearing capaci-
ty of foundations constructed over them. Compac-
tion also decreases the amount of undesirable 
settlement of structures and increases the stability of 
slopes of embankments (Das, 1998). Modified com-
paction effort was used to determine the maximum 
dry density (MDD) and optimum moisture content 
(OMC) of the blends (Arulrajah et al. 2014). The 
modified compaction tests were conducted by fol-
lowing the AASHTO T 180.  
   Los Angeles (LA) abrasion test were performed in 
accordance with ASTM C131-69 and C535-69 
(ASTM 2006). 
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   California Bearing Ratio (CBR) test method fol-
lowed the AASHTO T 193. The laboratory Califor-
nia Bearing Ratio, CBR values of the compacted 
soils are generally used for pavement design 
(Horpibulsuk et al. 2013).  

3 TEST RESULTS AND DISCUSSION  

Table 1 presents the physical and geotechnical prop-
erties of the lateritic soil, CS and lateritic soil blend-
ed with CS before modified compaction tests.  
   Figures 3-5 show the particle size distribution 
curves for the lateritic soil, CS and blend before and 
after modified compaction test. The grain size distri-
bution parameters including D10, D30, D50, D60, Cu, 
Cc, gravel, sand, fine content, USCS are summarized 
in Tables 1 and 2. The effect of compaction effort on 
the particle breakage is illustrated in Figures 3 to 5. 
This effect is significantly noted for lateritic soil, es-
pecially at particles smaller than 10 mm. The change 
in particle distribution curves of CS after compac-
tion is insignificant, indicating high particle strength. 
Due to compaction, the CS is changed from GP to 
well-graded sand (SW). Due to the high particle 
strength of CS, the particle breakage of the blend is 
minimal as shown in Figure 7.  
 
Table 2. Particle size distribution and Atterberg limits after 
compaction. ___________________________________________________ 
List             Lateritic soil        CS    Lateritic soil : CS 
                                                                              (50 : 50) ___________________________________________________  
LL (%)                           45.6              -                    32.5  
PL (%)                           24.6              -                    21.2  
PI (%)                            21.0              -                    11.3  
D10 (mm)                          -        0.275             - 
D30 (mm)                    -         1.40               0.50 
D50 (mm)                        2.5         3.80               2.90 
D60 (mm)                        4.0         6.50               4.45 
Cu             -       23.64             -  
CC         -        1.10             - 
Classification-(USCS)    SC     SW                 SC    
(D50 (before)- D50 (after))/   0.44          0.34              0.23 
        D50 (before)                                                                        
__________________________________________ 

3.1 Los Angeles abrasion 

The maximum LA abrasion value of 60% is typical-
ly required by Department of Highways, Thailand 
such as sub-base materials (DH-S, 1996). Lateritic 
soil, CS and blend were found to meet this require-
ment. The CS shows the lowest LA abrasion value, 
indicating the most durable particles. As such, the 
difference in particle distribution curves of CS be-
fore and after compaction is minimal. 
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Figure 3. Grain size distribution of the lateritic soil before and 
after compaction test. 
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Figure 4. Grain size distribution of the CS before and after 
compaction test. 
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Figure 5.Grain size distribution of the lateritic soil blended 
with CS before and after compaction test. 

 

 
Figure 6. Compaction curve of lateritic soil, CS and lateritic 
soil blended with CS. 
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Results of modified compaction tests on the later-
itic soil, CS and blend are shown in Figure 6. The 
highest maximum dry density (MDD) of 2.69 ton/m3

is found for CS. The MDD of lateritic soil is the 
lowest and equal to 2.16 ton/m3 and the MDD of 
blend is between lateritic soil and CS, being 2.42 
ton/m3. The high specific gravity of CS causes the 
highest dry density. The optimum moisture contents 
(OMC) of the three materials are essentially the 
same and equal to 7.8% for CS, 7.6% for lateritic 
soil and 7.0% for blend.  

The physical and geotechnical properties of later-
itic soil and blend are given Table 3 and compared 
with the requirement for sub-base materials speci-
fied by the Department of Highways, Thailand. It is 
shown that the 50% CS replacement significantly 
improves LA abrasion, index properties, CBR and 
swelling of lateritic soil and met the requirement.  

Table 3. Compared between typical specification for sub-base 
application from Department of Highways, Thailand and test 
result. ___________________________________________________
Test       Requirement      Lateritic       Lateritic soil : CS 
                       (DH-S205/1996)      soil                (50 : 50) ___________________________________________________
LA abrasion (%)     < 60  58.1     46.0 
LL (%)   < 35  40.7     30.3 
PI (%)   < 11  19.8     11.9 
CBR (%) (95%MDD)   >25 9.30     44.0 
Swell (%)              < 4 6.40     0.51  __________________________________________________ 

4 CONCLUSIONS 

The soil improvement by Crushed Slag (CS) re-
placement is illustrated in this paper. The laboratory 
evaluation includes particle size distribution, Atter-
berg limits, compaction, LA abrasion, CBR and 
swelling. The conclusion can be drawn as follows: 

1. CS is a non-plastic and durable material (LA =
17.2%). The CS replacement in lateritic soil can thus 
improve the soil plasticity, Due to the high particle 
strength of CS, the particle breakage of the blend is 
minimal. 

2. The CS replacement significantly improves LA
abrasion, index properties, CBR and swelling of lat-
eritic soil and met the requirement.  

3. The results of this study show that CS tradition-
ally destined for landfill and pavement can be used 
as a replacement material to stabilize lateritic soil for 
developing the sustainable unbound pavement. The 
further study will be undertaken to determine the 
suitable CS replacement on the geotechnical proper-
ties and the leaching for pavement base applications. 
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1 INTRODUCTION 

1.1 Background 

Over the past few decades, it has become evident 
that Thailand’s road network has suffered consider-
able deterioration in the form of excessive perma-
nent deformation (i.e., rutting) and fatigue cracking. 
These poor road conditions have instigated the 
search by Thailand road authorities and practitioners 
for solutions in the form of alternative and superior 
pavement materials. Currently, Thailand’s road net-
work relies almost entirely on conventional 
knowledge of pavement materials. In addition, the 
asphalt concrete used for road pavement surfaces is 
mostly a conventional mix of asphalt binder  AC60-
70 [1] and aggregates. No special additives or up-to-
date technology are used to improve performance 
which means that the severe traffic and changing 
environmental conditions existent in Thailand’s road 
network are not being appropriately dealt with. 
 Based on previous studies, the fibre reinforced 
polymer system (FRP) has demonstrated its potential 
with regard to improving the performance of asphalt 
concrete in terms of reducing permanent defor-
mation and fatigue cracking. FRP has been success-
fully incorporated with concrete to enhance its me-
chanical properties. FRP generally comprises two 
fibre types: Aramid (yellow-colored) and Polypro-
pylene (tan-colored). Polypropylene fibres are more 
widely used as reinforcing agents in concrete and 
asphalt concrete. FRP is a viable option for use in 
Thailand’s road network; it improves the perfor-

mance of asphalt concrete by providing a higher ten-
sile strength resistance. This study reports on the 
preliminary test results of Thailand asphalt concrete 
modified with FRP as an example of how to improve 
the overall performance of Thailand’s road net-
works. 

1.2 Project aims and objectives 

The main aim of this study was to investigate the 
engineering properties of asphalt concrete modified 
with FRP, as opposed to conventional asphalt con-
crete, through comprehensive laboratory testing. To 
achieve the main aim, the specific objectives were: 

1. To perform the material characterisation of
asphalt binder type: AC60-70, aggregates, polymer 
modified asphalt (PMA), and FRP. 

2. To design various asphalt concrete mixtures
in order to establish a proper ratio of mixture con-
stituents. 

3. To perform a series of performance tests on as-
phalt concrete mixtures with and without FRP. The 
performance tests consist of  the Marshall stability 
(ASTM D1559) test, the Indirect tensile strength 
(AASHTO T-283) test, the Resilient Modulus test 
(ASTM D4123), Dynamic creep test (BSI 
DD226:1996), Indirect tensile fatigue tests 
(EN12697-24: 2004), and the Wheel tracking test 
(EN12697-22). 
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2 EXPERIMENTAL PROGRAM AND 
RESEARCH METHODOLOGY 

2.1 Material characterisation 

The aggregates and asphalt binders AC60-70 and 
PMA for asphalt concrete mixtures used in this 
study were characterised in accordance with the De-
partment of Highway (DOH) standards, Thailand. 

2.1.1  Asphalt binders 
Two types of asphalt binders, AC60-70 and PMA, 
were used in this study and sourced from an asphalt 
refinery plant in Bangkok, Thailand. Both were test-
ed to determine their main properties for compliance 
with DOH specifications [9-11]. Table 1 shows the 
test results for AC60-70 and PMA. 

Table 1. Basic physical characteristics of bitumen. 
Characteristics of  Bitumen 

Test name  AC60-70     PMA  Standard 

Penetration (25ºC) 
Flash point (ºC) 
Elastic recovery (%) 
Softening point (ºC) 
Ductility (5cm/min) 
Specific gravity (g/cm3) 

67   63        ASTM D5[26] 
272  332      ASTM D92[27] 
25  93  ASTM D6084 
51.2  79.2     ASTM D36[28] 
89  92  ASTM D113[29] 
1.03 1.00     ASTM D70[30] 

2.1.2 Aggregate 
Crushed limestone, complying with DOH specifica-
tions, was obtained from the province of Khon 
Kaen, Thailand and used as the representative ag-
gregate in this study.  Table 2 shows the grading 
characteristics of aggregates used in this study, de-
rived from a combination of aggregate sizes of: 42% 
of maximum aggregate size 9.5 mm, 25% of maxi-
mum aggregate size 12.5 mm, 15% of maximum ag-
gregate size 19 mm and 18% of maximum aggregate 
size 25.0 mm. 

Table 2. Gradation limits of aggregates. 

2.1.3 Fibre reinforced polymer (FRP) system 
The FRP used in this study was a blend of synthetic 
fibers designed for use in Hot Mix Asphalt (HMA) 

applications. The blend consisted of a proprietary 
blend of polypropylene and aramid fibers. These are 
typical fibers contained in a one-lb bag (approxi-
mately 445.0 g) of aramid and polypropylene. Table 
3 shows the main physical properties of both fibers. 

Table 3. Physical Characteristics of the FRP. 
Materials      Polypropylene           Aramid      _______________  ______________

 Form   Twisted Fibrillated        Monofilament 
                                             Fiber                      Fiber _________________________________________________
Specific Gravity  0.91  1.45 
Tensile Strength (MPa)  483  3000 
Length (mm)  19.05  19.05 
Color   Tan  Yellow 
Acid/Alkali Resistance  inert  inert 
Decomposition  157  > 450 
Temperature (º C)     _________________________________________________ 

2.1.4 Polymer modified asphalt (PMA) 
Polymer additives are generally used in asphalt to 
increase the working range of temperatures in which 
the asphalt concrete mixture can maximize its per-
formance without distressing the bonds between the 
asphalt binder and the aggregates. 

Table 4. Properties of the aggregate used in the study. 

2.2 Method 

The experimental work in this study started with a 
mix design to establish the Job Mix Formula (JMF), 
and the appropriate constituents of the asphalt con-
crete mixtures, based on the Marshall mix design 
process and in accordance with DOH specifications . 
The test specimens were then prepared, based on the 
JMFs for the asphalt concrete. The final stage con-
sisted of performance tests on all the asphalt con-
crete specimens. Figure 1 shows the grading charac-
teristics of the asphalt concrete mixtures used in this 
study, with the lines in-between showing the grading 
envelope of the specification. Table 4 illustrates the 
JMF used in this study.

 Test  Criteria      Test results 
Flakiness Index (%) 
Elongation Index (%) 
Asphalt Absorption (%) 
Los Angeles Abrasion (%) 
Soundness (% Wt.loss) coarse/fine 
Sand equivalent (%) 
Asphalt content (AC60/70) 
Marshall Density (gm/cl) 
Marshall air voids (%) 
Strength Index (%) 

35% max  32% 
5% min 
n/a 
40% max 
9% max 
50% min 
5.0 + 0.3% 
2.375-2.393 
3.4-4.9 
75% min 

28% 
0.26 
23.4% 
1.1/3.2 
56% 
5.0 
2.385 
4.1 
89.8 

Sieve. % Passing
Combined

Tolerant

No Bin1 Bin2 Bin3 Bin4 Limit

3/4̋  100 100 100

1/2̋  100 12.5 84.3 79-89

3/8̋  100 46.6 1.0 74.2 69-79

#4 100 51.5 2.9 55.3 50-60

#8 91.0 7.5 0.4 40.2 35-45

#16 61.4 2.0 26.3 22-30

#30 39.7 1.0 16.9 13-21

#50 26.6 11.2 7-15

#100 18.1 7.6 5-11

#200 12.4 5.2 4-6
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Figure 1. Grading chart for aggregates and bituminous mix-
tures. 

2.2.1 Specimens preparation 
The aggregate properties, with optimum asphalt con-
tent and air voids are summarised in Table 4. The 
test specimens were prepared for three groups: a 
control mix of AC60-70 with no fibres added; a mix-
ture with FRP which contained 0.05% fibres (by 
mass) of mixture total mass; and a mixture with 
PMA. 
 The fibres were added (as per the manufacturer’s 
recommendations (0.05% of mixes)), to the mixture 
of the heated aggregate, prior to mixing with a hot 
asphalt binder. Aggregates and fibres were mixed 
under dry conditions for an additional 10 seconds. 
This mixing time may be increased where satisfacto-
ry results are not obtained. 

2.3 Performance tests 

To evaluate the strength properties of asphalt con-
crete mixtures under repeated loading conditions, 
and their capabilities in resisting rutting and fatigue 
cracking, a set of laboratory performance tests were 
performed. The Marshall stability test, indirect ten-
sile strength test, resilient modulus test, indirect ten-
sile fatigue test, dynamic creep test and rutting test 
were selected as the performance tests for this study. 

3 RESULTS AND DISCUSSION 

3.1 Marshall Mix design (ASTM D1559) 

Figure 2 to 7 show the results obtained from using 
the Marshall mix design. The optimum asphalt con-
tent selected was the result of several trial mixes, 
providing targeted air voids of a compacted standard 
sample at 4%. In this study, the optimum asphalt 
content was 5.0 % of total mix by mass. 

Figure 2. Relationship between Density and bitumen content. 

Figure 3. Relationship between Stability and bitumen content. 

Figure 4. Relationship between Air voids and bitumen content. 

Figure 5. Relationship between V.M.A. and bitumen content. 
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Figure 6. Relationship between V.F.B. and bitumen content. 

Figure 7. Relationship between Flow and bitumen content. 

3.2 Performance evaluation of Marshall mixes 

3.2.1 Marshall stability (ASTM D1559) 
Marshall Stability indicates the resistance of asphalt 
concrete test specimens, which are tested with the 
Marshall apparatus, to plastic flow. 

Table 5. Marshall Stability test results. 

Quantity 
Control mix 
of AC with 

no Fibre 

Fibre-
reinforced 

Polymer 
modified 
asphalt 

Sample 1 (lbs.) 2502.3 2639.5 3375.5 
Sample 2 (lbs.) 2670.7 2789.2 3425.2 
Sample 3 (lbs.) 2608.4 2701.9 3380.8 
Avg.  (lbs.) 2593.8 2710.2 3398.8 

The results of the Marshall Stability test shown in 
Table 5 indicate that fibre-reinforced mixes exhibit 
higher resistance to plastic flow than do convention-
al mixes. 

3.2.2 Indirect tensile strength (AASHTO T-283) 
The Indirect Tensile Strength (ITS) value is the ten-
sile resistance of an asphalt layer in a multi-layered 
system of road pavement. Generally, the fibre-
reinforced mixes, having greater tensile strength are 
more able to effectively resist cracking. 

Table 6. Indirect tensile strength test results. 

Quantity Control mix 
of AC with 

no Fibre 

Fibre-
reinforced 

Polymer 
modified 
asphalt 

Sample 1 (kPa) 412.3 426.7 455.6 
Sample 2 (kPa) 411.9 420.0 452.1 
Sample 3 (kPa) 403.7 420.1 452.7 
Avg.  (kPa) 409.3 422.3 453.5 

Table 6 illustrates the indirect tensile strength test 
(ITS) results in this study. The results indicate that 
fibre- reinforced mixes have much greater tensile re-
sistance than do conventional mixes. 

3.2.3 Resilient modulus tests (ASTM D4123) 
The resilient modulus is an important input parame-
ter in new mechanistic pavement structure design. It 
represents the cyclic pavement response in terms of 
dynamic stresses and their relation to recoverable 
strains. Four samples from each mix were placed in 
two positions for the diametrical Resilient Modulus 
(MR) test at 35 ºC. Table 7 shows the MR values for 
this study. The results indicate that fibre-reinforced 
mixes provide higher diametric resilient moduli than 
do conventional mixes. 

Table 7. Resilient modulus test results. 

Quantity Control mix 
of AC with 

no Fibre 

Fibre-
reinforced 

Polymer 
modified 
asphalt 

Sample 1 (MPa) 1415.0 1566.5 1725.6 
Sample 2 (MPa) 1315.4 1714.5 1658.3 
Sample 3 (MPa) 1400.5 1580.6 1650.4 
Sample 4 (MPa) 1206.4 1829.4 1752.3 
Average  (MPa) 1334.3 1672.8 1696.7 

3.2.4 Dynamic creep tests (Bsi DD226 : 1996) 
The dynamic creep test is used to determine the re-
sistance to permanent deformation of asphaltic pav-
ing materials. Furthermore, the dynamic creep test is 
used to evaluate the rutting potential of asphalt mix-
es. Axial stress is repeatedly applied to a specimen 
at a specified temperature and the resultant axial 
strain is measured at intervals until the required 
number of load pulses has been applied. The result-
ant relationship between axial strain and number of 
load applications is used to characterise resistance to 
permanent deformation. 

The dynamic creep tests were performed in ac-
cordance with British Standard DD226:1996. In this 
test, a repeated dynamic load was applied over sev-
eral thousand repetitions, and the cumulative perma-
nent deformation, including the beginning of the ter-
tiary stage (defined as FN) as a function of the 
number of loading cycles over the test period, was 
recorded. Tests were carried out on cylindrical spec-
imens, 4 inches (100 mm) in diameter and 2.5 inches 
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• The flow number (FN) for fibre-reinforced
asphalt concrete was 14% higher than the control 
mix. 

Figure 11. Percent improvement with fiber reinforced. 
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1 INTRODUCTION 

Most of the roadway pavements are constructed with 
asphalt concrete. Currently, more than 20 million 
cars and 7.7 million heavy trucks compete for space 
on the roads. Functional roadways are vitally im-
portant to the economy to allow for speedy transport 
of people and freight. When an asphalt roadway is in 
disrepair, it results in a drain on resources to repair 
automobiles and the roadway. It also results in de-
lays due to defensive driving and construction. If du-
rable roadways are created, the resulting time and 
cost savings would be tremendous. The major failure 
modes of asphalt concrete are cracking, distortion, 
and disintegration.  

Currently, Thailand’s road network relies almost 
entirely on conventional knowledge of pavement 
materials. In other words, pavement of roadways in 
Thailand has been designed using Marshall mix de-
sign method. The asphalt concrete used for road 
pavement surfaces is mostly a conventional mix of 
asphalt binder AC60-70 (Sawasdisan, 2011) and ag-
gregates.  

The Marshall mix design method subjects an as-
phalt-aggregate mixture to a specified compaction 
effort and uses the void structure of the compacted 
specimen to determine the proper asphalt content. 
Only physical properties, abrasion resistance, and 
soundness of coarse aggregates are required for se-
lection of coarse aggregates. Only Marshall stability 

(ASTM D1559) test is specified for the asphalt-
aggregate mixture. None of the other material per-
formance properties, such as indirect tensile strength 
(AASHTO T-283) test, the resilient modulus test 
(ASTM D4123), dynamic creep test (BSI 
DD226:1996), and indirect tensile fatigue tests 
(EN12697-24: 2004) of asphalt concrete mixtures is 
required for this pavement design. Hence, the inves-
tigation of material performance properties for the 
asphalt pavement materials is very limited in Thai-
land and is a focus of this paper.   
 This paper presents the material performance of 
asphalt concrete using different types of aggregate 
(granite, basalt and limestone), which are commonly 
used in Thailand. Material performance of 3 asphalt-
aggregate mixtures is investigated and reported. As-
phalt AC60-70 was used as binder. Limestone is the 
most common aggregate used for asphalt pavement 
in Thailand. Figure 1 presents location where lime-
stone is available in Thailand (Department of Miner-
al Resource, 2011). 

2 EXPERIMENTAL PROGRAM  

2.1 Material characterization 

The aggregates and asphalt binder AC60-70 for as-
phalt concrete mixtures used in this study was char-
acterized in accordance with the Department of 
Highway (DOH) standards, Thailand (DOH, 1988). 
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Figure 1. Sources of limestone in Thailand (Department of 
Mineral Resource, 2011). 

2.1.1 Asphalt binder 
An asphalt binder, AC60-70, was used in this study 
and sourced from an asphalt refinery plant in Bang-
kok, Thailand. It was tested to determine their main 
properties for compliance with DOH specifications 
(DOH, 1998). Table 1 shows the test results for 
AC60-70. 

Table 1. Basic physical characteristics of bitumen. 
Characteristics of  Bitumen 

Test name  AC60-70     Standard 

Penetration (25ºC) 
Flash point (ºC) 
Elastic recovery (%) 
Softening point (ºC) 
Ductility (5cm/min) 
Specific gravity (g/cm3) 

67  ASTM D5 
272  ASTM D92 
25  ASTM D6084 
51.2  ASTM D36 
89  ASTM D113 
1.03  ASTM D70 

2.1.2 Aggregate 
Crushed limestone, basalt and granite, complying 
with DOH specifications, were used as the repre-
sentative aggregate in this study. Tables 2-4 respec-
tively show the gradation of limestone, granite, and 
basalt. This gradation was derived from a combina-

tion of aggregates having their maximum size of 9.5, 
12.5, 19, and 25.0 mm. Table 5 presents properties 
of the aggregates used in this study. 

Table 2. Gradation limits of limestone. 
Sieve 
No. 

% Passing Combined   Tolerant 
                      Limit Bin1      Bin2     Bin3      Bin4 

3/4̋   100  100  100 
1/2̋   100  26.5  89.0  75-85 
3/8̋   100  85.9  2.6  82.9  62-72 
#4  100  28.6  8.8  0.1  51.5  48-58 
#8  79.3  6.8  2.8  36.2  34-44 
#16  51.6  1.0  22.4  23-31 
#30  32.6  14.0  15-23 
#50  20.7  8.9  9-17 
#100  15.1  6.5  6-12 
#200  12.2  5.2  5-7 

Table 3. Gradation limits of granite. 
Sieve 
No. 

% Passing Combined   Tolerant 
 Limit Bin1      Bin2     Bin3      Bin4 

3/4̋   100  100  100 
1/2̋   100  10.2  86.5  75-85 
3/8̋   100  45.7  1.1  75.4  62-72 
#4  100  13.4  1.4  0.2  46.5  48-58 
#8  83.9  1.1  36.3  34-44 
#16  57.3  24.6  23-31 
#30  37.0  15.9  15-23 
#50  23.6  10.1  9-17 
#100  15.3  6.6  6-12 
#200  11.0  4.7  5-7 

Table 4. Gradation limits of basalt. 
Sieve 
No. 

% Passing Combined   Tolerant 
 Limit Bin1      Bin2     Bin3      Bin4 

3/4̋   100  100  100 
1/2̋   100  9.7  80.1  75-85 
3/8̋   100  39.4  1.6  67.4  62.72 
#4  100  36.5  1.6  0.4  52.8  48-58 
#8  80.1  4.9  0.3  39.1  34-44 
#16  56.0  1.0  27.0  23-31 
#30  38.8  18.6  15-23 
#50  27.9  13.4  9-17 
#100  18.1  8.7  6-12 
#200  12.2  5.9  5-7 

Table 5. Properties of the aggregate used in the study. 
Basalt Granite Limestone 

Bulk specific gravity 2.710 2.636 2.701 
Flakiness index (%) 25 32 33 
Elongation index (%) 23 23 13 
Los Angeles Abrasion (%) 21.2 21.5 22.7 
Soundness (% WT loss) 
Aggregate ¾” 

1.5 1.0 1.0 

Soundness (% WT loss) 
Fine Aggregate 

3.5 3.0 3.2 
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2.2 Method 

The experimental work in this study started with a 
mix design to establish the Job Mix Formula (JMF), 
and the appropriate constituents of the asphalt con-
crete mixtures, based on the Marshall mix design 
process. The test specimens were then prepared, 
based on the JMFs for the asphalt concrete. The final 
stage consisted of performance tests on all the as-
phalt concrete specimens. Table 6 illustrates the 
JMF for the aggregates used in this study.  

Table 6. JMF for the aggregates used in this study. 
Basalt Granite lime-

stone 
Asphaltic content (%) 5.4 5.0 5.0 
Marshall air void (%) 4.1 4.0 4.0 
Marshall density (gm./ml.) 2.417 2.369 2.418 
Void in mineral aggregate (%) 15.4 14.4 14.7 
Void filled with bitumen (%) 73 72.2 72.8 
Marshall stability (lbs.) 2390 3160 2150 
Marshall flow (0.01”) 12.8 11.0 12.0 
Stability/Flow ratio(lbs./0.01”) 187 287 179 
Strength index (%) 80.5 80.9 78.1 
Indirect tensile strength (kPa)   377.6 319.5 411.7 

2.3 Performance tests 

To evaluate the strength properties of asphalt con-
crete mixtures under repeated loading conditions, 
and their capabilities in resisting rutting and fatigue 
cracking, a set of laboratory performance tests were 
performed. The Marshall stability test (ASTM 
D1559), indirect tensile strength test (ASTM 
D4123), resilient modulus test, indirect tensile fa-
tigue test (EN12697-24: 2004), dynamic creep test 
(Bsi DD226: 1996) were selected as the performance 
tests for this study. 

3 RESULTS 

3.1 Marshall stability 

Marshall stability indicates the resistance of asphalt 
concrete test specimens, which are tested with the 
Marshall apparatus, to plastic flow. The results of 
the Marshall Stability test shown in Table 6 indicate 
that the asphalt-granite mixture exhibits the highest 
resistance to plastic flow ratio of 287 lbs/in while the 
asphalt-granite mixture exhibits the lowest resistance 
to plastic flow ratio of 179 lbs/in. 

3.2 Indirect tensile strength  

The Indirect Tensile Strength (ITS) value is the ten-
sile resistance of an asphalt layer in a multi-layered 
system of road pavement. Generally, the asphalt-
aggregate mixtures, having greater tensile strength 
are more able to effectively resist cracking. 

Table 6 illustrates the indirect tensile strength test 
(ITS) results in this study. The results indicate that 

asphalt-limestone mixture has the greatest tensile re-
sistance while the asphalt-limestone mixture exhibits 
the lowest tensile resistance although it possesses the 
lowest resistance to plastic flow ratio. 

3.3 Resilient modulus tests  

The resilient modulus is an important input parame-
ter in new mechanistic pavement structure design 
(Jitsangiam et al. 2013). It represents the cyclic 
pavement response in terms of dynamic stresses and 
their relation to recoverable strains. Four samples 
from each mix were placed in two positions for the 
diametrical Resilient Modulus (MR) test at 35 ºC. 
Table 7 shows the MR values for this study. The re-
sults indicate again that the asphalt-limestone mix-
ture provides the highest diametric resilient moduli. 
The asphalt-granite mixture exhibits slightly higher 
MR than the asphalt-basalt mixture. The MR value of 
asphalt-limestone mixture is about two times higher 
than that of asphalt-basalt and asphalt-granite mix-
tures. 

Table 7. Resilient modulus test results. 

Quantity Asphalt-
basalt mixes 

Asphalt-
granite mix-

es 

Asphalt-
limestone 

mixes 
Sample 1 (MPa) 566.9 958.0 1516.9 
Sample 2 (MPa) 591.3 713.4 1631.3 
Sample 3 (MPa) 636.4 953.3 1778.2 
Average  (MPa) 598.2 874.9 1642.1 

3.4 Dynamic creep tests 

The dynamic creep test is used to determine the re-
sistance to permanent deformation of asphaltic pav-
ing materials (British, 1996). Furthermore, the dy-
namic creep test is used to evaluate the rutting 
potential of asphalt mixes (Brown et al., 2001). Axi-
al stress is repeatedly applied to a specimen at a 
specified temperature and the resultant axial strain is 
measured at intervals until the required number of 
load pulses has been applied. The resultant relation-
ship between axial strain and number of load appli-
cations is used to characterize resistance to perma-
nent deformation. 

The dynamic creep tests were performed in ac-
cordance with British Standard DD226:1996. In this 
test, a repeated dynamic load was applied over sev-
eral thousand repetitions, and the cumulative perma-
nent deformation, including the beginning of the ter-
tiary stage (defined as FN) as a function of the 
number of loading cycles over the test period, was 
recorded. Tests were carried out on cylindrical spec-
imens, 4 inches (100 mm) in diameter and 2.5 inches 
(63 mm) in height. A haft sine pulse load of 0.1 sec 
and 0.9 sec of resting time was applied. 

The results of this test, shown in Figure 2, 
demonstrate that the asphalt-granite mixture has a 
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superior permanent deformation resistance (lowest 
permanent deformation) when compared to the other 
mixtures. The permanent deformation of the asphalt-
limestone mixture is the highest and about two times 
higher than that of the asphalt-granite mixture. 
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Figure 2. Dynamic creep test results.  
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Figure 3. The fatigue life of specimens. 

3.5 Indirect tensile fatigue tests  

The indirect tensile fatigue test is generally used to 
assess the behavior of asphalt concrete mixtures un-
der repeated load fatigue testing with a constant load 
mode, using Indirect Tensile Test (ITT) (European 
2004). Indirect tensile fatigue tests were performed 
in accordance with European Standard EN12697-
24:2004 “Bituminous mixtures-Test methods for hot 
mix asphalt-Part 24: Resistance to fatigue”. 
  Based on the test results in this study (see Table 8 
and Figure 3), the fatigue life of the asphalt-
limestone mix is the highest fatigue life of 145 puls-
es while it is about 50 and 56 pulses for asphalt-
basalt and asphalt-granite mixtures, respectively.  

Table 8. Indirect tensile fatigue test results. 

Quantity Asphalt-
basalt mixes 

Asphalt-
granite mix-

es 

Asphalt-
limestone 

mixes 
No.1 (Pulses) 46 53 167 
No.2 (Pulses) 51 52 136 
No.3 (Pulses) 54 62 132 
Avg. (Pulses) 50 56 145 

4 DISCUSSION 

This research investigates the material performance 
of asphalt concretes made from three aggregates 
available in Thailand. The three aggregates are 
sourced from granite, basalt and limestone, which 
are commonly used in Thailand. Limestone aggre-
gate is abundant in many construction sites and thus 
normally used in practice. The samples were pre-
pared based on Marshall mix design method, which 
is the practical method in Thailand. The results show 
that the asphalt-granite mixture has the highest sta-
bility and stability to flow ratio whereas the asphalt-
basalt and asphalt-limestone mixtures have higher 
indirect tensile strength. Besides the indirect tensile 
strength, the asphalt-limestone mixture exhibits 
highest indirect tensile fatigue life of 145 pulses.  

Even with difference in stability and indirect ten-
sile strength among the three mixtures of different 
aggregates, the difference is insignificant in engi-
neering practice. The distinct difference in material 
performance among the three mixtures is permanent 
strain, indirect tensile fatigue life and resilient 
modulus. The asphalt-limestone mixture exhibits the 
highest average permanent strain of about 17000 mi-
crostrain while the asphalt-granite mixture exhibits 
the lowest average permanent strain of about 7000 
microstrain. However, this range of permanent strain 
is considered as low in practice. The asphalt-
limestone mixture shows the outstanding resilient 
modulus of 1642.1 MPa, which is approximately 
twice higher than that of asphalt-granite and asphalt-
basalt mix, as well as outstanding indirect tensile fa-
tigue life of 145 pulses, which is approximately 
three times higher than that of asphalt-granite and 
asphalt-basalt mix. 

Consequently, it is evident from this research that 
the limestone, abundant aggregates in Thailand ex-
hibits acceptable material performance when mixed 
with asphalt binder AC60-70. The stability and indi-
rect tensile strength are similar to those of asphalt-
granite and asphalt-basalt mixtures. The outstanding 
material performance of asphalt-limestone mixture is 
the resilient modulus and indirect tensile fatigue life.
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5 CONCLUSIONS 

This research investigates the material performance 
of asphalt concretes made from three available ag-
gregates in Thailand. The three aggregates are 
sourced from granite, basalt and limestone. The re-
sults show that the stability and indirect tensile 
strength among the three asphalt mixtures with dif-
ferent aggregates are insignificantly different and 
can be used in engineering practice. The distinct dif-
ference in material performance is permanent strain, 
indirect tensile fatigue life and resilient modulus. 
The asphalt-limestone mixture exhibits the highest 
average permanent strain while the asphalt-granite 
mix exhibits the lowest average permanent strain. 
The outstanding material performance of asphalt-
limestone mixture is found to be the resilient modu-
lus, which is approximately twice higher than that of 
asphalt-granite and asphalt-basalt mixes, as well as 
the indirect tensile fatigue life, which is approxi-
mately three times higher than that of asphalt-granite 
and asphalt-basalt mixes.  

To conclude, the material performance of asphalt-
limestone mixture, which is a typical pavement sur-
face material in Thailand, is comparable with the 
other available asphalt concretes. The outstanding 
resilient modulus and indirect tensile fatigue life of 
this material are evident. 
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ABSTRACT: In tropical regions, shallow landslides triggered by rainfall are commonly occurrence which 
causes damages in human lives and their properties nearby hazardous areas.  Generally, a key process that 
controls the complicated failure mechanisms is the infiltration of rain water into the soil slope. Therefore, 
Laboratory models were carefully conducted to study effect of rainfall intensity hided in ratio between 
rainfall intensity to saturated permeability of soil. The findings from laboratory models were used to prove 
the understanding of the changes in internal volumetric moisture content in shallow slope with high 
permeable homogenous soil. The results showed that the responses of internal volumetric moisture content 
to rainfall for high permeable soil can be divided into two stages. The first stage involves the movement 
downward of the wetting front. In this stage, the soil remains unsaturated condition. The second stage, the 
volumetric moisture content closes to saturated condition due to a rise of water table, when the wetting front 
arrive simulated bed rock.The effect of rainfall intensity can be found by comparing experiment results. The 
responses time to volumetric moisture content is significantly varied with the ratio between rainfall intensity 
to saturated permeability of soil. The high ratio between rainfall intensity to saturated permeability of soil 
can cause the response time of volumetric moisture content faster than the low ratio between rainfall 
intensity to saturated permeability of soil. Moreover, the change in second stage of the volumetric moisture 
content is shown in high depth due to the rise of water table is higher than the low ratio between rainfall 
intensity to saturated permeability of soil. 

1 INTRODUCTION 

In tropical regions, shallow landslides triggered by 
rainfall are commonly occurrence which causes 
damages in human lives and their properties nearby 
hazardous areas such as the landslide event at 
Uttaradit Province, Thailand in 2006 which caused 
75 fatalities and destroyed more than 445 
households. Typically, the shallow landslides in 
Thailand are mostly occurred by rain storm and the 
time of events are during rainfall period. These 
indicate that the infiltration of rainfall into soil slope 
is rapidly responded due to the soils in tropical forest 
in Thailand are coarse texture with high permeable. 

In general, the rainfall-induced landslides are 
widely known that relate to two hydraulic responses:  
i) the propagation of wetting front due to infiltration
of rainfall causes an increase in water content and a 
reduction in negative pore-water pressure (matric 
suction). As a result, the effective stress and stability 
of soil slope behind wetting front are successively 
deceased during infiltration (Fredlund and Rahardjo 
1993). As previous research works also suggested 
that landslides can be triggered by a propagation of 

wetting front including (Collins and Znidarcic, 2004; 
Kim, Jeong, Park, and Sharma, 2004; Ng, Wang, 
and Tung, 2001; H. Rahardjo, Rezaur, and Leong, 
2007); ii) the infiltration of rainfall causes an 
increase of ground water table and a rise of positive 
pore water pressure. The increase of ground water 
table exerts seepage force and adds weight to the 
slope, and eventually triggers the slope failure (Cho 
and Lee, 2002; Crosta and Frattini, 2003; Harianto 
Rahardjo, Nio, Leong, and Song, 2010; Soddu, 
Delitala, Sciabica, and Barrocu, 2003). These 
responses show the important role to trigger 
landslides which associate with the infiltration of 
rainfall into soil mass. In the first response, slope 
failures can be triggered when the metric suction 
behind the wetting front reduces to minimum value 
which occurs in condition as the rainfall intensity 
not less than the infiltration capacity of soil. When 
the wetting front moves to sufficient critical depth, 
slope failure will be occurred normally in the soils of 
low infiltration capacity. While the second response, 
slope failure normally in the soils of high infiltration 
capacity will be occurred due to the accumulation of 
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rainfall and subsurface flow along impermeable 
layers (i.e., initial water table and bed rock). 

According to the infiltration capacity of soil, the 
Hortonian mechanism ( Horton, 1933 ) is commonly 
used to describe runoff generation process in the 
control volume near-surface soil called infiltration 
excess. The mechanism explained that when rainfall 
intensity higher than the potential infiltration 
capacity, the surface runoff was generated by the 
excess rainfall, the actual infiltration capacity of soil 
exponentially decreased with time of rainfall period 
until the steady final infiltration capacity of soil. 
While rainfall intensity lowers than steady final 
infiltration capacity, the actual infiltration capacity 
equaled the rainfall intensity, and the surface runoff 
wasn’t generated in this condition.   In group of the 
physically-based model, the steady final infiltration 
capacity was suggested that approached the 
saturated permeability of soil (Green and Ampt, 
1911). In other words, the saturated permeability of 
soil can be used as a parameter that governs the 
characteristics of infiltration of rainfall into soil 
mass. The effect of saturated permeability of soil on 
hydraulic responses and instability of slope under 
rainfall conditions was shown by previous research 
works including (Cuomo and Della Sala, 2013; 
Pradel and Raad, 1993; Harianto Rahardjo et al., 
2010; H. Rahardjo et al., 2007; Rahimi, Rahardjo, 
and Leong, 2010; Zhan and Ng, 2004) 

Referring to shallow soil slope with high 
permeable, although the rainfall intensity normally 
not exceeds saturated permeability of soil, but 
landslides still pose significant threats to populations 
and structures due to their high velocities, long 
travel distance. Furthermore, the different 
mechanisms of mass movement will be occurred 
which depend on drainage conditions along 
impermeable layer(Cascini, Cuomo, Pastor, and 
Sorbino, 2010; Sorbino and Nicotera, 2013).These 
are similarly supported by several evidences from 
laboratory and full-scale tests including (Acharya, 
Cochrane, Davies, and Bowman, 2009; Ching-
Chuan, Yih-Jang, Lih-Kang, and Jin-Long, 2009; 
Huang, Lo, Jang, and Hwu, 2008; Huang and Yuin, 
2010; Lourenço, Sassa, and Fukuoka, 2006; 
Moriwaki et al., 2004; Okura, Kitahara, Ochiai, 
Sammori, and Kawanami, 2002; Sharma and 
Nakagawa, 2010; Take, Bolton, Wong, and Yeung, 
2004; Wang and Sassa, 2003).One predominant 
factor that may govern hydraulic responses, and 
subsequently failure mechanisms is couple between 
rainfall intensity and saturated permeability of soil. 
(Lee, Gofar, and Rahardjo, 2009)developed a simple 
model based on infinite slope to investigate the 
hydraulic responses of four typical soils under 

extreme rainfall conditions. They concluded that the 
ratio of rainfall intensity to saturated permeability 
plays an important role in determining the critical 
rainfall pattern for a soil slope. As (Li et al., 2013) 
performed infinite slope analysis to investigate the 
combined effect of the rainfall characteristics and 
saturated permeability. They concluded that the 
hydraulic responses to rainfall for homogenous 
infinite slope underlain by an impervious layer can 
be divided into two stages: 1) the propagation of 
wetting front, and 2) the rise of water table. Both the 
rainfall characteristics and saturated permeability 
were found to be predominant in controlling the 
hydraulic responses of soil, and hence the 
occurrence time, depth of failure plane, and type of 
surficial failures. However, the hydraulic responses 
in shallow slope especially for high saturated 
permeability soil are still more complicate and 
unclear. Due to the high permeable and boundary 
conditions, the couple between rainfall intensity and 
saturated permeability of soil not only effects during 
infiltration process but may also effects on variation 
of water table. Because of actual shallow soil slopes 
are normally finite slopes, the subsurface flow along 
impermeable layers could be dominant factor 
(Huang and Yuin, 2010; Li et al., 2013; Take et al., 
2004).This is some limitation of analytical and 
numerical method especially for infinite slope and 
one dimensional slope analysis. Besides, previous 
laboratory and full-scale tests that mostly focused on 
failure mechanisms were still insufficient to 
understanding the governing hydraulic responses. 

Therefore, the aims of this research are to study 
the couple effect between rainfall intensity and 
saturated permeability which focus on shallow slope 
with high permeable soil. The two-dimensional 
finite slope model is carefully performed in 
laboratory in order to improve the understanding of 
governing hydraulic responses. The results consists 
internal soil moisture response, water table 
generation, and subsurface flow that may cause of 
the different failure mechanisms. 

2 DETAILS OF LABORATORY MODEL 

Figure1 shows the overview of experiment flume 
that mainly consists in four components. The first 
part is steel flumes for rainfall simulator, embraced 
experiment box, supported experiment box, and 
supported chain pulley system. The experiment box 
embraced by steel frame and supported experiment 
box was joined by pinned support in order to enable 
expedient prescription of slope angle raised by chain 
pulley. 

:742:



2.1 Experiment box 

The detail of experiment box was shown in Figure2. 
The two-dimensional model in this investigation was 
designed by 1550 mm in length, 1000 mm in high 
and 200 mm in width. It was carefully designed in 
order to water leakages between the acrylic plates. 
The sides and base of the box were used 15 mm 
thick impervious acrylic plates in order to enable 
visual observation of the advancement of wetting 
front during rainfall infiltration process. One side of 
the box was drilled at distance from the slope toe of 
750 mm which drilled of 5 mm in diameter in order 
to install soil moisture sensors every 100 mm form 
soil surface. At bottom of the box, an acrylic plate 
was drilled in order to install piezometers. The holes 
were drilled of 9 mm in diameter at distances from 
the slope toe of 375 mm, 750 mm, and 1125 mm, 
respectively. In order to reduce entrapped air 
affecting to measured volumetric water 
content(Tohari, Nishigaki, and Komatsu, 2007), 
during infiltration until the wetting front touched the 
base of the box, the holes were drilled nearly 
piezometer holes to install 3 opening valves. 
Additionally, the down slope side was placed by 50 
mm highly permeable porous stone overlaid 
geotextile in order to let freely water outflow when 
soil approached saturation, and prevent the clogged 
soil in porous stone.  

2.2 Rainfall simulator 

A rainfall simulator was installed on the top of the 
box (Figure 1). The rainfall simulator system 
consisted of a 2000L water tank, a constant pressure 
pump, a pressure gauge, plastic pipes, small opening 
nozzles, and valves. The nozzles placed in plastic 
pipe with spacing of 600 mm and 900 mm which 
produced a variety of rainfall intensities in the range 
between 30 and 450 mm/hr. In each spaced of 
nozzles, the intensity of rainfall was linearly varied 
with a variety of outlet pressure pipe in range 
between 10 and45 lb/in2 controlled by an outlet 
valve. The uniformity and rainfall intensities were 
carefully calibrated by using 35 containers placed in 
a regular pattern on top of the box.  The calibrated 
results show that the coefficients of uniformity (��)  
in the range of all rainfall intensity ranged between 
90% and 99% which indicating that appropriate 
uniformity was achieved in the tests. �� was 
explained by(Hall, Johnston, and Wheather, 
1989)as: 
 

�� � 1 �
∑ ��
	
�
� ��

∑ ��
	
�
�

 (1) 

 

�� measured rainfall intensity for cup No. � 
�� average rainfall intensity for all cups 
� total number of cups 

 

Figure 1. General schematic diagram of the physical slope mode.l
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(a) 

 

(b) 

Figure 2. Details of experiment box. (a) the detail of acrylic 
box for side view, (b) the detail of acrylic box for top view. 

2.3 Measurement devices  

To observe the changes of volumetric water 
content ��� )throughout experiment, five soil 
moisture sensors(Decagon, 5TE) were installed in 
one side of the box at the middle profile of slope in 
each 100 mm of soil depth. These moisture sensors 
measured��

�  of the soil garnered in data logger 
(EM50) by detecting the soil dielectric constant 
based on the change of the voltages as detected by 
the sensor. 

Prior to the test, the output of ��
� from sensors 

were calibrated against calculated soil moisture 
changes using a 150 mm in diameter plastic tube by 
impaling the moisture sensors in the tube filled with 
compacted soil used in this study which known dry 
density of soil(�� ) and gravimetric water 
content(�) while calculation of ��expressed by: 

 

�� � �
��

��
 (2) 

 

 

 

� gravimetric water content (%)   
�� dry unit weight of soil(varying between 

16and 17kN/m3) 
�� unit weight of water(=9.8 kN/m3) 
 

The results show the relationship between �� 
and � of soil sample from sensors and calculated 
value respectively which show that the relationship 
of the output from sensors not equal to 
calculated�� . Therefore, the output of ��  from 
sensors must be adjusted to obtain the correct 
values. 

 
�� � 1.116��

� � 0.010          (3) 
 

In order to investigate of the water table during 
an experiment, the open piezometers of 8 mm in 
diameter were installed in the box and transferred 
from central of bottom width to side of steel frame 
in order to an enable visual observation and 
measurement the changes of  water table recorded 
every 5 min after water table generation. Before 
impaled piezometers, the small geotextile sheets 
were attached at top of the holes in order to prevent 
flow of soil mass. In addition, the subsurface flow 
and surface runoff were measured by using 2000ml 
standard cylinders every 5 min after water run out 
generation. 

 

3 SOIL PROPERTIES 

Laboratory model slopes were constructed by using 
a locally available soil classified as poorly-graded 
sand (SP) based on the Unified Soil Classification 
System (ASTM D2487). The grain size distribution 
curve as shown in Figure3 and the specific gravity 
of the soil were determined following the procedure 
in ASTM D 422-63(ASTM 1997a) and ASTM D 
854-02(ASTM 1997b), respectively. Besides, the 
saturated permeability of the soil was determined by 
constant head laboratory test following in ASTM 
D2434 while soil-water characteristic (SWCC) of 
the soil as shown in Figure4 was determined by the 
pressure plate method following in ASTM D 6836-
02(ASTM 2008). Finally, the physical and 
hydraulic properties are summarized in table 1. 
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Figure 3.Grain size distribution of soil used in this study. 

Figure 4.Soil-water characteristic (SWCC) of soil used in this 
study. 

Table 1.Physical and hydraulic properties of soil used in this 
study. 
Unified soil classification system  SP 
Specific gravity, Gs  2.63 
Grain size distribution 
 D60 (mm)  0.40 
 D30 (mm)  0.26 
 D10 (mm)  0.17 

Coefficient of uniformity, Cu  2.35 
Coefficient of curvature, Cc  1.00 
Dry density, ρd (kN/m3)  16.87 
Coefficient of permeability at saturation, ks (m/s)    1.56E-04 

4 EXPERIMENTAL PROCEDURE  

4.1 Placement of the soil inside the experiment box 

The placement of the soil inside the box is very 
important in order to achieve homogenous soil 
slopes. The large amount of the soil were firstly 
prepared by air-drying and flipping at 14 days until 
the soil was uniformly obtained water content as 3 
% gravimetric which corresponded to residual water 

content of SWCC of the soil as shown in Figure 4. 
After wards, the soil is carefully compacted inside 
the box divided into 10 horizontal layers which 
each layer had a thickness of 60 mm. The weight of 
each layer was controlled in order to obtain a dry 
unit weight of 16.87 kN/m3 and void ratio of 0.67.  
During this process, the soil moisture sensors were 
carefully installed in the holes. 

4.2 Experimental programs 

The two dimensional model was designed in order 
to investigate the effect of rainfall intensity on 
hydraulic responses in shallow slope with highly 
permeable soil that included internal soil moisture, 
water table, subsurface flow and water storage 
capacity. The experimental program was closely 
shown in table 2 that comprised three experiments 
with varying in rainfall intensities. The rainfall 
intensity in each experiment was judiciously 
prescribed in the range lower than saturated 
permeability of the soil including 40, 80, 120 
mm/hr, respectively. As a result, the ratio of rainfall 
intensity and saturated permeability in each 
experiment were ranged less than 1.00. All of 
experiments, the slope angle was permanently set as 
20o, and the average initial volumetric water content 
(���) narrowly varied in the range of 0.40 to 0.50, 
while the duration of rainfall was prescribed at 8 
hours shown in table 2 

Table 2.Experimental programs designed in this study. 

Experiment Soil used α ρ �  !"#⁄  
No.   (degrees) (kN/m3) 

1 Fine sand 20 16.87 0.0722 

2 Fine sand 20 16.87 0.144 

3 Fine sand 20 16.87 0.216 

5 RESULTS AND DISSCUSSIONS 

The responses of volumetric moisture contents 
measured during experiments are shown in Figure5. 
All of experiments were only recorded at the middle 
profile of slope according to the reason by (Lee et 
al., 2011). The moisture sensors were located at 
different depth from soil surface. The sensors B1, 
B2, B3, B4 and B5 represent the volumetric 
moisture contents at 100 mm, 200 mm, 300 mm, 
400 mm, and 500 mm from soil surface, 
respectively. 

Figure5(a) shows the changes in volumetric 
moisture content with time for ratio between rainfall 
intensity to saturated permeability of soil equal to 
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0.072 ( �  !"#⁄ =0.072). The initial volumetric 
moisture contents of soil are well distributed 
between 0.041 to 0.045 or 0.3% to 1.5% calculated 
degree of saturation. After rainfall start, a sensor B1 
located at 100 mm near-soil surface is first 
responded by propagation of wetting front. The 
wetting front moves downward through a sensor 
during rainfall at the beginning time of about 30 
min. The changes in volumetric moisture content 
are rapidly increased during few minutes from 
initial moisture content to steady volumetric 
moisture content of about 0.225 or 56% calculated 
degree of saturation of the soil. When wetting front 
moves downward at 200 mm and 300 mm of soil 
surface, moisture sensors B2 and B3 are responded 
at beginning time of about 60 and 90 min, 
respectively. While volumetric moisture content is 
constantly throughout the experiment in value of 
about 0.225 which close to volumetric moisture 
content of B1.  

The different responses of volumetric water 
content are shown by moisture sensors B4 and B5 
located at 400 mm and 500 mm from soil surface, 
respectively. The changes in volumetric moisture 
content are interestingly shown in two stages. For 
moisture sensors B4 and B5, the volumetric 
moisture content is increased at beginning time of 
about 120 and 150 min, respectively which close to 
steady volumetric moisture content of about 0.225 
in the first stage.  After the wetting front moves 
though moisture sensor B5 located nearly simulated 
bed rock, the water table is successively generated 
when the wetting front arrive bed rock, and hence 
the response of moisture sensor B5in second stage 
is first responded at beginning time of about 180 
min, the volumetric moisture content is successively 
increased from 0.225 to 0.360 or 97% calculated 
degree of saturation which close to the volumetric 
moisture content at saturated conditions of soil. 
After that, the moisture sensor B4 is responded at 
beginning time of about 190 min when the water 
table is rising beyond a moisture sensor B5. The 
volumetric moisture content is increased from 0.225 
to 0.33 or 88% degree of saturation of soil.  

To show clearly in two stages of  volumetric 
moisture content, Figure6(a) plots the changes in 
volumetric moisture content with soil depth at given 
time of rainfall for ratio between rainfall intensity to 
saturated permeability of soil equal to 0.072. The 
result shows that the changes in volumetric 
moisture content directly relate with hydraulic 
responses to soil slope: 1) the downward movement 
of the wetting front, and 2) the rise of water table.  
For the first stage, the volumetric moisture content 
increases from initial moisture content of 0.040 

(���=0.040) to volumetric moisture content behind 
the wetting front of 0.225(��%=0.225)  
 

 

 (a) 

 

(b) 

 

       (c) 

Figure 5.The changes in measured volumetric moisture 
content with time of rainfall (a) �  !"#⁄ =0.0722, (b) 
�  !"#⁄ =0.144, (c) �  !"#⁄ =0.216. 
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(a) 

 

(b) 

 

(c) 

Figure 6.The changes in measured volumetric moisture 
content with soil depth as given time of rainfall (a) 
�  !"#⁄ =0.0722, (b) �  !"#⁄ =0.144, (c) �  !"#⁄ =0.216. 

 

 

which remains unsaturated condition. For the 
second stage, the volumetric moisture content 
increases from volumetric moisture content behind 
the wetting front to volumetric moisture content of 
0.35(��=0.35) which close to saturated condition. 

Comparing with ratio between rainfall intensity 
to saturated permeability of soil equal to 
0.144(�  !"#⁄ =0.144), Figure 5(b) and Figure 6(b) 
show the changes in volumetric moisture content 
with time and soil depth, respectively. The results 
show the change in two stages of the volumetric 
moisture content. However, the response time to 
moisture sensors is faster than the results for ratio 
between rainfall intensity to saturated permeability 
of soil equal to 0.072. Moreover, the change in 
second stage of the volumetric moisture content is 
shown high depth due to the rise of water table is 
higher than ratio between rainfall intensity to 
saturated permeability of soil equal to 0.072. As the 
results for ratio between rainfall intensity to 
saturated permeability of soil equal to 0.216(Figure 
5(c) and Figure 6(c)), the response time to moisture 
sensors is fastest responded, while the change in 
second stage of the volumetric moisture content is 
also shown highest depth.    
 

6 CONCLUSIONS 

Laboratory models were carefully conducted to 
study effect of rainfall intensity hided in ratio 
between rainfall intensity to saturated permeability 
of soil. The findings from laboratory models were 
used to prove the understanding of the changes in 
internal volumetric moisture content in shallow 
slope with high permeable homogenous soil. The 
results from this research can be concluded that: 

1) The responses of internal volumetric moisture 
content to rainfall for high permeable soil can be 
divided into two stages. The first stage involves the 
movement downward of the wetting front. In this 
stage, the soil remains unsaturated condition. The 
second stage, the volumetric moisture content 
closes to saturated condition due to a rise of water 
table, when the wetting front arrive simulated bed 
rock.  

2) The effect of rainfall intensity hided in ratio 
between rainfall intensity to saturated permeability 
of soil can be found by comparing experiment 
results. The responses time to volumetric moisture 
content is significantly varied with the ratio 
between rainfall intensity to saturated permeability 
of soil. The higher ratio between rainfall intensity to 
saturated permeability of soil can cause the 
response time of volumetric moisture content faster 
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than the lower ratio between rainfall intensity to 
saturated permeability of soil. Moreover, the change 
in second stage of the volumetric moisture content 
is shown high depth due to the rise of water table is 
higher than the lower ratio between rainfall 
intensity to saturated permeability of soil. 
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1 INTRODUCTION 

Soil compaction is an essential step in construction 
process and is performed in most - if not all civil en-
gineering projects. It is mainly a procedure to densi-
fy the soil when the voids are displaced by soil 
grain. Additionally, compaction will pack the soil 
particles closer together and thus reducing the vol-
ume of the air in soil fabric. The compaction has a 
direct effect on soil physical properties. It will de-
crease its compressibility and thus reduces settle-
ment, Craig (1987).  It also decreases the permeabil-
ity and increases the soil strength, Sriharan and 
Gurtug (2004).  
Many investigators studied the different physical 
properties of compacted clay such as shear strength, 
swelling, anisotropy, stiffness and permeability at 
various initial conditions. Cokca and Tilgen (2010) 
studied the relation between soil suction and shear 
strength of compacted Ankara clay at different mois-
ture contents. They concluded in their research that 
the shear strength of compacted clay increased as the 
soil suction increased.  Vanapalli et al (1996) con-
ducted research on shear strength of compacted gla-
cial till at different water content. They revealed that 
the compacted soils at different water content and 
different densities should be considered as different 
soil from the soil mechanics behavior point of view 
even though they have same mineralogy, plasticity 
and texture.  Shear anisotropy of compacted clay 

were also investigated by many researchers. A re-
cent study by Rowshanzamir and Askari (2010) was 
conducted to evaluate the shear anisotropy of com-
pacted clay. They prepared samples in a large cubic 
and then extracted the samples from the cube paral-
lel and perpendicular to the direction of compaction. 
The anisotropy was observed in all tested samples 
and unconfined shear strength in the compacting di-
rection may reach as high as 1.23 greater than per-
pendicular to the compaction direction.  Attom and 
Al-Akhras (2008) investigated the shear strength an-
isotropy of over-consolidated clay. It was found that 
the unconfined compressive strength is greater in the 
vertical direction than the horizontal direction. 
Ghosh (2013) studied the effect of moisture content 
on the undrained shear strength of compacted clay. 
He found that there is a reduction in shear strength 
as the water content increased. Chen and Ng (2013) 
investigated the effect of wetting-drying cycle on 
hydro-mechanical behavior of unsaturated compact-
ed clay. It was found that a smaller pre-consolidation 
stress value will be observed due to wetting-drying 
cycle. Fazekas and Horn (2005) indicated that the 
precompression stress in laterally confined earth fill 
platy structure is greater than in horizontally sample 
soils. Rahardjo et al (2011) investigated the young’s 
moduli of compacted clay. They found that the in-
crease in normal stress and matric suctions will in-
crease the young’s modulus of the soil 
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The main objective of this research is to study the 
shear strength behavior of compacted clay at differ-
ent initial water content and compaction levels. 
Shear strength parameters mainly; the angle of inter-
nal friction and the cohesion of remolded samples 
will be determined using Direct shear test ASTM 
D3080 Standard procedures. The samples were pre-
pared in the standard direct shear box. 

2 LABORATORY TESTING PROGRAM 

2.1 Soil physical properties 

Two types of clayey soils were selected and the ini-
tial physical properties such as Atterberg’s limits, 
gradation, specific gravity and maximum dry density 
and optimum moisture content have been deter-
mined in accordance with ASTM standard proce-
dures. Other physical properties such as shear 
strength parameters mainly angle of internal friction 
and cohesion have been determined using direct 
shear test on samples remolded at 95% relative 
compaction and optimum moisture content. Standard 
proctor density test was used in determining the 
maximum dry density and optimum moisture con-
tent. Table 1 shows the physical properties of the 
soils used in this research. 

Table 1.  Physical properties of the used soils. 

Setting Soil 1 Soil 2 

Plastic limit (%) 25 18 

Liquid Limit (%) 71 37 

Plastic Index (%)  46 19 
Clay (%)  62 48 

Silt (%)  27 33 

Sand (%) 15 19 

Optimum Moisture Content (%) 38 22 

Maximum Dry Density (kN/m3) 12.3 13.7 

Gs 2.67 2.67 

Angle of internal friction  18 23 

Cohesion (kN/m2) 29 17 

2.2 Sample preparation 

Samples from the two clayey soils were prepared in 
the standard proctor density test mold at three side of 
the optimum. The compaction levels were obtained 
by applying three different energy levels on the soil 
in the compaction mold. For the first set the soil was 
compacted in 3 layers at 25 blows each layer with a 
hammer mass equal to 2.49 kg falls from 30.48 cm. 
The second set was compacted as the first set but 
with five layers. For the third set, the soil was com-
pacted at 5 layers at 25 blows and hammer weight 
equal to 4.54 kg falling from 45.72 cm. The energy 
levels applied for the first, second, and third set 

equal to 592.7 kJ/m3, 987.8 kJ/m3, and 2693.8 kJ/m3, 
respectively. The energy level is obtained by the fol-
lowing equation 

Compaction effort = (W*N1*N2*H)/V  (1) 

Where: 
W = weight of the hammer 
N1 = number of layers 
N2 = Number of blow 
H = height of the drop 
V = volume of the mold 

Figure 1 shows the dry side, optimum and the wet 
side of the optimum where the samples have been 
chosen. Then specimens for the test were obtained 
by inserting the standard shearing box inside the 
compacted soil in the mold. The samples were care-
fully sealed with a plastic bag to prevent any mois-
ture loss.   Then standard direct shear was conducted 
directly on the extracted specimens. The data ob-
tained from the direct shear test was analyzed to ob-
tain the shear strength parameters of the tested soil.  

For each direct shear test, three identical samples 
were obtained from the mold and tested under three 
different normal loads. The normal loads produced 
three different stress levels mainly 27.5 kPa, 55kPa 
and 110 kPa respectively. The shearing stress for 
each sample under the normal load was obtained. 
This obtain shearing stress was plotted against nor-
mal load in order to determine the angle of internal 
friction of the soil. The cohesion was obtained by 
extending the Mohr failure envelope line to intersect 
the vertical axis (shearing stress). The intersection 
between the line and shearing stress axis is defined 
as the cohesion of the soil.     

Figure 1. Soil compaction curve
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Figure 1. Soil compaction curve. 
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3 DISCUSIOIN OF THE RESULTS 

3.1 The effect of compaction effort on the angle of 
internal friction  

As mentioned earlier, all soil specimens were tested 
at three levels of compaction and three levels of ini-
tial water content. Figures 2 and 3 show the effect of 
compaction effort on the angle of internal friction of 
the compacted clay at the three water content levels 
for soil 1 and soil 2, respectively.  

It is clear that the increase in the compaction ef-
fort will increase the angle of internal when the soil 
initial water content is below the optimum moisture 
content.  This increase will be higher if the soil wa-
ter content at the optimum. This will conclude that 
for the same compaction effort and the increase in 
the angle of internal friction is higher when the soil 
at the optimum water content. However, it was ob-
served that soil angle of internal friction will not be 
affected by compaction effort when the water con-
tent is above the optimum.  Figure 2 and Figure 3 al-
so showed that the increase in the compaction effort 
has a small or no effect on the angle of internal fric-
tion of soil 1 and soil 2, respectively. 

3.2 The effect of compaction effort on the cohesion 
of the soil 

Figures 4 and 5 depict the cohesion behavior of 
compacted clay under different compaction effort. 
Figure 4 depict the effect of compaction on the co-
hesion of soil 1 while Figure 5 shows the effect of 
compaction level on the cohesion of soil 2. It is clear 
from these two figures that the energy level has a 
significant effect on the behavior of cohesion of the 
compacted clay. The cohesion increased by increas-
ing the level of compaction for soil 1 and soil 2 if 
the water content is below or at the optimum water 
content. 
 

 

 

 
Figure 2 . The effect of compaction effort on the angle of 
                  internal friction for soil1
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Figure 3 . The effect of compaction level on the angle of  
                 internal friction for soil2
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Figure 4 . The effect of compaction level on the 
                 cohesion for soil1
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Figure 5 . The effect of compaction level on the
                  cohesion for soil2
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Figure 2. The effect of compaction on the angle of internal 
friction for soill. 

Figure 4. The effect of compaction level on the cohesion for 
soil1. 

Figure 5. The effect of compaction level on the cohesion for 
soil2. 

Figure 3. The effect of compaction level on the angle of inter-
nal friction for soil2. 
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The cohesion will decrease by increasing level of 
compaction. This can be explained by as the level of 
compaction increase at the dry side, more soil will 
enter the voids and the dry density increased in the 
flocculated conditions. This will result in increasing 
the cohesion of the soil. On the other hand the com-
paction on the wet side will force the water to leave 
the soil and subsequently the contact between the 
soil particles will become weaker. The soil in the 
wet side is in dispersing condition. The expelled wa-
ter by compaction will make the soil even weaker. 
  

3.3 The effect of compaction on the shear strength 
of the soil 

According to Mohr’s rapture theory the shear 
strength of the soil can be measured by  
 

φστ tan+c=f  (2) 
 
Where: c = cohesion; σ: normal stress; ϕ = angle of 
internal friction. 

 
Figures 6 - 8 summarize the effect of compaction 

level on shear strength of soil 1 and 2 respectively. 
The shear strength were calculated from the results 
in Figures 2 and 4 for soil 1 and Figures 3 and 5 for 
soil 2.  

It is clear from these three figures that initial wa-
ter content has significant effects in the compaction 
procedures. The shear strength increases by increas-
ing the compaction effort if the initial water content 
is below or at the optimum. This result is very clear 
in Figures 6 and 7. Soil 1 and soil 2 showed higher 
shear strength with compaction at water content 
equal or less the optimum. The highest increase in 
the shear strength were observed at the optimum 
moisture content. 

However, Figure 8 shows different results. The 
increase in the compaction will decrease the shear 
strength if the initial water content is above the op-
timum. The soil tends to reduce its shear strength if 
compacted with initial water content above the op-
timum. The compaction above the optimum will 
disperse the soil further and the soil particles will 
loose its interlocking and cohesion and thus will be 
sheared easily. 

 

 

 

Figure 6 . The effect of compaction level on shear strength for 
                 soil1 and soil2 at the dry side of the optimum
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Figure 8. The effect of compaction level on shear strength for
                soil1 and soil2 at the  wet side of the optimum
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Figure 6. The effect of compaction level on shear strength for 
soil1 and soil2 at the dry side of the optimum. 

Figure 7 . The effect of compaction level on shear strength for 
                  soil1 and soil2 at the  optimum water content
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Figure 8. The effect of compaction level on shear strength for 
soil1 and soil2 at the wet side of the optimum. 

Figure 7. The effect of compaction level on shear strength for 
soil1 and soil2 at optimum water content. 
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4 CONCLUSION 

Based on the direct shear test results on two types of 
soil in evaluating shear stress of compacted clay 
prepared at different initial water content, the fol-
lowing conclusion may be drawn out: 

 
• The shear strength of the compacted clayey 

was significantly affected by the initial water 
content. 

• Increase the compaction will increase shear 
strength parameters mainly angle of internal 
friction and cohesion increased for both soils 
if the water content at below or at the opti-
mum moisture content. 

• The compaction effort has no effect or may 
decrease the shear strength parameters when 
the initial water content is above the opti-
mum.   
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